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EARTHQUAKE ENGINEERING TO EXTREME EVENTS

MCEER is a national center of excellence dedicated to establishing disaster-resilient communities
through the application of multidisciplinary, multi-bazard research. Headquartered at the University at
Buffalo, State University of New York, the Center was originally established by the National Science
Foundation (NSF) in 19806, as the National Center for Earthquake Engineering Research (NCEER).

Comprising a consortium of researchers from numerous disciplines and institutions throughout the
United States, the Center’s mission bas expanded from its original focus on earthquake engineering to
addpress a variety of other bazards, both natural and man-made, and their impact on critical infrastructure
and facilities. The Center’s goal is to reduce losses through research and the application of advanced
technologies that improve engineering, pre-event planning and post-event recovery strategies. Toward this
end, the Center coordinates a nationwide program of multidisciplinary team research, education and
outreach activities.

Funded principally by NSE the State of New York and the Federal Highway Administration (FHWA), the
Center derives additional support from the Department of Homeland Security (DHS)/Federal Emergency
Management Agency (FEMA), other state governments, academic institutions, foreign governments and
Pprivate industry.

This report was prepared by MCEER through a contract from the Federal Highway Administration.
Neither MCEER, associates of MCEER, its sponsors, nor any person acting on their behalf makes any
warranty, express or implied, with respect to the use of any information, apparatus, method, or process
disclosed in this report or that such use may not infringe upon privately owned rights; or assumes any
liabilities of whatsoever kind with respect to the use of, or the damage resulting from the use of, any
information, apparatus, method, or process disclosed in this report.

The material herein is based upon work supported in whole or in part by the Federal Highway
Administration, New York State and other sponsors. Opinions, findings, conclusions or recommendations
expressed in this publication do not necessarily reflect the views of these sponsors or the Research
Foundation of the State of New York.



U.S. Department of Transportation
(‘ Federal Highway
@ Administration

EARTHOUAKE ENGINEERING TO EXTREME EVENTS

Seismic Retrofitting Manual for Highway Structures:
Part 1 - Bridges

by

[an G. Buckle! (Lead Author), Ian Friedland? John Mander?,
Geoffrey Martin*, Richard Nutt’ and Maurice Power®

Publication Date: December 1, 2006

Technical Report MCEER-06-SP10

Task Number 106-G-2.2

FHWA Contract Number DTFH61-92-C-00106
Contract Officer’s Technical Representatives: James Cooper, P.E. HRDI-03,
Wen-huei (Phillip) Yen, P.E., Ph.D., HRDI-07,
John O’Fallon, P.E. HRDI-07,
Federal Highway Administration

1 Center for Civil Engineering Earthquake Research, Department of Civil Engineering,
University of Nevada-Reno

2 Federal Highway Administration; formerly Multidisciplinary Center for Earthquake
Engineering Research, University at Buffalo, State University of New York

3 Department of Civil Engineering, University of Canterbury; formerly Department of
Civil, Structural and Environmental Engineering, University at Buffalo, State Uni-
versity of New York

4 Department of Civil Engineering, University of Southern California

5 Structural Engineer Consultant, Orangevale, California

6 Geomatrix Consultants, Inc.

MCEER

University at Buffalo, The State University of New York
Red Jacket Quadrangle, Buffalo, NY 14261

Phone: (716) 645-3391; Fax (716) 645-3399

E-mail: mceer @buffalo.edu; WWW Site: http://mceer.buffalo.edu







PREFACE

This report is a major revision of the Federal Highway Administration publication ‘Seismic
Retrofitting Manual for Highway Bridges,” which was published ten years ago in 1995 as report
FHWA/RD-94-052. This edition expands the coverage of the previous publication by including
procedures for evaluating and retrofitting retaining structures, slopes, tunnels, culverts, and
pavements, in addition to bridges. It is published in two parts as follows:

Part 1: Bridges
Part 2: Retaining Structures, Slopes, Tunnels, Culverts, and Pavements

Whereas Part 1 maintains the basic format of the retrofitting process described in the 1995
report, major changes have been made in this revision to include current advances in earthquake
engineering, field experience with retrofitting highway bridges, and the performance of bridges
in recent earthquakes in California and elsewhere. It is the result of several years of research with
contributions from a multidisciplinary team of researchers and practitioners.

In particular, a performance-based retrofit philosophy is introduced similar to that used for the
performance-based design of new buildings and bridges. Performance criteria are given for two
earthquake ground motions with different return periods, 100 and 1000 years. A higher level of
performance is required for the event with the shorter return period (the lower level earthquake
ground motion) than for the longer return period (the upper level earthquake ground motion).
Criteria are recommended according to bridge importance and anticipated service life, with more
rigorous performance being required for important, relatively new bridges, and a lesser level for
standard bridges nearing the end of their useful life.

Minimum recommendations are made for screening, evaluation and retrofitting according to an
assigned Seismic Retrofit Category. Bridges in Category A need not be retrofitted whereas those
in Category B may be assessed without a detailed evaluation, provided certain requirements are
satisfied. Bridges in Categories C and D require more rigorous evaluation and retrofitting, as
required. Various retrofit strategies are described and a range of related retrofit measures
explained in detail, including restrainers, seat extensions, column jackets, footing overlays, and
soil remediation.

This manual comprises 11 chapters and six appendices as follows:

Chapter 1 gives a complete overview of the retrofitting process including the philosophy of
performance-based retrofitting, the characterization of the seismic and geotechnical hazards, the
assignment of the Seismic Retrofit Category, and summaries of recommended screening

methods, evaluation tools, and retrofit strategies. Topics in this chapter are described in greater
detail in the following 10 chapters.

Chapters 2 and 3 describe the characterization of the seismic and geotechnical hazards.
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Chapter 4 presents two screening and prioritization methods, with examples of each method.

Chapters 5, 6 and 7 describe six evaluation methods, of increasing rigor, for the detailed
assessment of demand and capacity, using either a component-by-component approach, or a
system approach for a complete bridge.

Chapters 8, 9, 10 and 11 describe retrofitting measures for bearings, seats, columns, piers, cap
beams, column-to-cap joints, abutments, and foundations. Remedial techniques for hazardous
sites are also addressed.

Appendices A through D provide supplementary material on conducting site-specific
geotechnical investigations, the evaluation of geotechnical hazards, fragility curve theory, and
the calculation of capacity/demand ratios for bridge components.

Appendices E and F present two examples illustrating the application of the component
capacity/demand method (Method C) to multi-span concrete and steel highway bridges,
respectively.

A glossary and lists of abbreviations, symbols, and references are also included.

It is noted that this manual was developed while the U.S. Department of Transportation was
transitioning to metric units. As a consequence, example problems are presented in SI units.
Future editions may however use Customary U.S. Units to reflect the current movement in many
State DOTs back to customary units.
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CHAPTER 1: SEISMIC RETROFITTING OF HIGHWAY BRIDGES

Sp1 =

Seismic demand or force.

Longitudinal seismic demand or force.

Transverse seismic demand or force.

Site factor in short-period range of design spectrum.

Site factor in long-period range of design spectrum.

Average Standard Penetration Test (SPT) blowcount.

Priority index.

Plasticity index.

Bridge rank.

Spectral acceleration at 1.0 sec period for reference site (Site Class B).

Spectral acceleration at 1.0 sec period including site effects.
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Spectral acceleration at 0.2 sec period including site effects.
Spectral acceleration at 0.2 sec period for reference site (Site Class B).

Average undrained shear strength.
Average shear wave velocity for the upper 30 m (100 ft) of the soil profile.
Weight.

Moisture content.

CHAPTER 2: SEISMIC GROUND MOTION HAZARD
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Viscous damping ratio.

Effective viscous damping ratio.

Annual frequency of occurrence.

Total thickness of cohesive soil layers in the top 30 m (100 ft).
Thickness of a layer between 0 and 30 m (0 and 100 ft).

Total thickness of cohesionless soil layers in the top 30 m (100 ft).
Site factor in short-period range of design spectrum.

Site factor in long-period range of design spectrum.

Soil layer (ranges from 1 to n).

Number of cohesionless soil layers in the top 30 m (100 ft).

Average Standard Penetration Test (SPT) blowcount (blows/0.30m or blows/ft).
Blowcount for a cohesionless soil layer.

Standard penetration test blowcount of a layer.

Probability of exceedance.

Plasticity index.

Spectral acceleration at 1.0 sec period for reference site (Site Class B).
Spectral acceleration at 1.0 sec period including site effects.

Spectral acceleration at 0.2 sec period including site effects.

Spectral acceleration at 0.2 sec period for reference site (Site Class B).

Average undrained shear strength.

Undrained shear strength for a cohesive soil layer.
Period of vibration.

Lifetime of bridge.
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Vsi = Shear wave velocity of i layer of soil.

Vs = Average shear wave velocity for the upper 30 m (100 ft) of the soil profile.

Moisture content.

£
I

CHAPTER 4: SEISMIC RATING METHODS FOR SCREENING AND PRIORITIZATION

o = Angle of skew.

A; = Modified median fragility curve parameter.

a = Median spectral acceleration (at 1.0 sec period).

B = Width of deck.

Bioss = Direct economic loss due to structural damage to a bridge.

bmax = Maximum transverse column dimension.

F = Framing factor.

H = Height.

Hioss = Indirect economic loss due to loss of life, injuries, business disruption, traffic
congestion, and denied access.

Kohape = Factor relating to the shape of the design acceleration spectrum.

Kegew = Fragility modification factor to account for bridge skew.

L = Length of bridge deck

L = Available support length for superstructure

L. = Effective column length.

N = Minimum recommended support length.

n = Number of spans in bridge.

np = Number of piers.

P = Priority index.

Pr = Total number of points to be deducted from Q for factors known to reduce
susceptibility to shear failure.

P = Amount of main reinforcing steel expressed as a percent of the column cross-
sectional area.

Q = Factor used to determine column vulnerability rating (equation 4-5b)

R = Bridge rank.

RCR; = Repair cost ratio for the i damage state.

RCRt = Total repair cost ratio.

S = Site factor.
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Spi = Spectral acceleration at 1.0 sec period including site effects (seismic coefficient).

Tross = Total monetary loss to the economy.

U = Replacement cost of the bridge.

\% = Bridge vulnerability rating.

Vi = Vulnerability to collapse or loss of access due to longitudinal movement.
Vr = Vulnerability to collapse or loss of access due to transverse movement.

CHAPTER 5: EVALUATION METHODS FOR EXISTING BRIDGES

o = Angle of skew.
= Displacement of superstructure.
Amax = Maximum displacement.
Nopax = Displacement limit state.
Ay = Yield displacement.
u = Displacement ductility factor.
Eetr = Effective viscous damping ratio.
o) = Total area ratio of longitudinal reinforcement.
(0] = Capacity reduction factor.
® = Angular frequency.
2Qnsi = Sum of the displacement or force demands on a component from non-seismic
loads.
A, = Gross area of the column section.
B = Width.
Br = Damping factor used in the long-period range of the spectrum.
Bs = Damping factor used in the short-period range of the spectrum.
Ce = Capacity coefficient.
Cq = Seismic demand coefficeint.
D = Smallest column dimension or diameter.
D, = Pile dimension about the weak axis of bending.

= Total horizontal force acting on the bridge.

F, = Yield force.
f'e = Compressive strength of concrete.
g = Acceleration due to gravity.
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H = Height.

K = Lateral stiffness of the bridge.

ki = Elastic stiffness in direction considered, transverse or longitudinal.

ko = Equivalent post-yield stiffness in direction considered, transverse or longitudinal.

L = Total length of bridge

L = Distance between expansion joints.

M/V = Shear span length of an equivalent cantilever member where M is the end moment
and V is the shear force.

M, = Nominal column yield moment.

N = Minimum seat width.

No = Available seat width at an abutment or pier cap.

= Axial load.

P, = Axial capacity of a steel column or timber pile member in compression.

P. = Axial load on the bridge column including both gravity and seismic effects.

Pe = Equivalent uniform static seismic loading per unit length of bridge.

Po = Uniform load.

Py = Axial capacity at yield of a steel column/pile member.

Qe = Displacement or force demand for the earthquake loading under consideration.

R = Ratio of elastic force demand to lateral capacity of pier.

Rc = Nominal ultimate displacement or force capacity of the structural component
being evaluated.

Sa = Spectral acceleration.

Sq = Spectral displacement.

T = Period, or wall thickness or the smallest cross-sectional dimension.

VsMAX = Maximum value of static displacement vy(x).

Vv = Lateral strength capacity at zero displacement.

w = Weight.

W = Seismic weight per column.

w(x) = Unfactored dead load of the bridge superstructure and tributary substructure.

CHAPTER 6: GEOTECHNICAL MODELING AND CAPACITY ASSESSMENT

Y = Weight density of soil.
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Total unit weight of soil.

Unit weight of water.

Axial displacement of the pile head due to compression of the pile under axial

load but neglecting the surrounding soil.
Characteristic length of a pile defined by (EIp/ES)O‘ZS.
Poisson’s ratio.

Effective vertical stress.

Internal friction angle of a soil.

Axial rigidity of pile.

Footing width.

Compressive strength of a soil.

Pile diameter.

Gap width.

Depth of sample.

Depth of water level.

Modulus of elasticity.

Flexural stiffness of pile.

Subgrade modulus of the soil.

Stiffness embedment factor (table 6-2).

Factor of safety.

Coefficient of variation of the inelastic subgrade modulus.
Initial or low strain shear modulus during cyclic loading.
Acceleration due to gravity.

Height.

Moments of inertia of a footing about the x and y axis, respectively.
Soil stiffness parameter (table 6-1).

Length.

Ultimate moment capacity.

Normalized corrected blowcount.

Vertical load on footing.

Total passive force per unit length of wall.

Passive pressure behind a wall.
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Axial load.

Vertical load on a footing (contact stress).
Ultimate strength of soil (capacity) per unit area.
Shear wave velocity at small strains.
Displacement.

Displacement when capacity is reached.

Depth below grade.

CHAPTER 7: STRUCTURAL MODELING AND CAPACITY ASSESSMENT

B bR ™

Corner-to-corner strut angle.

Ratio of average concrete stress in compression zone to confined concrete
strength.

Stress block factor.

Reinforcing steel configuration factor.

Elastic component of displacement.

Plastic component of displacement.

Nominal yield displacement.

Plastic strain amplitude.

Buckling strain in the longitudinal reinforcing steel.
Ultimate compression strain of the confined core concrete.
Strain at the maximum stress of the transverse reinforcement.
Yield strain.

Plastic hinge rotation.

Ultimate (total) drift.

Elastic drift at yield.

Angle of the principal crack plane.

Factor related to the centroid of the stress block.

Fixity factor.

Curvature ductility at the initial breakdown of bond in the lap-splice zone.
Volumetric ratio of transverse steel.

Volumetric ratio of the longitudinal reinforcement.

Volumetric ratio of transverse steel.

XXXVil



Px.Py = Volume ratio of transverse hoops or ties to the core concrete in x- and y- directions,

respectively.

[0} = Strength reduction factor.

O = Expected strength factor.

0o = Overstrength factor.

0p = Plastic curvature.

Ou = Ultimate (total) curvature.

0y = Nominal yield curvature.

Ay, = Area of one spiral or hoop bar.

Aee = Area of confined concrete core.

Ae = Effective shear area.

A, = Gross section area.

Ap = Area of a beam-column joint in a horizontal plane.

Ag = Area of steel.

Ay = Area of transverse shear steel.

Ay = Shear area of beam or column.

b" = Width of column normal to y-direction.

by = Center-to-center spacing of transverse shear steel across width of rectangular
column.

C, = Dead load multiplier.

C = Depth from the extreme compression fiber to the neutral axis.

D = Overall depth of section.

D’ = Distance between the outer layers of longitudinal steel in a rectangular section.

D" = Diameter of transverse hoop or spiral.

d = Depth to the outer layer of tension steel from the extreme compression fiber.

d = Distance from the extreme compression fiber to the center of the nearest
compression reinforcing bars.

dp = Diameter of the longitudinal reinforcing bar.

E. = FElastic modulus of concrete.

Elr = Effective flexural rigidity.

E; = Elastic modulus of steel.

fy = Average axial stress on the joint.

f, = Confined concrete strength.
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Pt =

Ultimate compressive strength of concrete.

Ultimate expected compressive strength of concrete.
Average horizontal axial stress on the joint.

Confining stress supplied by the transverse reinforcement at yield in a circular
column.

Confining stress in the x- and y- directions of a rectangular column, respectively.
Ultimate tensile strength of the longitudinal reinforcement.

Yield stress.

Expected yield strength of longitudinal reinforcement.

Yield stress of the transverse hoops.

Depth of the cap beam at the joint.

Moment of inertia of the gross uncracked section.

Internal lever arm of the concrete compression member.

Strength enhancement factor.

Shape factor.

Confinement effectiveness coefficient for spirals and hoop steel.

Length.

Slenderness ratio.

Clear gap between edge of jacket and bottom of pier cap or top of footing.
Equivalent plastic hinge length.

Length of the lap splice.

Design moment.

Expected flexural strength (moment).

Nominal yield moment (theoretical yield strength) of the member.

Plastic strength capacity.

Flexural moment overstrength capacity.

Reduced moment.

Effective number of equal-amplitude cycles of loading that lead to fracture.
Axial load on member.

Axial load on the section.

Major principal tension stress.
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S = Center-to-center longitudinal spacing of the transverse hoop steel.

Sq = Design strength.

Sa = Nominal strength.

So = Overstrength.

] = Spacing of spirals or hoops.

T, = Natural period of vibration of the bridge.

Ver - Final shear strength carried by the concrete.

Vi = Contribution provided by diagonal tension field in the concrete.
Vi = Final shear strength.

Vi = Initial shear strength.

Vie = Final (residual) joint shear strength.

Vin = Horizontal shear in the joint.

Vii = Initial shear strength of the beam-column joint.

Vi = Shear demand based on flexure.

Vo = Contribution provided arch (strut) action.

Vi = Contribution to the shear strength provided by rebar truss action.
Vi = Average joint shear stress acting on the joint.

CHAPTER 8: RETROFIT MEASURES FOR SUPERSTRUCTURES, BEARINGS AND SEATS

o = Angle of skew.
B = Frequency ratio.
S = Equivalent viscous damping ratio.
= Ductility capacity.
{0;} = Mode shape for mode “i’.
A, = Area of one restrainer.
D, = Maximum displacement of the span.
D, = Maximum displacement at the top of the pier.
Das = Available seat width.
Deqo = Unrestrained relative expansion joint displacement.
D; = Maximum permissible restrainer displacement.
Dy = Restrainer slack.
D, = Restrainer elongation at yield.
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E = Modulus of elasticity.

Fy = Increase in longitudinal resistance resulting from wedging a rocker bearing.
fy = Yield stress.

K] = Stiffness matrix of a two frame system with restrainers.
Kpep = Stiffness of the ductile end diaphragm.

K. = Restrainer stiffness.

Ksug = Stiffness of the substructure.

L, = Restrainer length.

M] = Mass matrix of a two frame system.

N; = Number of restrainers.

P = Dead load / bearing.

P; = Participation factor for mode i.

R = Response modification factor (R-factor).

] = Restrainer slack.

CHAPTER 9: RETROFIT MEASURES FOR SUBSTRUCTURE COMPONENTS

o = Geometric aspect ratio of a column.

€cu = Ultimate strain of concrete column jacketed with composites.

€du = Ultimate design strain of the jacket material taking into account long-term
environmental degradation.

o = Maximum allowable passive strain.

£ = Ultimate strain in the shell steel.

0 = Shear crack angle.

PI = Longitudinal reinforcement ratio (Ay/Ay).

Ps = Effective volumetric ratio.

Ay = Area of spliced longitudinal bar.

Ay = Area of dowel bar.

A, = Wire cross-sectional area.

c = Cover over the main column reinforcing bars.

D = Diameter.

D' = Diameter of the pitch circle of the main column reinforcement; distance between

the outermost reinforcing bars in the direction of shear.
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Viv

Diameter of longitudinal reinforcement.

Diameter of wire.

Modulus of elasticity of active wrap.

Weighted average of the elastic moduli for the active and passive wraps.
Modulus of elasticity of passive wrap.

Modulus of elasticity for steel.

Active confining stress in the column.

Ultimate confined concrete stress capacity.

Ultimate design strength of the jacket material taking into account long-term
environmental degradation.

Tensile stress in wire after losses.

Required level of confinement stress.

Ultimate design stress.

Stress induced in the jacket.

Yield stress.

Jacket yield stress.

Gap between the retrofit measure and critical section.
Length.

Length of plastic hinges.

Splice length.

Number of main column reinforcing bars.

Spacing.

Gap between retrofit measure and critical section

Steel jacket thickness.

Thickness of active wrap.

Thickness of passive wrap.

Additional nominal shear capacity provided by a steel jacket.
Maximum interface shear stress.

Horizontal interface shear stress.

Vertical interface shear stress.
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CHAPTER 10: RETROFIT MEASURES FOR ABUTMENTS, FOOTINGS, AND
FOUNDATIONS

v = Coefficient of friction between soil and concrete.
A = Effective bearing area.

B. = Column width.

besr = Column width plus depth for rectangular columns.
Cin = Column interior.

Cex = Column exterior.

D = Column diameter.

D. = Column depth.

DL, = Dead load of slab and any overlaying fill.

df = Depth of the retrofitted footing.

Fp = Design force.

f, = Effective axial compressive stress within the joint in the vertical direction.
fi = Principle tensile stress in the joint region.

P = Axial load.

Sa = Spectral acceleration.

Vi = Vertical joint shear stress.

CHAPTER 11: RETROFIT MEASURES FOR BRIDGES ON HAZARDOUS SITES

M, - Plastic moment capacity of pile.

My - Plastic moment capacity at head of pile.

Vpass = Passive force developed against end diaphragm.
Vst = Force resisted by superstructure and other piers.

APPENDIX B: EVALUATION OF GEOTECHNICAL HAZARDS

Tav/O'vo = Average earthquake induced shearing stress divided by the effective overburden
stress.

O/ = Ratio of total overburden stress to effective overburden stress.

Amax = Peak ground acceleration in units of g.

Iq = Soil flexibility factor.
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APPENDIX C: FRAGILITY CURVE THEORY

B. = Normalized composite log-normal deviation.

D = Standard log-normal cumulative distribution function.

Aj = Median spectral acceleration necessary to cause the i damage state to occur.
DS, = i"™ damage state.

Sa = Spectral acceleration.

APPENDIX D: CAPACITY/DEMAND RATIOS FOR BRIDGE MEMBERS AND
COMPONENTS

Agg(d) = Maximum calculated relative displacement due to earthquake loading.

A(d) = Maximum possible movement resulting from temperature, shrinkage and creep
shortening.

Afc) = Available capacity of the expansion joint or bearing for movement.

n = Ductility indicator.

p(c) = Volumetric ratio of existing transverse reinforcement.

p(d) = Required volumetric ratio of transverse reinforcement.

Ay = Area of the spliced bar.

A, = Gross area of column.

Ai(c) = Effective peak ground acceleration at which liquefaction failures are likely to
occur.

Ar(d) = Effective acceleration coefficient for the site.

Au(c) = Area of transverse reinforcing normal to potential splitting cracks.

B = Width of superstructure.

b, = Width of the column.

bpin = Minimum width of the column cross section.

C = Lesser of the clear cover over the bar, or half the clear spacing between adjacent
bars.

dy, = Diameter of longitudinal reinforcement.

f; = Concrete compression strength.

= Yield stress of the longitudinal reinforcement.

£yt = Yield stress of transverse reinforcement.

H = Height.
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Effectiveness of transverse bar anchorage.

Constant for reinforcing steel with a yield stress of fi.

Distance between joints.

Effective anchorage length of longitudinal reinforcement.
Required effective anchorage length of longitudinal reinforcement.
Height of the column.

Splice length.

Actual support length provided.

Minimum seat width.

Axial compressive load on the column.

Spacing of transverse reinforcement.

Nominal ultimate capacity of the component in the direction under consideration.
Seismic force acting on the component.

Maximum calculated elastic shear force.

Final shear resistance of the damaged column.

Initial shear resistance of the undamaged column.

Maximum column shear force resulting from plastic hinging at both the top and
bottom of the column.
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CHAPTER 1: SEISMIC RETROFITTING OF HIGHWAY BRIDGES

1.1. GENERAL

Many bridges in the United States are inadequate for seismic loads and could be seriously
damaged or suffer collapse in a relatively small earthquake. Major structural damage has
occurred in Alaska, California, Washington and Oregon due to earthquake ground shaking. Some
of these failures occurred at relatively low levels of ground motion and although the risk of
bridge collapse is lower in the central and eastern United States, ground motions large enough to
cause damage have a 10 percent chance of occurring within the next 50 years in 37 of the 50
states. In some states, this could lead to bridge collapse, and to remedy this situation, retrofitting
or replacement of deficient structures is necessary. This is done by identifying bridges at risk,
evaluating their vulnerability for collapse or major seismic damage, and initiating a program to
reduce this risk.

Retrofitting is the most common method of mitigating risks; however, its cost may be so
prohibitive that abandoning the bridge (total or partial closure with restricted access) or replacing
it altogether with a new structure may be favored. Alternatively, doing nothing and accepting the
consequences of damage is another possible option. The decision to retrofit, abandon, replace, or
do-nothing requires that both the importance and degree of vulnerability of the structure be
carefully evaluated. Limited resources will generally require that deficient bridges be prioritized,
with important bridges in high risk areas being given the first priority for retrofitting.

This manual contains procedures for evaluating and upgrading the seismic resistance of existing
highway bridges. Specifically, it contains:

e A screening process to identify and prioritize bridges that need to be evaluated for seismic
retrofitting.

e A methodology for quantitatively evaluating the seismic capacity of a bridge and determining
the overall effectiveness of alternative retrofitting measures, including cost and ease of
installation.

e Retrofit approaches and corresponding techniques for increasing the seismic resistance of
existing bridges.

This process is illustrated in figure 1-1. A bridge may be exempt from retrofitting if it is located
in the lowest seismic zone, or has limited remaining useful life. Temporary bridges and those
closed to traffic, may also be exempt. Details are provided in section 1.4.6.

This manual does not prescribe rigid requirements as to when and how bridges are to be
retrofitted. The decision to retrofit a bridge depends on a number of factors, several of which are
outside the realm of engineering. These include, but are not limited to, the availability of funding
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and a number of political, social, and economic issues. This manual focuses on the engineering
factors.

This manual is intended for use on conventional steel and concrete highway bridges with spans
not exceeding 150 m (500 ft). Suspension bridges, cable-stayed bridges, arches, long-span
trusses, and movable bridges are not covered. However, many of the procedures and techniques
presented here can be applied to these types of structures, if appropriate judgment is used. This is
particularly true for the substructures of truss bridges, for example. Although specifically
developed for highway bridges, this manual may also be applicable to other types of bridges.

1.2. BACKGROUND

Within the United States, the first attempts to seismically retrofit bridges took place in the
aftermath of the 1971 San Fernando earthquake in southern California. This earthquake has
often been cited as a watershed event in bridge engineering since it demonstrated quite
dramatically that the bridge design practices of the time did not guarantee that bridges would
perform well during an earthquake, even if the earthquake was of moderate intensity.

Although bridge failures during this earthquake could be attributed to deficiencies in several
types of structural components, initial retrofit measures focused on the potential for loss of
support at bridge bearing seats. The principal retrofit strategy was to add restrainer cables or
high strength bars within bridge superstructures in order to limit relative movements at
expansion joints, and to tie individual spans to the bridge piers. A program was initiated in
California to retrofit all bridges that had vulnerable expansion joints. Some believed at the time
that this could prevent most, if not all, bridge failures at a minimum cost; however, this was not
the case.

During the 1987 Whittier Narrows earthquake, a bridge that had been retrofitted with expansion
joint restrainers suffered severe column damage, threatening the overall stability of the bridge
(Wipfetal., 1997). This poor performance prompted renewed interest in column retrofitting,
and research efforts were intensified to develop suitable methods for improving the seismic
performance of existing reinforced concrete columns. Much of this research was conducted at
the University of California at San Diego and was initially focused on the addition of steel shells
(or jackets) to enhance confinement of the reinforcing steel within the columns (Chai et al.,
1992). Unfortunately, the 1989 Loma Prieta earthquake occurred before Caltrans could begin a
state-wide column retrofitting program. The most dramatic failure during this earthquake was
the collapse of the Cypress Viaduct in Oakland due to column joint failures. Although this two-
level structure had been retrofitted with expansion joint restrainers prior to the earthquake, large
portions of the upper deck collapsed onto the lower deck, crushing vehicles and resulting in a
number of deaths (Housner, 1990).

The Loma Prieta earthquake also demonstrated that the early restrainer designs were inadequate.
Many of these designs relied on too few restrainers while others caused failures to occur
elsewhere in the structure, such as in the diaphragms at either side of expansion joints
(Yashinsky, 1997). Many of these deficiencies had been identified through research and refined



analysis (Selna and Malvar, 1987) and were not entirely unexpected. Still, it emphasized the
need to review earlier bridge retrofits.

Since the Loma Prieta earthquake, there has been a major effort to perform comprehensive
seismic retrofits on a large number of bridges in California. Initially, this effort was focused on
bridges with single column piers, which were believed to be the most vulnerable to collapse.
However, many bridges with multi-column piers collapsed or were severely damaged during the
1994 Northridge earthquake, and bridges of this type were subsequently added to the Caltrans
retrofit program (Buckle, 1994).

Other states besides California now have active programs in seismic retrofitting. Washington
and Nevada, for example, have sponsored research efforts and started seismic retrofit programs.
Similarly, countries such as Japan and New Zealand have seismic retrofit programs. Due to these
parallel efforts, significant progress has been made in the state-of-the-art of retrofitting bridge
superstructures, columns, and foundations.

The Federal Highway Administration (FHWA) also became a major sponsor of bridge seismic
research shortly after the 1971 San Fernando earthquake, including research on the retrofitting of
existing bridges. An early research project dealing with the retrofitting of bridges was conducted
at the Illinois Institute of Technology (Robinson et al., 1979). The first known guidelines for
retrofitting highway bridges were published by FHWA in 1981, in a report titled Seismic Design
Guidelines for Highway Bridges, FHWA-RD-81-081. This was followed in 1983 by the
publication of the FHWA Retrofitting Guidelines for Highway Bridges, which contained
recommendations intended for national use (FHWA-RD-83-007, ATC, 1983). In addition to
providing formal screening and evaluation procedures, these guidelines presented retrofit
concepts that in many cases had not been used in practice at that time. Concepts were provided
for several different bridge components besides expansion joints including bridge columns,
abutments and footings. Over the years, many of these concepts have been developed and
refined into methods that are commonly used today. These procedures and techniques are also
included in the Seismic Design and Retrofit Manual, FHW A-IP-87-6, published by FHWA in
1987.

Since 1992, FHWA has sponsored a multi-year research program to advance the state-of-the-
practice in seismic retrofitting of bridges. This work was conducted at the National Center for
Earthquake Engineering Research (NCEER), later to become the Multidisciplinary Center for
Earthquake Engineering Research (MCEER). The project’s first product was FHWA’s Seismic
Retrofit Manual for Highway Bridges that was published in 1995 (FHWA-RD-94-052, FHWA,
1995). This revision reflected advancements in the practice of seismic retrofitting that had
occurred since 1983. Other products of this research program included improved methods for
restrainer design (Randall et al., 1999; DesRoches and Fenves, 1998); methods for improving the
performance of older steel bridge bearings (Mander et al., 1998a); improved methods of analysis
and retrofit of reinforced concrete columns (Dutta et al., 1999); retrofit methods for multi-
column reinforced concrete piers (Mander et al., 1996a and b); and a better understanding of the
performance of retrofits that use both conventional and seismic isolation elastomeric bearings
(Wendichansky et al., 1998). This program culminated in the preparation of this current FHWA



manual, which presents not only the results of FHWA research at MCEER, but also from
throughout the United States and the world.

1.3. PHILOSOPHY

It has been common practice to design new bridges and buildings for a single-level of earthquake
ground motion. This ground motion, often called the design earthquake, represents the largest
motion that can be reasonably expected during the life of the bridge. Implied in such a statement
is the fact that ground motions larger than the design earthquake may occur during the life of the
bridge, but the likelihood of this happening is small. This likelihood is usually expressed as the
probability of exceedance, and it may also be described by a return period in years. When setting
the seismic hazard level, most design specifications that are intended for regions of varying
seismicity use the same probability of exceedance from one region to another. This ‘uniform
hazard’ approach is considered to be more rational than using the maximum historical event for
each region.

The Standard Specification for Highway Bridges (AASHTO, 2002) in the United States adopted
a uniform hazard approach following the 1989 Loma Prieta earthquake, and chose a level of
hazard that had a 10 percent probability of exceedance in a 50-year exposure period (the
assumed life of a bridge). This corresponded to a ground motion with a return period of about
500 years. During the development of the A4SHTO LRFD Specification in the mid-nineties, the
life of the average highway bridge was reassessed at 75 years and the exposure period was
adjusted accordingly (AASHTO, 1998). The probability of exceedance was then raised to 15
percent to maintain (approximately) the same return period (500 years).

At the same time as adopting this uniform hazard approach, a corresponding set of performance
standards was included in the philosophy of the 1992 AASHTO Specifications (AASHTO, 2002).
These are given in Art. 1.1 of the Specification and summarized below:

e Small to moderate earthquakes should be resisted within the elastic range, without significant
damage.

e Realistic seismic ground motion intensities and forces be used in the design procedures.

e Exposure to shaking from large earthquakes should not cause collapse of all or part of the
bridge. Where possible, damage that does occur should be readily detectable and accessible
for inspection and repair.

A set of basic concepts for seismic design was derived from this philosophy (Art. 1.3, AASHTO,
2002), and is summarized below:

Hazard to life is minimized.

Bridges may suffer damage but should have a low probability of collapse.

Function of essential bridges is maintained.

Ground motions used in design should have a low probability of being exceeded in the
normal lifetime of the bridge.



While characterized by a lack of specificity, these criteria were a significant advance over the
then prevailing requirements for seismic design.

In like manner, previous retrofit guidelines and manuals have also used a single-level of
earthquake ground motion (a 500-year event) for representing the earthquake hazard, and
adopted the same performance criteria as in the then current AASHTO Specifications for bridge
design.

The assumption is made in single-level design and retrofit, that if performance under the design
earthquake 1is satisfactory, it will be satisfactory at all other levels of ground motion, both
smaller and larger. Such an assumption is generally not true as seen in recent earthquakes in
California, Costa Rica, Japan, Turkey and Taiwan (figures 1-2 to 1-5). It would be true for a
smaller event if elastic performance was required at the design ground motion, and it may also be
true for a larger event, if it exceeded the design ground motion by only a small margin (i.e., less
than 50 percent), and there was a sufficient reserve of strength in the bridge to accommodate this
higher demand.

However, in many areas of the United States, these larger ground motions can be three or four
times the design ground motions and may cause instability and collapse. Although such ground
motions rarely happen, their occurrence should be explicitly considered in the design and retrofit
process and a ‘multi-level’ rather ‘single-level” design process should be used. In addition,
performance requirements should be adjusted for ground motions of different sizes, with higher
levels of performance being expected for smaller motions and lesser levels of performance for
larger motions.

Performance-based design provides a format for addressing these needs in a rational manner. It
explicitly allows for different performance expectations for bridges of varying importance while
subject to different levels of seismic hazard. Accordingly, this manual recommends a
performance-based approach to the seismic retrofitting of highway bridges in the United States.

This relationship is shown in figure 1-6. Representation of the hazard and performance
expectations by discrete zones (or levels) is necessary given the current state-of-the-art, and this
leads to the bar chart shown in this figure. Nevertheless, the trends are the same: high
performance standards in high hazard zones imply higher costs.

1.4. SEISMIC PERFORMANCE CRITERIA
1.4.1. PERFORMANCE LEVELS

As noted in the previous section, this manual presents a performance-based approach to the
seismic retrofitting of highway bridges. This means that the expected performance of the
retrofitted bridge is explicitly recommended for different levels of earthquake ground motion. In
this manual, performance criteria are defined for four performance levels. These are given as
follows:



Performance Level 0 (PLO): No minimum level of performance is recommended.

Performance Level 1 (PL1): Life safety. Significant damage is sustained during an earthquake
and service is significantly disrupted, but life safety is assured. The
bridge may need to be replaced after a large earthquake.

Performance Level 2 (PL2): Operational. Damage sustained is minimal and full service for
emergency vehicles should be available after inspection and
clearance of debris. Bridge should be reparable with or without
restrictions on traffic flow.

Performance Level 3 (PL3): Fully Operational. Damage sustained is negligible and full service is
available for all vehicles after inspection and clearance of debris.
Any damage is reparable without interruption to traffic.

The terms negligible damage, minimal damage, and significant damage are used in the above
performance criteria. These terms are explained below:

e Minimal damage includes minor inelastic response and narrow flexural cracking in concrete.
Permanent deformations are not apparent and repairs can be made under non-emergency
conditions with the possible exception of superstructure expansion joints which may need
removal and temporary replacement.

e Significant damage includes permanent offsets and cracking, yielded reinforcement, and
major spalling of concrete, which may require closure to repair. Partial or complete
replacement of columns may be required. Beams may be unseated from bearings but no span
should collapse. Similarly, foundations are not damaged except in the event of large lateral
flows due to liquefaction, in which case inelastic deformation in piles may be evident.

e Negligible damage includes evidence of movement, and/or minor damage to nonstructural
components, but no evidence of inelastic response in structural members or permanent
deformations of any kind.

Higher levels of performance may be specified by the owner. For example, the following criteria
might be used for extremely important bridges:

e No damage is sustained and full service is available to all traffic immediately after the
earthquake. No repairs are required.

Generally, the performance criteria vary with level of earthquake ground motion, bridge
importance and anticipated service life. In this manual, these objectives are defined for two
ground motion levels (a lower and an upper level), two importance classifications (standard and
essential), and three service life categories (ASL I, 2 and 3), as discussed below.



Figure 1-2 (right).

Collapse of the link span at Tower E9 of the
San Francisco Oakland Bay bridge due to
inadequate seat lengths and anchor bolts.

Loma Prieta earthquake, 1989

Figure 1-3 (left).

Collapse of the two-level Cypress Viaduct on
[-880 in Oakland due to brittle shear failure at
the connection between the upper and lower
levels of the viaduct.

Loma Prieta earthquake, 1989

Figure 1-4 (right).

Collapse of end spans in the
Shi Wei bridge in Taichung,
due to ground failure and
nearby fault rupture.

Chi Chi earthquake, 1999

Figure 1-5 (left).

Diagonal shear crack in lightly
reinforced concrete pier of the Wu
Shu bridge in Taichung.

Chi Chi earthquake, 1999
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Figure 1-6. Conceptual relationship between relative effort, increasing hazard
and performance criteria implied in this manual.

1.4.2. EARTHQUAKE GROUND MOTION LEVELS

The lower level (LL) earthquake ground motion is one that has a reasonable likelihood of
occurrence within the life of the bridge (assumed to be 75 years), i.e., it represents a relatively
small but likely ground motion'. It is common practice to use a probability of exceedance to
characterize the motion, as noted in section 1.3. Accordingly, the lower level motion has a
relatively high probability of exceedance within the life of a bridge, and a figure of 50 percent is

recommended for retrofit design. A 50 percent probability of exceedance in 75 years corresponds
to a return period of about 100 years (table 2-1).

By contrast, the upper level (UL) earthquake ground motion has a finite, but remote, probability
of occurrence within the life of the bridge; i.e., it represents a large but unlikely ground motion®.
Just as for the lower level motion, it is common practice to use a probability of exceedance to
characterize this motion. Thus the upper level earthquake ground motion has a relatively low

! This ground motion is sometimes called the frequent earthquake. In the NCHRP 12-49 Recommended LRFD
Guidelines for Seismic Design (ATC/MCEER, 2003) it is called the expected earthquake, and in the Caltrans
Seismic Design Methodology (Caltrans, 1999) it is called the functional evaluation earthquake (FEE).

? This ground motion is sometimes called the rare earthquake. In the NCHRP 12-49 Recommended LRFD
Guidelines for Seismic Design (ATC/MCEER, 2003) it is the maximum considered earthquake (MCE), and in the
Caltrans Seismic Design Methodology (Caltrans, 1999) it is the safety evaluation earthquake (SEE).



probability of exceedance within the life of a bridge. In this manual, the upper level motion has a
7 percent probability of exceedance in 75 years, which corresponds to a return period of about
1,000 years (table 2-1).

Spectral ordinates and peak ground accelerations for both the lower and upper level ground
motions may be found using the CD-ROM included in this manual (inside back cover)®. Bridge
sites may be identified by zip code or, more accurately, by latitude and longitude. However,
values given on this CD are in terms of an exposure period of 50 years rather than the 75-year
bridge life assumed above. Therefore, equivalent exceedance probabilities for a 50-year life are
required to use this CD, as follows:

e The return period for an earthquake ground motion with a 50 percent probability of
exceedance in 75 years is 108 years. However, this return period is only 72 years for a
ground motion with a 50 percent probability of exceedance in 50 years. For the purpose of
this manual, this lesser return period is considered to be close enough to the specified value
of 100 years (table 1-2), and that values for the 50-year life may be used. Therefore, for the
lower level ground motions, use data from the CD for 50 percent probability of exceedance
in 50 years.

e The return period for an earthquake ground motion with a seven percent probability of
exceedance in 75 years is approximately the same as that for a ground motion with five
percent probability of exceedance in 50 years (both are about 1,000 years). Therefore, for the
upper level ground motions, use data from the CD for five percent probability of exceedance
in 50 years.

Alternatively, spectral ordinates and peak ground accelerations may be obtained for the upper
level ground motion from the following web site maintained by the U.S. Geological Survey:
http://eghazmaps.usgs.gov. Mapped values are given for regions within the United States, and
numerical values are given for specific locations according to zip code, or longitude and latitude.
As with the CD-ROM, these values are expressed in terms of a 50-year bridge life and equivalent
exceedance probabilities must be found to use this site, as described for the CD. At this time, this
site does not give spectral ordinates and accelerations for the lower level ground motions (100
years) and the only known, readily available, source of this data is the CD-ROM included with
this manual.

Some performance-based specifications for bridges and buildings have recommended a three
percent probability of exceedance in 75 years for the upper level ground motions; but these
specifications are for new construction and not necessarily appropriate for the retrofit of existing
structures. Seismic resistance is much easier to provide in new structures than in existing ones.
The selection of the reduced upper level motions for retrofitting is a compromise between the
need to provide life safety and adequate performance for these less frequent motions and the
limited resources of the owner. Keep in mind that these performance criteria are general
recommendations and subject to change by the owner (or engineer) when specific circumstances
of a particular bridge make it necessary.

® This CD contains the seismic hazard maps and curves published by USGS in 1996. Updated maps were published
in 2002 but not for the 1000-year return period. See section 2.3.
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1.4.3. BRIDGE IMPORTANCE

Classification of bridge importance based on traffic counts and detour lengths has been proposed
in the past and importance indices developed. But such quantitative methods do not usually
include many non-technical issues that directly affect importance and are loosely called socio-
economic factors. Instead, a broad classification based on engineering judgment is preferred, and
in this manual two such classes are recommended: essential and standard. Essential bridges are
those that are expected to function after an earthquake or which cross routes that are expected to
remain open immediately following an earthquake. All other bridges are classified as standard.
The determination of importance is therefore subjective and consideration should be given to
societal/survival and security/defense requirements when making this judgment.

An essential bridge is, therefore, one that satisfies one or more of the following conditions:

e A bridge that is required to provide secondary life safety; e.g., one that provides access to
local emergency services such as hospitals. This category also includes those bridges that
cross routes that provide secondary life safety, and bridges that carry lifelines such as electric
power and water supply pipelines.

e A bridge whose loss would create a major economic impact; e.g., one that serves as a major
link in a transportation system, or one that is essential for the economic recovery of the
affected region.

e A bridge that is formally defined by a local emergency plan as critical; e.g., one that enables
civil defense, fire departments, and public health agencies to respond immediately to disaster
situations. This category also includes those bridges that cross routes that are defined as
critical in a local emergency response plan and those that are located on identified evacuation
routes.

e A bridge that serves as a critical link in the security and/or defense roadway network.
Security and defense requirements may be evaluated using the 1973 Federal-aid Highway
Act, which required that a plan for defense highways be developed by each state. Now called
STRAHNET, this defense highway network provides connecting routes to military
installations, industries, and resources and is part of the National Highway System.

1.4.4. ANTICIPATED SERVICE LIFE

An important factor in deciding the extent to which a bridge should be retrofitted is the
anticipated service life (ASL). Retrofitting a bridge with a short service life is difficult to justify
for two reasons: it is not economical and the design earthquake is unlikely to occur during the
remaining life of the structure. On the other hand, a bridge that is almost new or being
rehabilitated to extend its service life, should be retrofitted for the longer remaining service life.

Estimating remaining life is not an exact science and depends on many factors such as age,
structural condition, specification used for design, and capacity to handle current and future
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traffic. Nevertheless, estimates can be made, at least within broad ranges, for the purpose of
determining a bridge’s remaining service life and, subsequently, a retrofit category. Three such
categories are used in this manual, as defined in table 1-1. When setting these categories, it was
noted that new bridges are assumed to have a service life of 75 years in the AASHTO LRFD
Specification (AASHTO, 1998), and this life span was then divided into three categories for the
purpose of assigning retrofit levels (retrofit categories) according to age and remaining life. It is
recognized that many long-span bridges have service lives far greater than 75 years, but these are
outside the scope of this manual. Bridges in benign climates and those located on low-density
routes may also have service lives in excess of 75 years.

Bridges in category ASL 1 are considered to be near the end of their service life and retrofitting
may not be economically justified. Thus, these bridges need not be retrofitted and are assigned to
the lowest seismic retrofit category, i.e., category A (see section 1.6). Bridges in category ASL 3
are almost new, and retrofitting to the standard of a new design may be justified. Those in
category ASL 2 fall between these two extremes and a lesser standard is acceptable. However,
the owner may always choose to retrofit to a higher standard as circumstances permit.

Table 1-1. Service life categories.

SERVICE LIFE ANTICIPATED
CATEGORY SERVICE LIFE
ASL 1 0-15yrs
ASL 2 16 - 50 yrs
ASL 3 > 50 yrs

Bridges are often rehabilitated toward the end of their service life to address deficiencies that
have accumulated over time (e.g., deteriorated deck slabs, frozen bearings and damaged
expansion joints), improve safety, and to accommodate increased traffic volume. As a
consequence, a bridge with 15 years, or less, of life may, after rehabilitation, have a new service
life of 35 years, and in so doing, the service life category (ASL) for the bridge has been lifted
from ASL 1 to ASL 2 (table 1-1). The bridge should now be reevaluated for seismic
performance, which should be done at the same time as planning the other rehabilitation. In this
way, retrofit measures (if needed) can be implemented at the same time. By taking advantage of
the contractor being on site, the cost of the seismic retrofit may be significantly reduced.
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1.4.5. SELECTION OF PERFORMANCE LEVEL

Recommended minimum performance levels are given in table 1-2 according to the level of
earthquake ground motion, bridge importance and service life category, as defined above. If
retrofitting to these levels cannot be justified economically, the owner may choose a lower level.
On the other hand, for certain classes of bridges, the owner may choose a higher level than that
recommended here. An example of such a case is the bridges on STRAHNET, which are
critically important to the operation of national or regional transportation routes. It is likely that
some of these bridges are of sufficient importance to justify site-specific and structure-specific
performance criteria. Such bridges may fall outside the scope of this manual.

1.4.6. RETROFITTING PROCESS FOR DUAL LEVEL GROUND MOTIONS

As noted in section 1.3, retrofitting is only one of several courses of action when faced with a
bridge that is seismically vulnerable. Others include bridge closure, bridge replacement, and
acceptance of the damage and its consequences. Bridge closure or replacement is usually not
justified by seismic deficiency alone and will generally only be an option when other
deficiencies exist. Therefore, for all practical purposes, a choice is made between strengthening
and accepting the risk. This decision often depends on the importance of the bridge and on the
cost and effectiveness of the proposed retrofit.

Budget constraints and limited resources prevent the simultaneous retrofit of all of the deficient
bridges on the highway system, and the most critical bridges should be upgraded first. The
selection and prioritizing of bridges for retrofitting requires an appreciation of not just the
engineering issues but also the economic, social, and practical aspects of the situation.

Since it is recommended above that the seismic performance of a bridge be checked for two
levels of earthquake ground motion (lower level and upper level) the overall retrofitting process
has two distinct stages:

o Stage 1. Screening, evaluation and retrofitting for the lower level earthquake ground motion,
and

o Stage 2. Screening, evaluation and retrofitting for the upper level earthquake ground motion.

It is not possible to combine these two stages into one, since the performance criteria for each is
very different. For example, the criteria for the lower level ground motion includes no structural
damage and no repair (i.e., elastic behavior is expected) whereas for the upper level ground
motion, damage is acceptable provided collapse does not occur and, for some bridges, access for
emergency vehicles is available (i.e., inelastic behavior is expected).

Each stage comprises the three steps discussed in section 1.1 and is shown schematically in
figure 1-1, i.e., screening, evaluation, and retrofitting for the relevant ground motion. The
breakdown of each stage into these steps is illustrated in figure 1-7, and discussed in sections 1.7
and 1.8.
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Table 1-2. Minimum performance levels for retrofitted bridges.

BRIDGE IMPORTANCE

EARTHQUAKE and
GROUND MOTION SERVICE LIFE CATEGORY
Standard Essential
ASL1 | ASL2 | ASL3 | ASL1 | ASL 2 ASL 3
Lower Level
Ground Motion
50 percent probability
of exceedance in 75 PLO* PL3 PL3 PLO* PL3 PL3
years;
return period is about
100 years.
Upper Level
Ground Motion
7 percent probability of | by e | pg | p1 | pLo* | PL1 PL2
exceedance in 75
years; return period is
about 1,000 years.
Notes:
1. Anticipated Service Life categories are:

e ASL1. 0-15years

e ASL 2: 16 — 50 years

e ASL3: > 50 years

2. Performance Levels are:
e PLO: No minimum level of performance is recommended.
e PL1: Life safety. Significant damage is sustained and service is significantly

disrupted, but life safety is preserved. The bridge may need to be replaced after a
large earthquake.
e PL2: Operational. Damage sustained is minimal and service for emergency
vehicles should be available after inspection and clearance of debris. Bridge should
be reparable with or without restrictions on traffic flow.
e PL3: Fully Operational. Damage sustained is negligible and full service is
available for all vehicles after inspection and clearance of debris. Damage is
reparable without interruption to traffic.
3. Spectral ordinates and peak ground accelerations may be found for the Upper Level
earthquake ground motion from http://eghazmaps.usgs.gov. Ordinates and ground
accelerations may be found for both the Upper and Lower Level ground motions from
the CD-ROM: Seismic Hazard Curves and Uniform Hazard Response Spectra for the
United States, (Frankel and Leyendecker, 2001; see section 2.3). A copy of this CD is

included with this manual (see inside back cover).

4. Bridges assigned a Performance Level of PLO have 15 years, or less, anticipated
service life (ASL) and are candidates for replacement or rehabilitation.
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Figure 1-7. Retrofit process for dual level earthquake ground motions.
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1.4.7. EXEMPT BRIDGES

A bridge is exempt from retrofitting for both levels of ground motion if it satisfies any one of the
following criteria:

e The bridge has 15 years or less of anticipated service life (section 1.4.4).
e The bridge is ‘temporary’ (i.e., anticipated service life is 15 years or less).
e The bridge is closed to traffic and does not cross an active highway, rail or waterway.

A bridge is exempt from retrofitting for the upper level ground motion if it meets the criteria for
Seismic Retrofit Category A (section 1.6) for this level of motion.

1.5. SEISMIC HAZARD LEVEL

The Seismic Hazard Level (SHL) at a bridge site is determined by the intensity of ground
shaking in the rock below the site and the amplification of this motion by the overlying soils.
Motions at the surface may be considerably greater than in the rock below. These two factors are
treated separately below and then combined to define the SHL in section 1.5.4. Other
geotechnical factors, such as liquefaction and fault rupture, can influence the hazard at a bridge
site and these are also briefly described in this section.

1.5.1. GROUND MOTION REPRESENTATION
Earthquake ground motion may be characterized by either:

a. The peak ground acceleration expected at a site in a given period of time, from which the
design spectrum may be drawn based on several simplifying assumptions, or

b. By two points on the design spectrum from which the remainder of the spectrum may be
drawn using fewer, but more realistic, assumptions than in (a) above.

The earlier edition of this manual (FHWA, 1995) and the 1997 AASHTO LRFD Bridge Design
Specifications (AASHTO, 1998) use the former method, whereas the NCHRP 12-49 provisions
(ATC/MCEER, 2003) use the latter method, to take advantage of the improved accuracy that it
offers. This edition of the retrofit manual also uses the latter two-point method.

The two points used to define the spectrum are spectral ordinates (peak structural accelerations)
in bridges with periods of 0.2 and 1.0 second. For bridge sites on rock (site class B), these
ordinates are identified as Sg and S, respectively. The variation of these ordinates throughout
the United States has been calculated for various return periods by the US Geological Survey
(USGS), and the results are available (in both tabular and mapped formats) on the CD-ROM
provided with this manual (inside back cover). Alternately, results for a selected number of
return periods may be downloaded from the following web site: Attp.//eqhazmaps.usgs.gov.
Chapter 2 summarizes the development of these data and the method for constructing a design
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spectrum from the given spectral ordinates. In lieu of using national ground motion maps, the
spectral accelerations Sg and S| may be found from approved state ground motion maps.

1.5.2. GEOTECHNICAL FACTORS

Earthquake ground motions at a bridge site are not only dependent on the intensity of ground
shaking in the rock below the site but also on the amplification of this motion by the overlying
soils. The presence of one or more geotechnical hazards at the site, such as liquefaction and
fault rupture, can also have a significant effect on the motion experienced by a bridge. These
factors are discussed in this section.

1.5.2.1 Soil Amplification of Ground Motion

The behavior of a bridge during an earthquake is strongly related to the soil conditions at the
site. Soils can amplify ground motions in the underlying rock, sometimes by factors of two or
more. The extent of this amplification is dependent on the profile of soil types at the site and the
intensity of shaking in the rock below. Sites are classified by type and profile for the purpose of
defining the overall seismic hazard, which is quantified as the product of the soil amplification
and the intensity of shaking in the underlying rock.

Site class definitions are given in table 1-3, where it is seen that sites are classified by their
stiffness as determined by the shear wave velocity in the upper 30 m (100 ft). Standard
Penetration Test (SPT) blowcounts and undrained shear strengths of soil samples from soil
borings can also be used to classify sites as indicated in table 1-3. See chapter 2 for further
details, including steps for classifying a site.

Site factors, for the site classes in table 1-3, are given in table 1-4. Site class B (soft rock) is
taken to be the reference site category for the USGS and NEHRP MCE ground shaking maps.
Site class B rock is therefore the site condition for which the site factor is 1.0. Site classes A, C,
D, and E have separate sets of site factors for the short-period range (site factor F,) and long-
period range (site factor F,), as indicated in table 1-4. These site factors generally increase as the
soil profile becomes softer (in going from site class A to E). Except for site class A (hard rock),
the factors also decrease as the ground motion level increases, due to the strongly nonlinear
behavior of the soil. For a given site class, C, D, or E, these nonlinear site factors increase the
ground motion more in areas having lower rock ground motions than in areas having higher rock
ground motions. The levels of ground motion for use with table 1-4 are characterized by short-
period (0.2 second) response spectral acceleration and long-period (1.0 second) response spectral
acceleration on rock as mapped on USGS and NEHRP MCE national ground motion maps.
Special considerations for site class F soils are discussed in chapter 2.

1.5.2.2 Geotechnical Hazards
Geotechnical hazards at bridge sites that can be triggered by earthquakes include soil
liquefaction, soil settlement, slope failure (landslides and rock falls), surface fault rupture and

flooding. In general, these hazards are examined independently of the rock ground motion and
soil amplification effects described in the previous section.
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Table 1-3. Site classes.

Site

Class Description

A Hard rock with measured shear wave velocity, v, > 1500 m/sec (5,000 ft/sec)

B Rock with 760 m/sec < vy < 1500 m/sec (2,500 ft/sec < v, < 5,000 ft/sec)

c Very dense soil and soil rock with 360 m/sec < vy < 760 m/sec (1,200 ft/sec < v, < 2,500 ft/sec)
or with either N > 50 blows/0.30m (50 blows/ft) or 5, > 100 kPa (2,000 psf)
Stiff soil with 180 m/sec < vV, < 360 m/sec (600 ft/sec < v, < 1,200 ft/sec)

D or with either 15 < N < 50 blows/0.30m (15 < N < 50 blows/ft) or 50 kPa < §, < 100 kPa
(1,000 < s, <2,000 psf)
Soil profile with v < 180 m/sec (600 ft/sec)

£ or with either N < 15 blows/0.30m (N < 15 blows/ft) or 5, < 150 kPa (1000 psf),
or any profile with more than 3 m (10 ft) of soft clay defined as soil with Pl > 20, w > 40 percent
and s, <25 kPa (500 psf)
Soils requiring site-specific evaluations

1. Peats or highly organic clays (H > 3 m [10 ft] of peat or highly organic clay where H =
F thickness of soil)

2. Very high plasticity clays (H > 8 m [25 ft] with PI > 75)
3. Very thick soft/medium stiff clays (H > 36 m [120 ft])

Exception: When the soil properties are not known in sufficient detail to determine the site class, site class
D may be used. Site classes E or F need not be assumed unless the authority having jurisdiction
determines that site classes E or F could be present at the site or in the event that site classes E or F are
established by geotechnical data.

is average shear wave velocity for the upper 30 m (100 ft) of the soil profile

is the average Standard Penetration Test (SPT) blowcount (blows/0.30m or blows/ft) (ASTM D1586)

for the upper 30 m (100 ft) of the soil profile

is the average undrained shear strength in kPa (psf) (ASTM D2166 or D2850) for the upper 30 m (100 ft)
of the soil profile

is plasticity index (ASTM D4218)
is moisture content (ASTM D2216)

2. The shear wave velocity for rock, Site Class B, shall be either measured on site or estimated for competent rock
with moderate fracturing and weathering. Softer and more highly fractured and weathered rock shall either be
measured on site for shear wave velocity or classified as Site Class C.

3. The hard rock, Site Class A, category shall be supported by shear wave velocity measurements either on site or on
profiles of the same rock type in the same formation with an equal or greater degree of weathering and fracturing.
Where hard rock conditions are known to be continuous to a depth of 30 m (100 ft), surficial shear wave velocity

measurements may be extrapolated to assess V.

4. Site classes A and B should not be used when there is more than 3 m (10 ft) of soil between the rock surface and
the bottom of a spread footing.
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Table 1-4. Site factors F, and F,.

(a) Values of F, as a function of site class and short-period (0.2-sec) spectral acceleration, Sq

Site Spectral Acceleration at Short-Period (0.2 sec), Ss'
Class Ss<025 | Ss=050 | Ss=075 | Ss=1.00 | Ss>1.25

A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.2 1.2 1.1 1.0 1.0
D 1.6 14 1.2 1.1 1.0
E 25 1.7 1.2 0.9 0.9
=

Notes:

1. Use straight-line interpolation for intermediate values of Ss.

2. Site-specific geotechnical investigation and dynamic site response analysis should be performed for

class F soils.

(b) Values of F, as a function of site class and long-period (1.0-sec) spectral acceleration, S,

Site Spectral Acceleration at Long-Period (1.0 sec), S,"
Class S:1<0.1 S$:=0.2 S$:=0.3 S:=0.4 S$:>0.5
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.7 1.6 1.5 14 1.3
D 24 2.0 1.8 1.6 1.5
E 3.5 3.2 2.8 24 24
F2
Notes:
1. Use straight-line interpolation for intermediate values of S;.
2. Site-specific geotechnical investigation and dynamic site response analysis should be performed for class F
soils.
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Procedures for evaluating these hazards are presented in chapter 3. The consequences of these
hazards in the free-field (e.g. ground settlement and fault displacements) are also addressed in
that chapter. Methods for evaluating the effects of these hazards on the capacity and
deformations of the bridge-foundation system are presented in chapter 6, and measures for
mitigating them are described in chapter 11.

Assessing geotechnical hazards is a two-part procedure. In the first part, a quick screening
evaluation is conducted. Generally, this can be accomplished using available information and
field reconnaissance. If the criteria are satisfied, the risk is considered to be low and further
evaluations of the hazard are not required. If a hazard cannot be screened out, more detailed
evaluations are conducted in the second part of this procedure. This usually requires obtaining
additional data to more rigorously assess the hazard and its consequences. Chapter 3 gives
guidelines for initial hazard screening, together with a brief overview of methods for detailed
hazard evaluation. Detailed methods for hazard evaluation are described in appendix B. Hazard
screening and hazard evaluation should be carried out by geotechnical engineers, geologists, and
seismologists, who have expert knowledge of these hazards and experience with their evaluation.

1.5.3. DETERMINATION OF DESIGN RESPONSE SPECTRUM

As noted in section 1.5.1, a two-point method is used to define the design response spectrum
from which earthquake forces are calculated to determine seismic demand on a bridge due to a
particular earthquake ground motion. Figure 1-8 shows how this spectrum is drawn from the two
given points. It indicates that the Sy and S; ordinates are first scaled by the soil factors F, and F,
and the resulting products Sps and Sp; are used to plot the spectrum where:

Sps=F..S, and Sp =F,.S (1-1)

/_ Sps =FaSs

0.40Sps™™

Response Spectral Acceleration, Sy

0.2 Spr 1.0

5 =02Ts - Sobs
Period, T (seconds)

Figure 1-8. Construction of the seismic design response spectrum.
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1.5.4. DETERMINATION OF SEISMIC HAZARD LEVEL

Each bridge is assigned a Seismic Hazard Level (SHL) as indicated in table 1-5, based on Spg
and Sp, , which are defined in section 1.5.3 to be the product of the spectral ordinates Sg and S;
(section 1.5.1) and the soil factors F, and F, (section 1.5.2). In the event that two different hazard
levels are indicated by table 1-5 for the same site, the higher level should be used.

The two footnotes to table 1-5 effectively limit boundaries for site classes E and F in Hazard
Levels I and II to those of site class D. This is because of the greater uncertainty in the values of

F, and F, for class E and F soils when ground shaking is relatively low (S; < 0.10 and S < 0.25).

Table 1-5. Seismic hazard level.

HAZARD LEVEL Using Sp1 = F, S Using Sps = F.S.
| Sp1<0.15 Sps<0.15
1 0.15<Sp1£0.25 0.15<Sps<0.35
1l 0.25<Sp1<£0.40 0.35 < Sps <0.60
v 0.40 < S pq 0.60 < Sps
Notes:

1. For the purposes of determining the Seismic Hazard Level for Site Class E soils, the
value of F, and F, need not be taken larger than 2.4 and 1.6 respectively, when S is less
than or equal to 0.10 and S; is less than 0.25.

2. For the purposes of determining the Seismic Hazard Level for Site Class F soils, F, and
F. values for Site Class E soils may be used with the adjustment described in Note 1
above.

1.6. PERFORMANCE-BASED SEISMIC RETROFIT CATEGORIES

Seismic retrofit categories (SRC) are used to identify minimum screening requirements,
evaluation methods and retrofitting measures for deficient bridges. They are determined by the
anticipated service life, importance, and the seismic hazard exposure of the bridge. There are
four categories, A through D, in increasing order of rigor and complexity. SRC A is a default
category, which means that bridges in this category do not need to be screened, evaluated or
retrofitted. SRC D is the highest category requiring the most rigorous screening, evaluation, and
retrofitting measures. SRC’s perform a similar function to the SPC’s (seismic performance
categories) in the previous retrofit manual (FHWA, 1995). (The name has been changed to
distinguish them from the SPC’s used in the seismic design provisions of the AASHTO Standard
Specifications (AASHTO, 2002), which are widely used for the seismic design of new bridges.)

Seismic retrofit categories are given in table 1-6 where they are determined by the performance
level (PL) required, and the seismic hazard level (SHL) at the site.
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Table 1-6. Performance-based seismic retrofit categories.

PERFORMANCE LEVEL
. During Lower Level
During Upper Level Earthquake -
HAZARD Earthquake
LEVEL PLO: No PL1: Life ) PLO: No :
Minimum Safety PLZ.‘ Minimum PL3: Eully
Operational Operational
Level Level
I A A B A C
Il A B B A C
1] A B C A C
v A C D A D

The steps required to determine an SRC are shown in figure 1-9 and are as follows:
Step 1. From the bridge records and other sources determine the:
e Importance of the bridge: either standard or essential,
e Anticipated service life of the bridge, and assign a service category: ASL 1 through
ASL 3 (table 1-1), and
e Site class based on soil type and profile (table 1-3).

Step 2. Determine the performance level for the bridge (PLO through PL3), based on the
anticipated service life and bridge importance (table 1-2).

Step 3. Obtain the spectral accelerations Sg and S;, the soil factors F, and F, from table 1-4, and
determine the hazard level using table 1-5. Determine the seismic retrofit category
required to satisfy the performance objective for this event, using table 1-6. These steps
are summarized as follows:

Step 3.1. Obtain the spectral ordinates, Ss and S;, from the CD-ROM in this manual or
from the USGS web site: http://eghazmaps.usgs.gov.

Step 3.2. Obtain the soil factors, F, and F,, for the site (table 1-4).
Step 3.3. Determine the seismic hazard level (SHL) based on F,Ss and F,S; (table 1-5).
Step 3.4. Obtain the SRC for the required performance level from table 1-6.

This process is illustrated in example 1.1 in this chapter, and examples 4.1 and 4.2 in chapter 4.
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http://eqhazmaps.usgs.gov/

Anticipated Service Spectral Accelerations, Soil Factors,

Bridge Importance Life, ASL S,and S, F,and F,

v Y

PERFORMANCE SEISMIC HAZARD
LEVEL, PL LEVEL, SHL

Y

SEISMIC RETROFIT
CATEGORY, SRC

Figure 1-9. Determination of seismic retrofit category.
1.7. RETROFITTING PROCESS FOR THE LOWER LEVEL GROUND MOTION
The lower level earthquake ground motion has a return period of about 100 years and is therefore
a relatively small motion. The performance required of any bridge for these motions (table 1-2)
is elastic behavior, which is similar to the requirements for wind and braking loads. Indeed, in
many parts of the United States, wind and braking loads may be larger than the earthquake loads

for this return period and may govern for this stage.

The process of retrofitting bridges for the lower level earthquake ground motion is divided into
three parts. These are:

e Preliminary screening of bridge inventory.

e Detailed evaluation of an existing bridge.

e Selection of retrofit strategy and design of retrofit measures.

Note that decisions are made at each step, based on the results obtained thus far, that determine
the next step in the process. Bridges are passed through a series of checkpoints to assure that
only those structures actually in need of retrofit will be strengthened.

As described in section 1.6, seismic retrofit categories (SRC) are used to recommend minimum

requirements for evaluation and retrofitting. These requirements for the lower level ground
motion are given in table 1-7.
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The retrofitting process for this level of ground motion is described in the following sections
where it will be seen to be a force-based approach. Displacements are not explicitly considered
since they are assumed to be small and within the default capacity of the structure. This is a
reasonable expectation provided yielding does not occur, bearing restraints do not fail, and soils
do not soften at this level of ground motion.

1.7.1. SCREENING AND PRIORITIZATION FOR THE LOWER LEVEL GROUND
MOTION

All bridges in the inventory should be checked for their lateral strength in both the transverse and
longitudinal directions. This strength should be based on the elastic capacities of the members
and foundations. Previous design calculations for wind and braking loads may be useful here.
This capacity should then be checked against the seismic force (F) on the bridge, which can be
conservatively estimated as:

F =Sps W (1-2)

where Spg is defined in equation (1-1) and W is the weight of the superstructure. If the capacity
is greater than the demand (F), the bridge passes the screen and the process moves to the second
stage (section 1.8). If the capacity is less than the demand, the bridge should be considered for
retrofitting at this earthquake level.

As noted above, a quick estimate of the elastic capacity of a bridge in the transverse direction is
obtained by applying the factored wind load used in the design of the bridge. In the longitudinal
direction, the factored braking load may be used for this purpose. If the seismic demand (F) is
greater than either of these two service loads, a more detailed evaluation is necessary, as
described in section 1.7.2.

1.7.2.  EVALUATION FOR THE LOWER LEVEL GROUND MOTION

The seismic demand given by equation 1-2 is very conservative since it makes two simplifying
assumptions. First, the period of the bridge is assumed to be very short (less than T, figure 1-8),
in both the longitudinal and transverse directions, and second, the entire weight of the
superstructure is assumed to be mobilized during an earthquake in both the longitudinal and
transverse directions.

Therefore, a two-step process is recommended for the detailed evaluation of a bridge for the
lower level ground motion. These steps are:

Step 1. Revise the estimate of the seismic demand using improved values for the period of
vibration.

Step 1.1. Calculate the period of the bridge in both the longitudinal and transverse

directions using any of the elastic methods described in Method C (section 1.11). These
include the Uniform Load Method and the Multi-mode Spectral Method.
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Step 1.2. Obtain the response spectral accelerations in the longitudinal and transverse
directions (Sa. and Sar, respectively), using the periods found in step 1.1 and figure 1-8.

Step 1.3. Calculate the longitudinal and transverse seismic demands (F_ and Fr) from:
FL=Sa. W (1-3a)
FT:SaT w (1'3b)

Step 1.4. Compare F,_ and Fr against total longitudinal braking load, and total transverse wind
load respectively, and if either one is greater than the corresponding service load, a more
rigorous evaluation is required. Go to step 2. If, however, both F_and Frare less than the
corresponding service loads, no further evaluation is necessary and proceed to section 1.8.

Step 2. Revise the estimate of bridge capacity using explicit member strengths.

Use Method C (section 1.11 and section 5.4) to calculate capacity/demand ratios for each
member and component in the lateral load path. Members and components with capacity/demand
ratios less than unity are flagged for further consideration under section 1.7.3.

1.7.3. RETROFITTING FOR THE LOWER LEVEL GROUND MOTION

Once a bridge has been found to be vulnerable to the lower level ground motion, the next step is to
decide what, if anything, should be done to correct the deficiencies. Decision-making may be
formalized by exploring retrofit options and associated cost implications using the same process
described for the upper level motion in section 1.12. In most instances, these deficiencies will be a
lack of sufficient elastic strength, in which case component strengthening will be the most practical
approach. The first column of table 1-11 lists a number of strengthening approaches that may be
applicable. These approaches are described in chapters 8, 9 and 10.

However, before significant effort is devoted to retrofitting for the lower level earthquake, evaluate
the structure for the upper level event. It is possible that the bridge is also inadequate for the upper
level motion. Thus, while addressing the needs for the upper level earthquake, the deficiencies at the
lower level may be eliminated, and retrofitting specifically for the lower level would no longer be
necessary.

1.8. RETROFITTING PROCESS FOR UPPER LEVEL GROUND MOTION

The process of retrofitting bridges for the upper level earthquake ground motion involves an
assessment of many variables and requires the use of considerable judgment. Just as for the
lower level ground motion, it helps to divide the process into three parts. These are:

e Preliminary screening of bridge inventory.
e Detailed evaluation of an existing bridge.
e Selection of retrofit strategy and design of retrofit measures.

Figure 1-1 illustrates this three-step process and figure 1-10 shows the process in greater detail
for the upper level ground motion. Note that decisions are made at each step, based on the results
obtained thus far, that determine the next step in the process. Bridges are passed through a series
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Seismic Retrofit Category
(SRC)
(Section 1.6)

'

Seismic Retrofit

Y

Seismic Retrofit

PERFORMANCE-BASED SEISMIC
RETROFIT CATEGORIES (SRCs)
(Figure 1-9)

Anticipated Service Life
Bridge Importance
Site Class (Soil Factors)
Performance Criteria
Seismic Hazard Level for
Upper Level Ground Motion
SRC

Category A Categories B, C, D
RATING METHODS
1. Indices Method
2. Expected Damage Method
PASS Screening & 3. Seismic Risk Assessment Method
g Prioritization
(Section 1.10)
EVALUATION METHODS
(Table 1-9, Figure 1-13)
A, B. No Analysis Methods
: ''''''''''' C. Component C:D Method
I D1. Structure C:D Method (basic)
: D2. Structure C:D Method
! (advanced)
! PASS Deta||e.d E. Nonlinear Dynamic Method
- + Evaluation y
| (Section 1.11) ¥
|
: CAPACITY ASSESSMENT
! (Table 1-9, Figure 1-13)
! 1. Member Strength Capacity
| 2. Member Deformation Capacity
i 3. Foundation Strength and
i Deformation Capacity
i NO Strategize Retrofit
-¢ t (Section 1.12)
I Is retrofitting RETROFIT STRATEGIES
i warranted? (Table 1-11, Figure 1-14)
. 1. Do nothing
! 2. Partial Retrofit
|
A4 !
I RETROFIT MEASURES
| (Table 1-11)
: 1. Extended seat widths
! DESIGN RETROFIT 2. Expansion joint restrainers
RETROFITTING NOT : ;
- - MEASURES 3. Column jackets
REQUIRED (Section 1_13) 4. Footing Overlays
5. Supplemental Piles
6. Response Modification Devices
7. Soil Remediation

Figure 1-10. Seismic retrofitting process for highway bridges subject to
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of checkpoints to assure that only those structures actually in need of retrofit will be
strengthened.

As described in greater detail in sections 1.6 and 1.9, seismic retrofit categories (SRC) are used
to recommend minimum requirements for evaluation and retrofitting. The SRC assigned to a
bridge dictates the level of effort required to screen, analyze and retrofit a bridge, should
strengthening be necessary. The SRC is determined by the importance of the bridge, its
anticipated service life, and the seismic hazard level. Using these three factors, it is possible to
schematically illustrate the relative effort required to retrofit bridges of different importance, in
different hazard zones, and with different service lives. Figure 1-11 shows this relationship for
both ‘standard’ and ‘essential’ bridges.

1.9. MINIMUM REQUIREMENTS FOR UPPER LEVEL GROUND MOTION

Minimum requirements for screening, evaluation and retrofitting are determined by the Seismic
Retrofit Category (SRC), as recommended in table 1-7.

As noted above, bridges in SRC A need not be retrofitted due to their short anticipated service
life, or the fact that they are located in the lowest seismic zone with minimum performance
objectives (life safety only). Minimum screening, evaluation and retrofitting requirements are
therefore given only for SRCs B, C and D. In general, the higher the category, the more rigorous
the requirements, as seen in table 1-7

The screening requirements in table 1-7 list those components of a bridge that must be examined
when setting priorities for retrofitting. Since insufficient seat width and inadequate connections
are common reasons for bridge failures, the minimum screening requirements (SRC B) start with
seats and connections. Other components are added in the higher categories.

The evaluation requirements in table 1-7 give permissible methods of evaluation depending on
the SRC. They range from the ‘no analysis’ option and simplified elastic methods for SRC B, up
to the rigorous, nonlinear dynamic analysis methods for bridges in SRC D.

Table 1-7 lists those components of a bridge that should be retrofitted if found to be deficient.
Inadequate seats and connections are common reasons for bridge failures and minimum
requirements (SRC B) start with restrainers, seat width extensions and connection strengthening.
More extensive retrofit measures such as column jacketing, footing overlays, cap beam
prestressing, ground remediation and the like, are added in the higher categories.

Finally, it is noted that the requirements in table 1-7 are minima, and the owner may at any time
impose more rigorous requirements.
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Figure 1-11. Relative effort to retrofit an (a) ‘standard’ and (b) ‘essential’ bridge
with varying service life and hazard level.
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EXAMPLE 1.1: DETERMINATION OF SEISMIC RETROFIT CATEGORIES FOR BOTH
UPPER AND LOWER LEVELS OF GROUND MOTION

An essential bridge in Salt Lake City, UT (zip code 84112) has an anticipated service life of 30 years, and
is founded on very dense soils with an average shear wave velocity, in the upper 100 ft, of 1,350 ft/sec.
Determine the seismic retrofit categories (SRC) for this bridge for both the upper and lower levels of
ground motion.

Step 1. Importance, Anticipated Service Life, and Site Class

1.1 Bridge is stated to be essential.

1.2 For an anticipated service life of 30 years, the service life category is ASL 2 (table 1-1)
1.3 For the given soil description and shear wave velocity, the site class is C (table 1-3)

Step 2. Performance Criteria
2.1 From table 1-2, for the lower level ground motion, the performance level is PL3.
2.2 From table 1-2, for the upper level ground motion, the performance level is PL1.

Step 3. Seismic Retrofit Category for Upper Level Ground Motion
3.1 For zip code = 84112, the USGS CD-ROM gives Ss = 1.11 and S; = 0.39 (example 2.1)
3.2 For site class C and the values obtained for Sg and S4: F, = 1.0 and F, = 1.4 (table 1-4)
3.3F.Ss=1.0(1.11)=1.11
F.S1=1.4(0.39)=0.55
Seismic Hazard Level (SHL) = IV (table 1-5)
3.4 Seismic retrofit category for PL1 and SHL = IV, is C (table 1-6, upper level motion).
This is the SRC for the upper level ground motion.

Step 4. Seismic Retrofit Category for Lower Level Ground Motion
4.1 For zip code = 84112, the USGS CD-ROM gives Ss = 0.18 and S; = 0.05 (example 2.1)
4.2 For site class C and the values obtained for Ss and Si: F, = 1.2 and F, = 1.7 (table 1-4)
43F,Ss=1.2(0.18)=0.22

F.S1=1.7 (0.05)=0.09

Seismic Hazard Level (SHL) = Il (table 1-5)
4.4 Seismic retrofit category for PL3 and SHL = Il, is C (table 1-6, lower level motion).

This is the SRC for the lower level ground motion.
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1.10. SCREENING AND PRIORITIZATION FOR UPPER LEVEL GROUND MOTION

1.10.1. GENERAL

Bridge inventories are screened to identify structures that are seismically deficient and to
prioritize them in order of need for retrofitting. Such a process is intended to be rapid, easy to
apply and conservative. Bridges found to be deficient at this stage are subject to detailed
evaluation at the next step (section 1.11 and chapter 5), and any that are later found to be
satisfactory are excluded from further study at that time. An overview of the recommended
process for screening and prioritizing an inventory of bridges for retrofitting is illustrated in
figure 1-12. Details are given in chapter 4.

Seismic Retrofit Category (SRC)

v v

Seismic Retrofit Seismic Retrofit Categories:
Category A B,C,D

]

;

Compile Bridge and Hazard Compile Other Issues, O.
Data. e.g., Bridge Importance,
Calculate bridge rank, R, Network Redundancy,
based on vulnerability and Nonseismic Rehabilitation
seismic hazard. Needs

]

Y v
Retrofitting Not Calculate Priority Index,
Required P =1f(R,0)

Figure 1-12. Screening and prioritization process.
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Three screening and prioritization methods are described in this manual, two are presented in
depth, and the third is only briefly noted. Screening programs for bridges in Seismic Retrofit
Category A need not be conducted beyond the initial determination of SRC, since bridges in this
category are not required to be retrofitted, regardless of their structural deficiencies or level of
hazard.

Many screening and prioritization methods have been proposed in the past (Buckle, 1991). Most
develop a Seismic Rating System first, and then use the results of this rating exercise to prioritize
the inventory. Factors considered in the rating exercise usually include structural vulnerabilities,
and prevailing seismic and geotechnical hazards. Some also include bridge importance and
network redundancy at this stage, but others use these factors only when prioritizing the list of
deficient structures. Another important factor to be considered is the political, social, and
economic context in which the retrofit program is being conducted. Regardless of the process
used to develop the final prioritized list, all bridges should be subject to detailed evaluation
before actual retrofitting is undertaken, to confirm the identified structural deficiencies and
determine the cost-benefits of retrofitting.

1.10.2. FACTORS TO BE CONSIDERED

The objective of a screening and prioritization program is to determine which bridge (or set of
bridges) should be retrofitted first. Factors affecting such a program are the structural and soil
vulnerabilities, the level of the seismic hazard and several other factors which include:

e Bridge importance. This has been discussed in section 1.4.3.

e Network redundancy. This is a measure of route availability and is used to calculate bridge
importance. Whereas redundancy implies resiliency in the network, and should lessen the
need for retrofitting, setting priorities based on redundancy alone is not so straightforward.
For example, the likelihood that alternative routes will be damaged in the same earthquake
must be considered. Suppose a freeway overpass is highly vulnerable but it can be bypassed
using adjacent access ramps. Since a convenient detour is nearby, a lower seismic rating
might be assigned. But this assumes that the ramps remain operational, which may not be the
case if there is strong ground motion in the area. If, on the other hand, the structure is a
vulnerable river crossing, and the nearest detour several miles away, the redundancy of the
network will be low. However, the possibility of the alternate crossing being damaged will be
low and an alternate route may be available. The length of the detour then becomes the issue
when deciding priority for retrofitting. Other examples where network redundancy leads to
unexpected results are given in example 1.2.

e Age and physical condition. It is generally not wise to spend a large sum retrofitting a bridge
with relatively few years of service life remaining. This is one reason why bridges in SRC A
do not need to be retrofitted. It is also true that an unusually high seismic vulnerability may
be justification to accelerate closure or replacement of such a bridge. Also, a bridge in poor
physical condition, or one that is already scheduled for structural or functional rehabilitation,
may be given a higher priority for seismic retrofitting, since cost savings can be achieved by
performing the non-seismic and seismic work simultaneously.
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The above factors are not an exhaustive list, but illustrate some of the principles involved in
assigning priorities. In most cases, seismic ratings are used to guide decision-making but are not
the final word. Common sense and engineering judgment are necessary when weighing the
actual costs and benefits of retrofitting against the risks of doing nothing.

1.10.3. SEISMIC VULNERABILITY RATING METHODS

Most vulnerability rating methods assign a structure vulnerability index (from 1-10) and a hazard
index (1-10), and combine these in various ways to obtain an overall seismic rating. Some
methods also develop an importance index (1-10) to address daily traffic flow, redundancy and
the socioeconomic climate. Others use qualitative measures to include these factors. This last
approach was recommended in the 1995 FHWA Retrofitting Manual (FHWA, 1995) and is also
included in the current edition (section 1.10.4). Recent progress in seismic risk assessment
methods has led to the development of fragility functions for specific classes of bridges. These in
turn have led to loss estimation methodologies for highway systems. These methodologies have
many potential applications in highway design and retrofitting, including planning for emergency
response and recovery. They may be used for screening bridge inventories with more rigorous
results than possible with the above methods, since they quantify the uncertainties surrounding
bridge and site vulnerability, network redundancy and importance factors.

The three methods summarized below have increasing complexity, but decreasing conservatism.
Two of these are further described in later sections of this chapter and in greater detail in chapter
4. These methods are differentiated by the manner in which structure vulnerability, seismic and
geotechnical hazards, importance, redundancy and various socioeconomic factors are treated.

The methods are:

1. Indices Method (FHWA, 1995)
Indices are used to characterize the structure vulnerability and hazard level and are then
combined to give a single rating for each bridge. Indices range from 0 to 10 and are based on
conservative, semi-empirical rules. Prioritization is determined by this rating together with a
qualitative assessment of importance, redundancy, non-seismic issues, and socioeconomic
factors. This is the simplest of the three methods, but it is also the most conservative, since it
uses arbitrary rules to allow for inherent uncertainties.

2. Expected Damage Method
This method compares the severity of expected damage for each bridge in the inventory, for
the same earthquake. Severity of damage is measured either by sustained damage state(s) or
by estimating direct economic losses. Bridges with the highest expected damage (and/or loss)
are given the highest priority for retrofitting. Uncertainty in ground motions, and randomness
in soil and structure properties, are explicitly addressed by using fragility functions to
estimate damage-state probabilities (see chapter 4). A qualitative assessment of indirect
losses, network redundancy, and non-seismic issues is required and the ranking, based on
fragility, is modified accordingly.

3. Seismic Risk Assessment Method
Explicit analysis of the highway network is performed for a given hazard level and the
resulting damage states used to estimate the effect on system performance as measured by

33



traffic flow (e.g., increased travel times). Sensitivity of this performance to bridge condition
is subsequently used to determine bridge retrofit needs and priorities. Independent qualitative
assessment of non-seismic issues and socioeconomic factors is required. This is the most
complex of the three methods, but it is also the most rigorous with the least conservatism in
the final result.

Methods 1 and 2 are summarized in sections 1.10.4 and 1.10.5 below and described in detail in
chapter 4. Method 3 is considered outside the scope of this manual and is not discussed further.
A full description may be found in Werner et al., 2000.

1.10.3.1. Minimum Screening Requirements

Minimum requirements for screening bridge inventories, based on Seismic Retrofit Categories,
are recommended in table 1-7.

1.10.3.2. Seismic Inventory of Bridges

The first step in implementing any of the above methods is to compile a bridge inventory with
the objective of obtaining the following basic information:

e The structural characteristics of each bridge to determine either the vulnerability rating or to
select the fragility function as described in chapter 4, and

e The seismicity and soil conditions at each bridge site to determine the seismic hazard rating
or select the fragility function as described in chapter 4.

This information may be obtained from the bridge owner's records, the National Bridge
Inventory (http.//www.fhwa.dot.gov/bridge/nbi.htm), “as-built” plans, maintenance records, the
regional disaster plan, on-site bridge inspection records, and other sources. A form, such as the
sample shown in table 1-8, should be used for recording this information and filed with the
bridge records.

Much of the information used to assign the required performance level for the retrofitted bridge
in section 1.4 will also be necessary when making assessments of importance, redundancy, and
socioeconomic issues in the sections that follow.

1.10.4. INDICES METHOD

In this method, the seismic rating of a bridge is determined by its structural vulnerability, the
seismic and geotechnical hazards at the site, and the socioeconomic factors affecting the
importance of the structure. Ratings of each bridge are first found in terms of vulnerability and
hazard, and then modified by importance (societal and economic issues) and other issues
(redundancy and non-seismic structural issues) as necessary to obtain a final, ordered
determination of retrofitting priority (Buckle, 1991; FHWA, 1995).
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EXAMPLE 1.2: IMPACT OF NETWORK REDUNDANCY ON BRIDGE PRIORITIZATION

Example 1.2(a). In the figure at
right, assume that Bridge A is a
seismically vulnerable bridge
and has a high seismic
vulnerability rating. It is located
on a major route in series with
lower-rated Bridges B and C,
which are also vulnerable to
earthquakes, but to a lesser
degree than Bridge A. Assume
that no convenient detour to this
route exists and that each
bridge can be economically
retrofitted. What priority should
be given to Bridges B and C?

Bridge A Bridge B Bridge C

Answer: Since retrofitting Bridge A alone would improve only one point on the route and do nothing to
prevent the failure of Bridges B or C, and because construction and administration savings can be
realized by retrofitting more than one bridge in the same geographical area at a time, Bridges B and C,
although lower rated than A, should also be considered for retrofitting.

Example 1.2(b). Suppose in the Example above, Bridge B has a high vulnerability rating but cannot be
economically retrofitted. What priority should now be given to Bridges A and C?

Answer: Because Bridge B is in series with Bridges A and C, the route would be closed if Bridge B were
to collapse. Therefore, unless Bridge B can be replaced at the same time, it may be advisable to give
Bridges A and C a lower retrofit priority because strengthening of these two bridges alone may not
prevent closure of the route.

Example 1.2(c). Consider two bridges
that have parallel functions, such as
Bridges D and E in the figure at right. If
Bridge D has a lower vulnerability
rating than Bridge E, which bridge
should be retrofitted first?

Answer: Since Bridge D has the lower — ———— e ——————————— ==
rating, it is possible that it could be
more economically retrofitted than
Bridge E, since less strengthening is e ————————— S
required. If this is true, and the
collapse of one bridge is preferred Bridge D Bridge E
over the loss of both bridges, then it

might be more logical to retrofit Bridge
D before Bridge E, even though Bridge
E had the higher vulnerability rating.
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Table 1-8. Sample bridge seismic inventory form.

BRIDGE SEISMIC INVENTORY DATA FORM

GENERAL

Bridge Name BIN Number

Location

Year Built ADT Detour Length

Total Length Feature Carried

Overall Width Feature Crossed

Importance: essential / standard Alignment: straight / skewed/ curved Geometry: regular / irregular

Seismic Hazard (100-year event): Ss = g Si= g Soil Site Class: A/B/C/D/E
(1000-year event): Sg = g Si= g Soil Site Class: A/B/C/D/E

SUPERSTRUCTURE

Material and Type

Number of spans Continuous: yes / no Number of expansion joints

BEARINGS

Type Condition: functioning / not functioning

Type of restraint: Longitudinal: Transverse:

Actual support length Minimum required length

COLUMNS AND PIERS
Material and Type

Cross-section: Min. transverse dimension Min. longitudinal dimension
Height range (low — high): Fixity: Top Bottom
Longitudinal reinforcement (%) Splices in end zones ? yes/no

Transverse confinement steel

FOUNDATIONS AND ABUTMENTS
Pier foundation type: spread footings / pile footings / pile bent / single shaft / other

Abutment type: seat / integral / other On Piles: yes/no

other

Abutment height Approach slabs: yes / no Slab length

Location: cut / fill Wingwalls: yes / no Liquefaction: susceptibility low / moderate / high
REMARKS
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This rating system has two parts: quantitative and qualitative. The quantitative part produces a
seismic rating (‘bridge rank’) based on structural vulnerability and site hazard. The qualitative
part modifies the rank in a subjective way that accounts for importance, network redundancy,
non-seismic deficiencies, remaining useful life, and similar issues to arrive at an overall priority
index. Engineering and societal judgment are key to the second stage of the screening process.
This leads to a priority index, P, which is a function of rank, importance, and other issues:

P = f (R, importance, non-seismic, and other issues) (1-4a)
where P is the priority index, and R is the rank based on structural vulnerability and seismicity.

In summary, bridge rank is based on structural vulnerability and seismic hazard, whereas retrofit
priority is based on bridge rank, importance, non-seismic deficiencies, and other factors such as
network redundancy. A methodology for calculating bridge rank (R) and the assignment of the
priority index (P) is given in chapter 4 (section 4.2).

1.10.5. EXPECTED DAMAGE METHOD

The Expected Damage Method compares the severity of expected damage for each bridge in the
inventory for the same earthquake, and ranks each bridge accordingly. Severity of damage is
measured either by the sustained damage state(s) or the estimated direct economic loss. Bridges
with the highest expected damage (and/or loss) are given the highest priority for retrofitting.

In its present form, the method does not include indirect economic losses due to loss of life,
injuries, business disruption, traffic congestion, denial of access to emergency responders and the
like. These losses will probably exceed the direct losses (i.e., repair costs) but the state-of-the-art
of loss estimation is currently unable to quantify these costs with any certainty.

As in the Indices Method, this method has two parts: quantitative and qualitative. The
quantitative part is based on expected damage and direct economic losses, and is used to obtain a
bridge rank, R. The qualitative part modifies the rank in a subjective way that takes into account
such factors as indirect losses, network redundancy, non-seismic deficiencies, remaining useful
life, and other issues, to obtain an overall priority index. As in the previous method, engineering
and societal judgment are the key to the second stage of the process. This leads to a priority
index, P, which is a function of rank, indirect losses, redundancy, and other issues, as follows:

P = f(R, indirect losses, redundancy and various non-seismic issues)  (1-4b)
where P is the priority index, and R is the rank based on expected damage and direct losses.

It is seen that bridge rank is based on expected damage and direct losses for a given earthquake,
whereas retrofit priority is based not only on bridge rank, but also on expected indirect losses,
network redundancy and non-seismic factors, estimated in a subjective way. Although equation
1-4b has the same form as equation 1-4a, the terms are calculated in different ways. A particular
advantage of this method is that it provides a template by which indirect losses may be rationally
included, as the state-of the art improves.

37



The estimation of expected damage is a critical step in this method and due to uncertainty in
earthquake ground motions, and randomness in soil and structure properties, this step is a
probabilistic one. Fragility functions are used to estimate the probability of a bridge being in one
or more specified damage states, after a given earthquake. Appendix C summarizes the theory of
fragility functions and briefly explains how they are obtained. It also describes the six damage
states most commonly used to characterize expected damage.

As noted in section 1.10.3, fragility functions are also essential elements in the Seismic Risk
Assessment Method for screening and prioritizing bridges. These functions are also used in most
loss-estimation methodologies, including HAZUS, which is under development by the National
Institute of Building Sciences for the Federal Emergency Management Agency (HAZUS, 1997).
In order to simplify the method as much as possible, input data requirements are kept to a
minimum. In particular, all structure attributes may be found in the NBI. Ground motions and
soils data are based on spectral accelerations and soil types as described in section 1.5.

A methodology for calculating bridge rank (R) and the assignment of the priority index (P),
based on expected damage, is given in chapter 4 (section 4.3).

1.11. METHODS OF EVALUATION FOR UPPER LEVEL GROUND MOTION

Bridges found to be deficient during screening and prioritization (section 1.10) are subject to
detailed evaluation using one or more of the methods described in this section. Since the
screening procedures described above are necessarily conservative, it is likely that a bridge
identified as deficient during screening will be found satisfactory upon a more detailed
evaluation.

The seismic evaluation of a bridge is explicitly or implicitly a two-part process. A demand
analysis is first required to determine the forces and displacements imposed on the bridge by an
earthquake; this is then followed by an assessment of capacity to withstand this demand. Most
evaluation methods express their results as capacity/demand ratios calculated on a component-
by-component basis, or for the bridge as a whole (i.e., as a single structural system).

Six evaluation methods are described in this manual, which are all based, to varying degrees, on
capacity-demand principles. They are listed below in order of increasing sophistication and rigor,
and are summarized in table 1-9. All six methods are described in detail in chapter 5. These
methods emphasize the calculation of demand on a member or component of a bridge. Methods
for calculating the capacity of a member or component are described in detail in chapters 6

and 7. The relationships between these methods for demand analysis and capacity assessment are
shown schematically in figure 1-13.

Method A1/A2: Connection forces and seat width checks. Seismic demand analysis is not
required but the capacity of connections and seat width adequacy is checked against minimum
values (section 5.2). The method is suitable for all single span bridges and others in low hazard
zones. The method is divided into two categories, Al and A2. If the short-period spectral
ordinate S; < 0.10, Method A1 may be used. Otherwise, Method A2 must be used, which
requires higher minimum connection capacities than Method A1l.
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Method B: Component capacity checks. Seismic demand analysis is not required, but the
relative strength of the members and the adequacy of certain key details are checked against
recommended minima. This method is suitable for regular bridges in SRC C, subject to
restrictions on FyS; (section 5.3).

Method C: Component capacity/demand method. Seismic demands are determined by an elastic
analysis such as the uniform load method, multi-mode response spectrum method, or an elastic
time history method. The uniform load method is adequate for bridges with regular
configurations; otherwise, the multi-mode method is used as a minimum. Capacity/demand ratios
are calculated for all relevant components. This method is suitable for all bridges in SRC C and
D, but gives best results for bridges that behave elastically or nearly so (section 5.4).

Method D1: Capacity spectrum method. Seismic demands are determined by simple models
such as the uniform load method, and capacity assessment is based on a simplified bilinear
lateral strength curve. A capacity spectrum is used to calculate the capacity/demand ratio for the
bridge, for each limit state. This method is suitable for regular bridges in SRC C and D (section
5.5).

Method D2: Structure capacity/demand method. Seismic demands are determined by elastic
methods such as the multi-mode response spectrum method, or an elastic time history method.
Capacity assessment is based on the displacement capacity of individual piers as determined by a
‘pushover’ analysis, which includes the nonlinear behavior of the inelastic components. A
capacity spectrum is used to calculate the capacity/demand ratio for each pier, bearing, and
foundation of the bridge, for each limit state. This method is suitable for all bridges in SRC C
and D. It is also known as the Pushover Method or alternatively the Nonlinear Static Procedure
(section 5.6).

Method E: Nonlinear dynamic procedure (time history analysis). Seismic demands are
determined by a nonlinear dynamic analysis using earthquake ground motion records to evaluate
the displacement and force demands. Capacities of individual components are explicitly modeled
in the demand analysis. This method is suitable for irregular complex bridges, or when site
specific ground motions are to be used for a bridge of major importance (section 5.7).

In summary, Methods A and B are based on default minima with no demand analysis required.
Methods C and D are capacity-demand methods of varying rigor, and Method E is the most
rigorous of all the methods and is based on inelastic time history analysis.

The choice of method to be used for an evaluation is determined by the minimum requirements
in table 1-7 and the regular/irregular requirements summarized above and in table 1-9. The
minima in table 1-7 are related to the Seismic Retrofit Category of the bridge under
consideration, and are based on two principles. First, as the seismic hazard increases, improved
modeling and analysis for the seismic demands is necessary, because bridge response is sensitive
to increasing demand. Second, as the complexity of the bridge increases, more sophisticated
models are required to capture both the demand and capacity with certainty. Note that a higher
level of analysis may always be used in place of a lower-level method.

39



poylsy A10jsiH 8wl = H1 ‘PoyIs|A [esj09ds 8pON-IHINAI = NN “POYIBIN PEOT Wioyun = NN "2
"0 POYISIA SI UonEN|eAS JO POUISW papuswwooal ay) ‘e@xenbyues [aAs] Jamo)| ay) 1o} ‘exenbyues [aAs| Jaddn Joy AloBe)e) 1oy JlwsIes = DYS 'L :S9JON

‘9ouepodwi Jolew

Jo sebpliq Joj se yons pasn aq HL o 'sbujooy pue suwnjoo poylsiN
‘|lennuassa alemyos "palinbas | 0} ale suonow punoib oyoads a)is ,SPOUIBIA | ‘SUIPIM Jeas ‘Suoloauu0d 10} | dlweuAq JeauljuoN 3
(IS Ladxa ‘poylew snolobil 1Sol\ | uaym Jo ‘sabpuq xajdwod teinba.j a onsejau| saljoeded Jusuodwod sasn
‘sisAjeue
Ajoeded pue puewap Jo} palsinbau
21eM}JOS "poyjapy uonenjers poulew
Apoeden jusweoeidsiq HL e ‘sajels
puewagqg/Ayoedes | za
10 8/nNPpa20.id 2ije]S JeauljuoN NN e Jwij uonepunoy pue siaid
SE UMOUY| 0S|y "SUOI}EepuUNO} pue NTN e [enpiAlpul ‘einjonaisiadns aImonys
‘siaid |enpialpul ‘aunjongisiadns ,SPOUIB\ Jo sisAjeue pajie}ap
abpliq 1o} sonel g/9 seienojen "sabpuiq Jenbau pue denbey | g% D onse|g woJy 8AIN2 Jaaoysnd sasn
‘Aienbal
‘sainjonysiadns abpliq uo suonou}sal
‘Injasn j9ayspealdg "saje)s aue|d-ui ,pibu, aaey pue NIN e 0} 109[gns ‘peo] |eiaie| PouIaIN 1a
. ] wnujoadg Ajoeden
Hwi| payioads Joy ‘ebpuq a)9|dwod | swa)sAs wopaaly-jo-aaibap-a|buils ,SPOUIBI\ Jo} Ayoeded ainyongys Jo
10} sofes g/0 saje|nojen se aAneyaq jeyy sabpuq einbay | ¥ D onse|g uonejuasaidal Jeaul|iq sasn
‘sisAjeue puewsap
Jo} pasinbal a1emyos ‘sjenuew "BlIB)IO 8ouewlopad HL e ‘(sway pouloI
Bumuonal abpuq Aemybiy JuabuLls ylm asoy) pue sauoz NN e L 1) Aljigndaosns uonoejanbi puewag/Ajioedes | 9
VMH4 shoiaaud Jo poyle\ :0 OIWISISS 9)BJaPOW-0}-MO| Ul 9SO} NTN e pue ‘sbunooy ‘sjielap uwnjoo yusauodwor
8y} sl SIy] "sjusuodwod [enpliAlpul | Se yans ‘Ajjeonse jsowje puodsal 1, SPOYIBN |  ‘SUIPIM }eas ‘Suoljoauuod oy
Joj sones /0 saenoe) | ey sebpuq Jeinbaui pue Jeinbay | g D onse|g saijoeded Jusuodwod sasn
"suolepuno} pue
SUWIN[OD ‘S]eas ‘SuoI}oauU0D s)oayo Ayoeden
‘Injasn "lg"4 uo suonejwl| 10} speo| olws|as-uou jusauodwon 9
198yspealds ‘poyjaw pueH 0] 108[gns 1nq ‘sebpuq Jeinbay o) paJinbal JoN 0] anp Ajoeded jnejep sasn
"SUIPIM ]BaS puB SUO[}O8UU0D
‘Injasn '$9U0Z piezey mo| Ul sabplg g 10} Speoj ojwsies-uou | SI1°2UD WIPIM 3e9S | 2V
1o8yspealds ‘poyiaw pueH ‘sabplq ueds gjbuis ||y | -V | paiinbaiijoN 0} anp Ayoeded jnejap sasn pue toposuuoy | /Iv
adA] abpug 1N
SININWWNOD OYS | SISATVNV LININSSIASSY ALIOVdYD dOHL3IN
ALITIgvOIddY E

'$93p1Iq SUIISIXd 0] SPOYIOW Uoen[eAy "6-1 J[qeL

40



SEISMIC RETROFIT CATEGORY and BRIDGE TYPE

Y
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Figure 1-13. Evaluation methods for existing bridges

showing relationship between demand analysis and capacity assessment.
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1.12. RETROFIT STRATEGIES FOR UPPER LEVEL GROUND MOTION
1.12.1. GENERAL

Once a bridge is found to be seismically deficient, the next step is to decide what, if anything,
should be done to correct the deficiencies. Decision-making may be formalized by exploring
retrofit options and the associated cost implications. This section revisits the objectives of
retrofitting and discusses the selection of a retrofit strategy (including cost considerations),
developing a retrofit approach, and identifying retrofit measures.

A Retrofit Strategy is the overall plan for the seismic retrofit of a bridge. This plan can employ
more than one retrofit approach and thus several different retrofit measures. Retrofit strategies
are discussed in section 1.12.2.

A Retrofit Approach is the philosophy of seismic enhancement adopted for a bridge.
Strengthening is an example of a retrofit approach. One or more retrofit approaches can be
employed in the seismic retrofit of a bridge. Various approaches are discussed in section 1.12.3.

A Retrofit Measure is the physical modification of a component in a bridge for the purpose of
upgrading overall seismic performance. For example, the addition of a steel shell to a reinforced
concrete column is a retrofit measure. Retrofit measures for superstructure, substructure, and
foundation components are briefly summarized in section 1.13, and described in detail in
chapters 8, 9, and 10, respectively.

1.12.2. SELECTING A RETROFIT STRATEGY

1.12.2.1. Objective of Retrofitting and Acceptable Damage

The objective of retrofitting a bridge is to ensure that it will perform satisfactorily when
subjected to the design earthquake. Specifically, bridges should be retrofitted to meet the
performance criteria given in section 1.4 and table 1-2, which are determined by the importance
of a bridge and its anticipated service life.

Performance criteria for both new and existing bridges permit considerable structural damage as
long as collapse is prevented, and the amount of acceptable damage in existing bridges may be
greater than for new designs.

There are at least two reasons why accepting some level of damage is an essential ingredient of
almost all retrofit strategies. These are:

e Retrofitting is usually more complex and more expensive than providing adequate resistance
in a new bridge. In some cases, the added cost of preventing damage could be as much, or
more, than the cost of repairing the damage in the unretrofitted bridge (neglecting indirect
losses).

42



e Existing bridges may have a reduced useful or remaining life due to normal ‘wear and tear,’
and increasing traffic volume and/or load capacity requirements. This shortened life reduces
the likelihood that such a structure will experience a damaging earthquake, and increases the
annualized cost of every dollar spent to prevent earthquake damage.

There are exceptions to this rule. These include very important bridges, and where the societal
cost of any damage that disrupts serviceability, or reduces traffic capacity, is unacceptable.

1.12.2.2. Cost Considerations of Seismic Retrofit

Cost is a major consideration in seismic retrofitting. As noted above, the average cost of seismic
retrofitting is much higher than of incorporating seismic resistance into the design of a new
bridge. In fact, it has been estimated that in extreme cases, seismic retrofitting may be two to
three times more expensive.

Data giving the actual cost of retrofitting is hard to find because very few States have completed
extensive retrofit programs from which cost databases may be compiled. However, table 1-10
gives some data based on Caltrans’ experience in retrofitting 165 bridges during 1993 and 1994.
In this table, retrofit costs are expressed as a fraction of the cost of new construction and the
average cost is seen to be about 15 percent of the cost of building a new bridge in the same time
period. Also, as might be expected, retrofit costs strongly depend on the strategy employed.
When only the superstructure is retrofitted (cable restrainers and seat width extenders), the
average construction cost is about 3.1 percent of new construction. When the substructure is also
retrofitted, but not the foundation, the average cost rises to 15.4 percent. When the foundation is
included, the average cost rises further to 28.8 percent. Table 1-10 also shows a significant
variation in cost when the same strategy is applied to different bridges, due to differences in the
extent of retrofitting required. Although this data reflects prevailing conditions in the California
construction market at the time of these retrofits, the trends are believed applicable elsewhere in
the country.

Table 1-10. Cost of various retrofit strategies as percentage of new construction costs ',

RETROFIT STRATEGY TOTALS
(weighted sum
RANGE Superstructure Superstructure S?J%Z?rrjéitféu;’d all retrofits in
Only® and Substructure F ) California, 1993
oundations and 1994)
Low 1.3 0.7 2.3 0.7
Average 3.1 15.4 28.8 15.1
High 13.2 64.8 2329 2329

Notes: 1. Caltrans data for 165 bridges retrofitted in 1993 and 1994.
2. Costs expressed as percentage of new construction for same time frame.
3. Superstructure includes restrainers and seat width extensions.
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Engineering costs for retrofit design are also generally higher than for new construction. It is not
unrealistic to expect that these costs will be twice the cost of the engineering required for a new
bridge of similar value. This is because many bridges are unique and often require customized
retrofit strategies. Standardization of design and retrofit details is therefore difficult to achieve.
In addition, the detailed seismic evaluation of a bridge and identification of the most appropriate
retrofit strategy is a time-consuming process that may involve a detailed dynamic analysis and
potentially, many trial designs investigating possible strategies.

In addition to higher initial costs, the fact that the life of a retrofit should not exceed the
remaining service life of the bridge means that the annualized cost of retrofitting is further
increased over the cost of seismic resistance in new construction. This requires that the benefits
of retrofitting, particularly for damage prevention, be weighed against these higher costs when
selecting a retrofit strategy for the bridge.

1.12.2.3. Other Considerations and Non-Seismic Issues

Many existing bridges within the United States are either structurally deficient or functionally
obsolete, in addition to being seismically vulnerable. Either one of these two conditions could
result in a bridge being rehabilitated, which might present an opportunity for improving the
seismic resistance of a bridge at the same time. If retrofitting is required immediately, it may be
advisable for the designer to consider the additional demands that will be placed on the structure
when the future widening is finally accomplished. A designer should therefore consider both the
present condition and possible future service that will be required of the bridge.

Bridge inspection and maintenance needs should also be considered when designing a seismic
retrofit. This includes access for inspection as well as maintenance activities. The retrofit
measure itself should not become a maintenance problem. The designer should be aware of the
needs of maintenance personnel and include them in the selection process of the retrofit strategy.

Retrofit measures can dramatically alter the appearance of the bridge. The designer should
therefore be sensitive to the aesthetics of the retrofit design. This could be particularly important
if the original design has notable aesthetic value or if it is desirable or required to preserve the
appearance of the bridge for other reasons (e.g., if the bridge is a historic structure). There may
be alternative retrofit measures that are just as effective, but more aesthetically acceptable.

It is often not possible to close a bridge to traffic while retrofitting is performed, but some retrofit
measures require access to portions of the bridge that will disrupt traffic. Rerouting of traffic and
staged construction will then be necessary, and when this is difficult to achieve, a strategy that
limits disruption to traffic must be found. Similar constraints may exist with respect to utilities
on or near the bridge. If they cannot be easily relocated, it may be necessary to redesign the
retrofit to avoid damage or disruption to these utilities.

Constructability is always an issue for the bridge designer, but potentially more so in the case of
seismic retrofitting. The main problem is access to the work area on and around the existing
bridge and surrounding facilities. Some examples include driving or drilling piles under an
existing structure with limited headroom, placing concrete under an existing horizontal surface,
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and excavating near other adjacent facilities. The designer must carefully think through the steps
required for construction, and verify that the proposed retrofit can indeed be built.

Political and environmental constraints often arise during retrofitting and should be identified as
far ahead as possible during selection of the preferred strategy. For example, the bridge may be
listed on an historical register, which could limit the types of modifications that can be
performed. The bridge may be located in an environmentally sensitive area that limits access to
certain critical elements such as columns or foundations. The bridge may be located in a highly
urban or residential environment, which may limit certain types of construction activities such as
pile driving because of vibration and noise. Hazardous wastes are likely to be present around
bridges in urban environments and, if disturbed, will require remediation. Political opposition to
certain solutions such as bridge replacement, may also limit the options of the designer. It is
important that the designer be sensitive to these and other issues early in the retrofit process with
a view to finding the best solution given the constraints.

1.12.2.4. Identifying and Evaluating a Retrofit Strategy

Selecting the preferred retrofit strategy can be complicated. Not only is it often a challenge to
find the right technical solution, it is also a challenge to satisfy a multitude of socio-economic
constraints. A systematic process should therefore be followed to assure an appropriate strategy
is selected. A flowchart for such a process is shown in figure 1-14. The various steps are
discussed below.

Step 1. Conduct a detailed as-built evaluation. The first step in seismic retrofitting is to perform a
detailed analytical evaluation of the existing bridge, as it exists in the field. Procedures
for this step are discussed in section 1.11 and chapters 5 through 7. The goal of this step
is to assess the response of the bridge to the design earthquake and to identify weaknesses
that can be addressed by retrofitting. A formal field review of the bridge should be
performed as part of this step. This is needed to verify the as-built condition of the bridge
and to identify any constraints on retrofitting. Structural and geotechnical specialists and
the owner should be involved in this effort.

Step 2. Identify alternative retrofit strategies. Frequently, there is more than one way to improve
the performance of an existing bridge, and it is important to identify as many options as
possible. Many will be quickly eliminated because of excessive cost, constructability or
other problems as noted in section 1.12.2.3. Solutions that appear viable should be further
considered in Step 3. Table 1-11 (see section 1.13.2) identifies alternative retrofit
approaches that might be used to address common deficiencies and directs the designer to
possible retrofit measures for each approach. This table may therefore be helpful when
looking for potential retrofit strategies.

Step 3. Evaluate alternative retrofit strategies. Detailed analytical evaluations of each viable
retrofit strategy should be performed using the methods described in section 1.11 and
chapters 5 through 7. This step should also include the preliminary design of the
elements of the proposed retrofit so that a preliminary cost estimate may be prepared for
each alternative.
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Detailed evaluation of 'as-built' bridge
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Is retrofitting 'Do nothing'
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Present strategy to Strategy Meeting |#———
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Figure 1-14. Identification and evaluation of a retrofit strategy.

46




Step 4. Conduct a strategy meeting. Since seismic retrofitting involves many complex issues,
consensus must be achieved on the most appropriate strategy. This may be accomplished
through a strategy meeting where the designer presents recommendations and cost
estimates for retrofitting. Representatives of all agencies that have an interest in the
project should attend this meeting, including the bridge owner, utility companies,
Federal, state and local government agencies, structural and geotechnical engineering
specialists, and environmental and citizens groups.

Step 5. Document the strategy selection. The retrofit decision should be documented in a strategy
report that becomes part of the permanent record for the project. This report should
include all the calculations of the as-built and as-retrofitted evaluations, preliminary plans
and sketches showing the proposed retrofit, a summary of conclusions and
recommendations, preliminary cost estimates, and a summary of the discussions from the
strategy meeting.

1.12.2.5. Do-Nothing and Full-Replacement Options

When retrofitting a seismically deficient bridge, two possible solutions, at opposite ends of the
spectrum, should be kept in mind: the ‘do-nothing’ and ‘full-replacement’ options.

The ‘do-nothing’ option requires the acceptance of damage during a future earthquake. This will
be a relatively straightforward decision if life safety is the only performance requirement, and the
expected damage is not a threat to life safety. The most likely cause of loss of life is total
collapse of a span, but this is a relatively rare event. For example, the toppling or failure of
individual bearings will not necessarily lead to collapse if the bearing seats are wide enough to
catch the superstructure. Similarly, foundation failures are unlikely to cause collapse, unless the
ground deformations are extremely large due to widespread liquefaction or massive ground
failure such as fault rupture. Fortunately, these occurrences are rare. Nevertheless, judgment
should be used when assessing collapse potential and, to the extent possible, this potential should
be carefully evaluated using a detailed analysis.

The ‘full-replacement’ option may also be an attractive option, particularly when the cost of
retrofit is on the same order of magnitude as the replacement cost of the bridge. Full replacement
is generally considered whenever the retrofit costs approach 60 to 70 percent of a new bridge and
may become even more attractive if the structure has non-seismic structural deficiencies and is
functionally obsolete. However, in making this recommendation, the designer should also
consider the cost of demolition and any costs associated with control and rerouting of traffic as
part of the cost of the replacement alternative. These costs can be significant and may tip the
scales back toward the retrofit alternative.

1.12.3. SEISMIC RETROFIT APPROACHES
Seismic retrofit approaches may be used alone or in combination to develop a seismic retrofit

strategy for a given bridge. Some of the more common approaches are listed below and
discussed in sections 1.12.3.1 through 1.12.3.7.
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Strengthening.

Improvement of Displacement Capacity.

Force Limitation.

Response Modification.

Site Remediation by Ground Improvement.

Acceptance or Control of Damage to Specific Components.
Partial Replacement.

1.12.3.1. Strengthening

Strengthening is intended to increase the force or moment capacity of one or more deficient
elements of a bridge. This approach should also take into account any significant increase in
stiffness due to the strengthening, and its likely effect on structural response.

It is generally not feasible to economically retrofit a bridge for a major earthquake within the
elastic range of the members, and therefore, yield is to be expected in many locations. In cases
where the force or moment demands on a structural element are limited by yielding elsewhere in
the structure, the strength of the element should be sufficient to resist the demands placed on it
without damage. Such is usually the case with superstructure and foundation elements where
forces are controlled by column yielding. When these elements are not strong enough to resist
the forces or moments generated by the existing or retrofitted column, they must then be
strengthened.

Strengthening of a ductile component can reduce the ductility demand on the component and
thus improve seismic performance. However, it will usually increase the forces or moments in
adjacent components, which will then also need to be strengthened.

The addition of restrainer cables or high strength bars at hinges and seats is also considered to be
a form of strengthening. The added strength and stiffness of restrainers will limit the relative
movement between superstructure spans or frames, with the goal of preventing failure due to loss
of support.

1.12.3.2. Improvement of Displacement Capacity

Displacement capacity is generally a better indicator of structural performance than member
strength. A common retrofit approach, therefore, focuses on improving displacement capacity.
This can be achieved in one of two ways.

The first technique extends the length of bearing seats to permit greater relative movement at
bearing locations without loss of support. This is an alternative method to the use of restrainer
cables or bars, which is a strengthening approach intended to reduce the displacement demand on
the bearing seat. In many cases, both approaches are used in combination, i.e., both restrainers
and seat extenders are used to prevent loss of support at the same location.

The second technique increases the ductility capacity of columns and piers. Large inelastic
deformations may be required of columns and piers during a major earthquake and ductility
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capacity is a measure of their ability to sustain this deformation without collapse or fracture. A
ductile column or pier can therefore accommodate large imposed deformations, and any
technique which increases this capacity is considered to be a form of displacement capacity
enhancement.

1.12.3.3. Force Limitation

Forces in critical structural components can be limited by using yielding elements as a structural
‘fuse’, i.e., a sacrificial element. If one member in a bridge is deliberately designed to yield and
thus limit the forces that can be transmitted to an adjoining member, the second member is
‘capacity-protected’ by the first member. If, for example, a column is intended to yield and
develop plastic hinges, the maximum moment that can be transmitted from the column to the
foundation is limited by the yield moment of the hinges. In such a case, the foundation is
‘capacity-protected’ by the column.

Although force limitation occurs naturally in many structures, several force-limiting retrofit
methods have been developed to reduce the cost of strengthening of components, particularly
those that are structurally difficult to implement.

One method of force limitation uses seismic isolation bearings. Although these bearings can be
used to modify the dynamic response of a bridge, as discussed in section 1.12.3.4, they can also
be used as ‘fuses’ that limit the amount of shear force that can be transmitted to a substructure or
foundation.

Another example of force limitation is the link-beam concept that has been used for retrofitting
multi-column piers. With this technique, shear forces are limited by plastic hinging in the
beams, which in turn limits the magnitude of the moments that can be transmitted to bent caps
and footings.

The ductile diaphragm method described in chapter 8 also utilizes the force limitation approach.
1.12.3.4. Response Modification

The dynamic response of a bridge to earthquake ground motion determines the force and
displacement demands that will be placed on various components. It is often possible to retrofit
the bridge in such a way that the dynamic response will be significantly altered. This could
reduce force and displacement demands and thus eliminate or reduce the need for retrofitting by
strengthening or enhancing displacement capacity. An example of this approach is seismic
isolation, in which the fundamental period of the structure is deliberately increased to reduce the
force demands. In this case, however, the displacement demands in the isolators may be very
large and additional damping is usually provided to reduce these demands. Energy dissipators
and dampers also modify dynamic response and may be used to reduce the need for
strengthening or improving displacement capacity.

Another method of response modification is to modify the load path for horizontal inertia forces.
Retrofitting to strengthen or stiffen an alternative load path may be used to attract forces away
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from vulnerable components, and thus reduce or eliminate the need to retrofit them. An example
is a continuous bridge in which the abutment stiffness and strength are increased. Inertial forces
are then redistributed to the abutments, which relieve or reduce the forces on the interior columns
or piers. This approach can be very effective for simply supported spans if the retrofit also
includes provision for making the deck continuous for live load. Shock transmission units can
also be used to modify a load path.

Response modification is a powerful retrofit approach but it requires careful consideration of
possible side effects, such as changes in the way a bridge responds to service loads.

1.12.3.5. Site Remediation by Ground Improvement

Bridges can suffer significant damage when large permanent ground movements occur during an
earthquake. Liquefaction, lateral spreading, landslides, and fault rupture are some of the more
common causes of this damage. There are two possible approaches to this problem.

The first approach is to give the structure the capacity to resist the loading and/or accommodate
the displacements created by the moving soil without collapse. A critical step in this approach is
the quantification of the loads and/or the expected ground movement or fault rupture, which is a
difficult problem to solve.

The second approach is to modify the soil using ground improvement techniques, such as those
discussed in chapter 11. Site remediation often involves treatment of large areas of soil and can
be expensive. In the case of river or stream crossings, improvements may be subject to flooding
and require protection from scour. Nevertheless, there will be cases where this approach is a
viable option and should be considered. It is not, however, applicable to sites where fault rupture
is expected.

1.12.3.6. Acceptance or Control of Damage to Specific Components

When collapse prevention is the main goal of retrofitting, it is often acceptable to allow
component damage as long as this does not jeopardize the overall stability of the structure.

Often this will mean that no retrofit is required for the members in question. In some cases,
however, damage must be controlled to prevent collapse. An example of this is the “P”’ column
retrofit commonly used by Caltrans (Caltrans, 1996). This retrofit method is intended to
preserve the vertical load carrying capacity of the column while the column sustains considerable
damage. Itis common to ignore the lateral load carrying capacity of such a retrofit when
conducting an analysis of the structural response.

1.12.3.7. Partial Replacement

There are cases where the required retrofitting of a bridge component may be so extensive that
partial replacement is the most economical solution. Partial replacement may have several goals,
such as increasing strength and ductility when a column is replaced. In some cases, the type of
retrofit performed on an adjacent element may mandate partial replacement. When load-bearing
elements are replaced, temporary shoring will be required.
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1.13. RETROFIT MEASURES FOR UPPER LEVEL GROUND MOTION

1.13.1. GENERAL

In the last decade, the range of available retrofit measures has increased markedly. Measures
have now been developed for deficient superstructures, bearings, beam seats, piers and columns,
including weak cap beams and column-to-cap beam joints. In addition, techniques for improving
the behavior of abutments and foundations have been developed, including measures for bridges
on hazardous sites. This progress is the result of an aggressive research program in California

and elsewhere and field experience, mainly in California.

A partial list of these measures is as follows:

Diaphragm strengthening.

Energy dissipating ductile diaphragms.

Provision of longitudinal continuity in simply supported spans.
Replacement of bearings.

Seismic isolation bearings.

Energy dissipators.

Seat width extensions and catcher blocks at girder supports and intermediate hinges.
Restrainers at girder supports and intermediate hinges.
Column replacement.

Concrete shells, steel and fiber-composite jackets for columns.
Infill shear walls in bents.

Cap beam strengthening using prestressing.

Supergirders.

Anchor slabs behind abutments.

Soil and gravity anchors.

Abutment shear keys.

Footing replacement.

Footing overlays.

Pile tie-down enhancement.

Supplemental piles.

Articulation for fault crossings.

Site remediation for unstable slopes and liquefaction.
Vibro-replacement of soils and stone columns.

Figure 1-15 illustrates some of the above measures; the details are discussed in chapters 8
through 11.
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1.13.2. SEISMIC RETROFIT MATRIX
The matrix presented in table 1-11 is a roadmap for the above list of retrofit measures. It shows
the relationship between the seven retrofit approaches in section 1.12.3 and the retrofit measures

necessary to make them work.

For example, if the strengthening approach is chosen to address insufficient seat length, then the
following measures are recommended in table 1-11 for consideration:

e Section 8.2.2.1: Providing Longitudinal Continuity, Web and Flange Plates.
e Section 8.4.2.1: Longitudinal Joint Restrainers.
Although table 1-11 presents a comprehensive list of approaches and measures, it is not intended

to preclude innovative retrofit approaches or measures that are not specifically mentioned in this
manual.
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53

(continued)



A~
e T~/
,/'// \7\\\\\\\
pd J T~
o ™~
&=~ L T
~—_ S A o I
S I o
o — //// \E:\::\L////l
\\\\:::\\ % L ::’F\:/i\ ~ /,/ ///// -
K T
) \ 7
S \\\
Rubber Steel

Masonry Plate

Stainless |
Steel ——=
Surface

/7 Pier Cap

(c) Seismic Isolators

¢ Existing Column

Existing Superstructure _/

Top of Footing Retrofit —

Steel Casing —.
\
Existing Column —_
b Finish Grade
. el
— Waterproofing
7@‘
i i

Existing Pile

(d) Column Jacketing and

I 4

&Existing Footing

New Pile

Footing Overlay (Schematic)

Figure 1-15 (continued).

(continued)

Selected retrofit measures.

54



7

=
N
\

7%

£

A

(e) Footing Overlay (Detail)

Follower
Tubes —~

Ny

I

/l\ Water Supply

Water Supply

Vibrator

Compacted
Stone Column

(f) Vibro-Replacement Site Remediation

Figure 1-15 (continued). Selected retrofit measures.

55




Sllep Jesys

uwn|o) |eyuswa|ddns v°1°2°6
Buiuayibuang

Jeays pue juswanoidw|

Aunong uwnjod €°1,°2'6

sJa1d 10 suwnjod
jualdysp Jeays

siald I[eM 9)2J0U0D £7'6

suwn|o) SJisaquiBsy
10 Ayoeded copi L w_BEo_\H,___:c.o“”moafo.o uoissaidwon dn-ing Z'Z'Z'6
Juswaoe|day | peoT [edilaA P glcce Iing ¢ ¢'c’6 saweld paoelg |'z’Z6| ss91d Jo suwnjoo
$92104 Uwn|o) Buiuayibuaig
uwniod L'L°¢'6 ayjjo : s|lep Jeays | juaioyap Ajjeanxalq
uopjeAlasald Jo uonENWIT | B8YS pue jusuIsAoiduw| uwnjo) |eyuswsalddns ¢'1°Z'6
’ G176 9'1'2'6 | Among uwn|od €°1°2°6 BuuayBUBNS
[ednxs|4 uwn|o] ¢°L°2°6
peo peaq e
Jo uononpay €' siopuaxg edid M row 8 sloulel}say Buo
Buusyibuens Jsyoje) pue wco_mU_Qx_M wior [eulpnibuoT 1°Z'y'g jeas ue_:uo_o_bsw:_
Juior ainjonuisiadng D saje|d abue|4 pue gap L'2'2'8 e
2778 jesg 8jalouo)d L'L'y'8
S)un uoissiwsuel | w._mc_m..;mm.m_
OOUS ¥'4'8 UOROW [edlIB A m.m.v.w
sbuneag s901A8( uonedissiq sieulensey w&mim%%.oﬂ%:ﬂw SUOI}03UU0D
|euolUBAUOD ABisu3z ¢¥'Q W 9 /sBulieaq jualoyep
L1Ze'g sbueeg ainjoniisgng 03 ainjonsisiadng Ajjeamonnsg
UonE|oS| JILSISS YIM 0 mc_%;acw%_mmwm
JuBwWaoe|dey ZZ'E'8 Bunsixg o BuuayBusng |'e'g
swbeiydeiq swheiydeip
a|ong Buluayng Jo Buluayibuang UBIoND
Bunedissig wbesydeiq z°'1'2'8 >um n u:w
ABisug ¢'1'2'8 lleanjonng
saJnjonJisiadng snonuiuo)
jo buispbuass 'z’ saloualoyap
Buusypbusns Jepio v'12'8 | injonnysiadng
uofoaUU0Y Japli9
0} %09( jo Buusyibuang |°L°z'g
juawaoe|day losu09 1o uoiesyipo uoneywi] justusoueyuy
aoue)dasdy | uolnelpaway a|s e A Ayoeden Buiuayjbuang
|enued 5 asuodsay 92104
abeweq juawaoe|dsiq ADN3IDI43a
JINSITS
HOVOUddV 1140413y

"SQINSBOW J1JOI}O1 PIRIOOSSE 0} SOOUIDJAI UOI}I9s pue soyoeordde 11jorjor o1wsIos Jo XeN “11-] 9[qeL

56



sJaquwia|\ uoissaidwo)
dn-ing z'z'z6

suwnjo) Buueybuans sBunoo4
jo Ajoede) juswanoidw| 0104 UWN(OD | JBBYS puE E.mEm>oEE_ Jo Buluayibuang g m o.r
Juswaoe|day | peoT [edlHa punolio 10 uonenwr] | Ammong uwnoed £12'6 slald ||lEAM ©1840U0D €26 juawaAow
uwn|o9 1126 ayy jo | Buisn uopeipaway SR SIoDUBIXT odId 7 Lt sloules}say | punoib aAlssaaxg
uoperiesald WS T IL Thes| septeraede Ly Juor [eUIpIIBUOT L2 '8
S'1'C6 J8Yo}ED) PUE SUOISUBIXT saje|d obue|4 pue g L'2'Z'8
Jes8gs 9)9Iouo) L' y'8
skey teays sjuawinge Jualolyd
juswinqy 8siaAsuel] #'Z°0l ¥ A INGe Jusldlap
o lleanjonng
sllep wbesydeig €201
sloyouy ApAel pue 10§ 9°Z°0L
S — sloyouy sjuawinge
qeIS Jououv 2'e 0l juswinqy 8sidAsuel] GZ'0l a|gejsun
$qe|S Joyouy 220k
juswanoldw|
punolio . jJuswides
Buisn uonelpawey sqeis yoeouddy 1'Z'01 I114 usungy
SUS T LI
sbunoo ay o) sbunoo4 | sBunooy juaiodyap
PepiWSUB.L $82.04 10 Buluayibuang z'€ 0l Ajjeanyonng
Buniwit v'eol .
juswaAosdw| s6UR004 a4} 01 sumop-a1] 3|id Z¥'01
JsWaoe|day puno.o _oot_Emc.m.F $90104 . .wmc;oom sbBunooj ajqesun
Bunood L°¢"01 Buisn uonelpaway . o o ’
i Buniwi #'¢°01 jo Bulusyibusns z'¢0l
NS TY'LL
sbunoo4 ayy o sjutof
Juswaoe|dey nood eui o1 sBunoo4 Bunooj-uwnjod
6 e paplwsuel] s8I0 6 6 o
uRood L°¢°0L 6 o JO bulusyibuslis Z'¢'0l jusioysp
ugiwr #°¢°ol N
lleanjonns
sjulof
ior e
. Sjulor weag pue deo-0j-uwinjod
1e Juswaoe|dey siopabiadng G'¢'6 o
eEd 1'L6'6 uwnjo) jo Buusyibuais v'¢'6 juaioyap
1! Ajjeanyonng
Juswaoe|day
|elol Z'1'€6 $92104 sdeo uaid
ior e slopJibiadng g6 de) Jaid jJo Bujusyibuang deo Jald Z'€'6 juaioyap
Je Juswaoe|day uonoNpay £°¢°6 Ajjeanjonng
lened L'L'€'6
juawaoe|day losuoy 10 uoies PO uoneywiI] juswisoueyus
aoue)dasdy | uolneipaway a|s e A Ayoeden Buiuayjbuang
lenued asuodsay 90104
abewe(q juswaoe|dsig ADN3IDI43a
JINSI3s

HOVOUddV 1140413y

57






CHAPTER 2: SEISMIC GROUND MOTION HAZARD

2.1. GENERAL

One of the first steps in retrofitting a bridge is to characterize the earthquake hazard at the bridge
site. This is done by developing peak ground accelerations and response spectra for the site and,

for some bridges, acceleration time histories with and without the effect of spatial variation. The
following topics are covered in this chapter:

1. Developing horizontal ground motion response spectra using either:

e A general procedure based on national ground motion maps and site factors, or
e A site-specific procedure.

2. Developing vertical ground motion response spectra.
3. Developing acceleration time histories.
4. Assessing the spatial variation in the ground motion.

The estimation of ground motion at a site involves considerable judgment due to uncertainties in
the location of seismic sources, the frequency of occurrence of earthquakes of different
magnitudes, the maximum magnitude of an earthquake that could occur at a particular site, and
the resulting site ground motions for any given earthquake. Since it is believed that these
uncertainties are best addressed using a probabilistic approach, this methodology is typically
used to obtain design ground motions for bridges and buildings.

As described in chapter 1, two levels of earthquake ground motion are used to determine the
performance of an existing bridge and appropriate retrofit measures. They consist of a lower
level ground motion and an upper level ground motion. The lower level motion has a probability
of exceedance of 50 percent during the service life of the bridge (assumed to be 75 years),
whereas the upper level motion has a probability of exceedance of seven percent in 75 years. As
discussed below and shown in table 2-1, these two exceedance probabilities correspond to return
periods of approximately 100 and 1000 years for the lower and upper level ground motions,
respectively.

Using a Poisson probability model', the probability of exceedance (Pg) of a given amplitude of
ground motion in the lifetime of the bridge (t) is related to the annual frequency of exceedance
(v) of that ground motion amplitude, by the following equation:

" In a Poisson model, earthquakes of given magnitudes occur randomly in time at an average rate. The occurrence
of an earthquake is assumed to have no influence on the timing or probability of a future earthquake.
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Py = 1-e (2-1)
Rewritten, equation 2-1 gives v as a function of Pg and t as follows:

v - w (2-2)

Return periods’corresponding to various probabilities of exceedance can be calculated using
equation 2-2, as shown in table 2-1. For this table, the lifetime of a bridge (t) is taken as 75 years.

Table 2-1. Relationship between probability of exceedance of earthquake
ground motion and return period.

Probability of :
Exceedance (Pg) in Annual Frequency Return Period (years)
Bridge Life of 75 of Exceedance, v
Years (%) Actual Rounded
50 0.009242 108 100
15 0.002167 461 500
7 0.000968 1033 1000
5 0.000684 1462 1500
3 0.000406 2462 2500

As described in section 1.5, two spectral accelerations (Sps and Sp;) are used to determine the
seismic loads for bridge screening and evaluation. These accelerations are obtained by
modifying the spectral accelerations assuming a rock site (Sg and S;), to account for the actual
soil conditions at the site. Figure 2-1 shows the variation in these two accelerations with return
period for different locations in the United States. Figure 2-1(a) gives the short-period (S;)
accelerations and figure 2-1(b) gives the long-period (S;) values. These plots show that for
bridge sites in the eastern United States, spectral accelerations for earthquake ground motions
with very long return periods, such as 2500 years, may be three to four times higher than for the
500-year ground motions at the same site. This ratio varies considerably from state to state across
the U.S., and is one of the primary reasons for adopting two different levels of earthquake
ground motion for seismic retrofitting.

2 The reciprocal of the annual frequency of exceedance is the return period of exceedance. In this manual, the
reciprocal is simply called the 'return period'.
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2.2. BASIC PROCEDURES FOR CHARACTERIZING HORIZONTAL SEISMIC
GROUND MOTION

The two basic procedures for developing response spectra and peak accelerations of horizontal
ground motions are:

1. A general procedure using national ground motion maps and site factors as described in
sections 2.3, 2.4 and 2.5.

2. A site-specific procedure as described in section 2.6.
The site specific procedure should be used if any of the following apply:

e Soils at the site require site-specific evaluation (i.e., site class F soils, as defined in section
2.4) unless a determination is made that the presence of such soils would not result in a
significantly higher response of the bridge.

e  The bridge is considered to be a major or very important structure by the owner.

e The site is located within 10 km (6 mi) of an active fault and its response would be
significantly and adversely influenced by near-fault ground motions.

Examples of conditions for which site-specific evaluations would not be required for Type F
soils are given in section 2.4. Section 2.6 describes the characteristics of near-fault ground
motions that could lead to increased bridge response, but these effects might be considered for
major bridges only.

2.3. DETERMINATION OF SPECTRAL ACCELERATIONS, S, and S;

Both the short-period (S;s) and long-period (S;) spectral accelerations have been mapped by the U.
S. Geological Survey (USGS) for the United States for various exceedance probabilities (return
periods). The maps used with the general procedure are the 1996 edition of the probabilistic
ground motion maps published by the USGS *,*. In California, these maps are produced jointly
by the California Geological Survey (CGS), and the USGS. These maps are for a reference rock
site condition (site class B). Procedures for adjusting the ground motions to other site conditions
are described in section 2.4. However, maps are not available for all possible return periods and
the USGS has provided ground motion hazard curves for selected longitudes and latitudes to
provide for those cases not covered by the maps. These curves may be used to develop the
relationship between the amplitude of a ground motion parameter and its annual frequency of
exceedance, which allows spectral values to be found for any return period specified by the user.
These curves are available on a CD-ROM published by the USGS; a copy of this CD is included
in the manual (see inside back cover).

3 Updated maps were published by the USGS in 2002, but not for 1000-year return period. See sidebar. A new CD is
expected in 2005 which will allow data to be automatically generated for any return period.

* Frankel et al., 1996, 1997a, 1997b, 1997¢, 2000; Klein et al., 1999; Peterson et al., 1996; Wesson et al., 1999a;
1999b
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2.3.1. USGS PROBABILISTIC GROUND MOTION MAPS

The USGS probabilistic ground motion maps should be used to obtain horizontal response
spectral accelerations and peak ground accelerations in rock. Large-scale paper maps are
available for return periods of 500 (475), 1000 (975) and 2500 (2475) years, and give spectral
accelerations at 0.0, 0.2, 0.3, and 1.0-second periods of vibration. The 0.0-second values are
equivalent to peak ground accelerations. All mapped values are for five percent damping.

Maps can also be downloaded from the USGS web site at http://eqhazmaps.usgs.gov, but only
for the return periods noted above. In addition to maps, ground motion values are also available
from this site by entering the longitude and latitude coordinates of the site. If these coordinates
are not available, the zip code for the region containing the site may be used. The same
information is also available on a CD-ROM published by USGS (Frankel and Leyendecker,
2001). A copy of the CD is included in this manual (see inside back cover).

Note that the above sources of mapped and tabulated data do not include earthquakes with a 100-
year return period. A methodology to obtain 100-year data is described in the next section.

Figure 2-2(a) is a map of the peak ground acceleration for the conterminous U.S. for the upper
level earthquake (1000-year return period). This map was obtained from the CD-ROM noted
above. Maps for Alaska, Hawaii, Guam and Puerto Rico are also available from this source.
Figures 2-2 (b) and (c) are maps of the short-period (S;) and long period (S;) spectral
accelerations, respectively, for the upper level earthquake (1000 years). These maps are from the
same CD and are for the conterminous U.S. Maps for other states and regions are also available.

Available U.S. Geological Survey Seismic Hazard Maps and CDs

Maps of peak ground acceleration, and the short- and long-period spectral accelerations (Ss and S;) for
selected return periods are available from the US Geological Survey in either paper form or on CD as
listed below. Seismic hazard curves are also available on CD from which accelerations and spectral
ordinates may be found for any return period. Some of this data is also available on the USGS web site
http://feghazmaps.usgs.gov.

Year Published Data

1996 Maps for 48 conterminous states, for return periods 500, 1000, and 2500 years.

1998 Maps for Alaska and Hawaii, for 500 and 2500 years.

2001 CD with maps and seismic hazard curves for 48 conterminous states, Alaska, and Hawaii
based on 1996 data.This CD is provided inside back cover of this report.

2002 Maps for 48 conterminous states, for return periods 500 and 2500 years.

Major difference between 1996 and 2002 Maps is in the hazard models used for
New Madrid and Charleston regions.
2003 Maps for Puerto Rico and Virgin Islands, for return periods 500 and 2500 years.
2005 est. Updated CD with 1996 and 2002 data; also automated means of generating data
for any return period instead of manual method used in this report (section 2.3.2).

64




(panuipuoo)

"S9Je)S POIIU() SNOUTULIdIUOD JY) J0J sdewr piezey o1wsIog -z 9Ingr

(pouad uinjal Jeak-g0p0 1) uonow punodb jaAs] 1addn ay} 10 suoiesd|@s9e punoub yead (e)

65



"$91B1S PANU() SNOUTULIAIUOD Y} J0J sdews prezey S1WUSIdS “(PAINUNUO0D) 7-7 NI
(panuipuoo)

(powiad uanjas Jeak-gp0 1) uonow punoab [9Aa] 1addn ayj 4o} suonelajddoe jesjoads (°s) pouad-1oys (q)

66



"S9Je)S POIIU() SNOUIULIAIUOD JY) J0J sdewr paezey orwsIog “(panunuod) g-g g

(powiad uinjaa Jeak-000 1) uonow punoib [aas| Jaddn ayy 10j suonelajoae jesjoads (‘) porad-6uo *(9)

67



2.3.2. USGS PROBABILISTIC GROUND MOTION DATA FILES FROM CD-ROM

Instead of using the USGS maps, the spectral accelerations Sy and S; may be obtained from the

ground motion data files used to produce the maps which are available on the CD-ROM (Frankel

and Leyendecker, 2001) included with this manual.

Spectral accelerations and peak ground motions may be found from this CD for both the lower

and upper level earthquakes (100- and 1000-year return periods) for any site identified by either

zip code or longitude and latitude coordinates. The procedure for these calculations is described

in the following steps.

Step 1. Load CD titled Seismic Hazard Curves and Uniform Hazard Response Spectra, and using
either Windows Explorer or Setup from the Start Menu, run “Probabilistic Hazard 3.10.’
Display the window shown in figure 2-3(a).

Step 2. Click box labeled ‘Hazard Curves and Response Spectra for the United States’ and
display the window shown in figure 2-3(b).

Step 3. Initialize:
e Check name box and enter identifier for results to be generated.
e Check box to include date and time on output file.

e Click box labeled ‘Open File Selection Menu’ and display window shown in figure
2-3(c).

Step 4. Setup files:

e Under heading ‘Select Directory for Data Files,” select the drive letter for the CD-
ROM and then choose ‘GM96-Data.’

e Under heading ‘Select Directory for Map Files,” select the drive letter for the CD-
ROM and the choose ‘GM96-Maps.’

e Click ‘OK’ if satisfied and display the window shown in figure 2-3(c); otherwise
click ‘Cancel Selections’ and return to beginning of Step 3.

Step 5. Choose either ‘Latitude and Longitude’ or ‘5-Digit Zip Code’ to identify the bridge site
as shown in figure 2-3(d)".

> Latitude and longitude coordinates are the most accurate way to locate a bridge but in the absence of these
coordinates, a zip code may be used. In the latter case, the seismic hazard at the geographical center of the region
covered by the zip code is presumed to be representative of that at the bridge site.
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Step 6. To obtain values for Ss and S; for the upper level ground motion, go to the box labeled
‘Select Parameter,” and select the line ‘U.H.S. for 5 percent PE in 50 years,’ then click
‘Calculate Spectrum’ (figure 2-3(d))°.

Step 7. Values for Sg and S; for the site specified in Step 5 and the return period selected in
Step 6 are displayed in the box to the right of the screen under the heading ‘Output for
All Calculations’ (figure 2-3(d)).

e Read Sg from the row with Period = 0.2 sec under column headed ‘PGA or S,.’
e Read S; from the row with Period = 1.0 sec under column headed ‘PGA or S,.’
Click box ‘Clear Selections’ and display screen shown in figure 2-3(e).

Step 8. To obtain values for Sg for the lower level ground motion, go to the box labeled ‘Select
Parameter’ and select the line ‘Hazard Curve for 0.2 sec,’ then click ‘Calculate Hazard
Curve’ (figure 2-3(e))’.

Step 9. Values for Sg for the site specified in Step 5 and for a range of frequencies of exceedance
are displayed in the box to the right of the screen under the heading ‘Output for All
Calculations’ (figure 2-3(e)). The value of Ss for a frequency of 0.01 (return period of
100 years) is obtained by linear interpolation from this table®. Alternatively, values may
be read directly from a plot of frequency against acceleration, i.e., from the Hazard Curve,
as described in Step 10.

Step 10. Click ‘View Hazard Curve’ to display plot shown in figure 2-3(f). Read Ss for annual
frequencies of 0.01. Note that the value for Sg for the 1000-year return period may also
be read from this same graph (FEX = 0.001 = 1.0E-03) and compared with the value
obtained in Step 7. Return to the previous screen by clicking ‘Exit Viewer,” and then
click ‘Clear Selections’ to display the screen shown in figure 2-3(g).

Step 11. To obtain values for S; for the lower level ground motion, go to the box labeled ‘Select
Parameter’ and select the line ‘Hazard Curve for 1.0 sec,’ then click ‘Calculate Hazard
Curve’ (figure 2-3(g))"*.

Step 12. Values for S; for the site specified in Step 5 and for a range of frequencies of
exceedance, are displayed in the box to the right of the screen under the heading ‘Output

% The upper level ground motion is defined in chapter 1 (table 1-2) as having a seven percent probability of
exceedance (PE) in 75 years, which is equivalent to a five percent PE in 50 years. Both probabilities of exceedance
describe an earthquake with a return period of about 1,000 years.

7 The lower level event is defined in chapter 1 (table 1-2) as having a 50 percent probability of exceedance (PE) in
75 years, which is equivalent to a return period of about 100 years or an Annual Frequency of Exceedance (FEX) of

about 0.01.

¥ This table uses scientific notation to express frequencies of exceedance, and a frequency of 0.01 is therefore
written as 1.0E-02.
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for All Calculations’ (figure 2-3(g)). The value of S; for a frequency of 0.01 (return
period of 100 years) is obtained by linear interpolation from this table. Alternatively,
values may be read directly from a plot of frequency against acceleration, i.e., from the
Hazard Curve, as described in Step 13.

Step 13. Click ‘View Hazard Curve’ to display plot shown in figure 2-3(h). Read S, for annual
frequencies of 0.01. Note that the value for S; for the 1000-year return period may also be
read from this same graph (FEX = 0.001 = 1.0E-03) and compared with the value
obtained in Step 7. Return to the previous screen by clicking ‘Exit Viewer.’

Step 14. Click ‘Exit Program’ to end calculations.

Example 2.1 illustrates the above process for finding Ss and S; for both the lower and upper
earthquake ground motions for a site identified by a zip code.

70



EXAMPLE 2.1: DETERMINATION OF Ss AND S, VALUES FROM CD-ROM

Calculate S and S, for a bridge site in Salt Lake City (zip code 84112) for both the lower and upper
earthquake ground motions (100- and 1000-year return periods).

Steps 1, 2, 3, and 4. Initialize:

Load CD and start ‘Probabilistic Hazard 3.10’

Click ‘Hazard Curves and Response Spectra for the United States’ (figure 2-3(a))

Enter name ‘Demonstration: SLC’ (figure 2-3(b))

Select ‘Include Date and Time on Output’ (figure 2-3(b))

Select ‘Open File Selection Menu on figure 2-3(b) and choose CD-ROM drive d: for both the Data
Files and Map Files (figure 2-3(c))

Select ‘GM96-Data’ and ‘GM96-Maps’ respectively (figure 2-3(c)), and

Click ‘OK’.

Step 5. Identify bridge site:

Select ‘5-digit Zip Code’ and enter ‘84112’ (figure 2-3(d)).

Steps 6 and 7. Find S; and S, for the Upper Level Ground Motion (1000-year return period):

Go to ‘Select Parameter’ box and choose VHS ‘5 percent PE in 50 years’ (figure 2-3(d))
Click ‘Calculate Spectrum’ (figure 2-3(d))

In panel at right read S, = 110.9 percent g = 1.109g at period = 0.2 sec (figure 2-3(d))

In panel at right read S, = 38.6 percent g = 0.386g at period =1.0 sec (figure 2-3(d)), and
Click ‘Clear Selections’ (figure 2-3(d)).

Steps 8, 9, and 10. Find S for the Lower Level Ground Motion (100-year return period):

Go to ‘Select Parameter’ box and choose ‘Hazard Curve for 0.2 sec’ (figure 2-3(e))
Click ‘Calculate Hazard Curve’ (figure 2-3(e))
Obtain S, for frequency of exceedance (FEX) = 0.01 by linear interpolation as follows:

From the box at right of figure 2-3(e) labeled ‘Output for All Calculations:’

Frequency of exceedance (FEX) S: (9)
1.448E-02 0.01448 0.128
8.551E-03 0.00855 0.192

Therefore, Sgat FEX =0.01 is given by:

Ss 0.128 + (0.192 — 0.128) (0.01448 — 0.01000) / (0.01448 — 0.00855)

0.176 g

Alternatively, Ss may be read directly from the Hazard Curve in figure 2-3(f) by selecting View
Hazard Curve.’ Here it can be seen that for a frequency of 0.01, the acceleration (S;) is
approximately 0.17g. Click ‘Exit Viewer.’

Click ‘Clear Selections.’
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Steps 11, 12, and 13. Find S, for the Lower Level Ground Motion (100-year return period):
e Go to ‘Select Parameter’ box and choose ‘Hazard Curve for 1.0 sec’ (figure 2-3(g))
e Click ‘Calculate Hazard Curve’ (figure 2-3(g))
e Obtain S, for frequency of exceedance (FEX) = 0.01 by linear interpolation as follows:

From the box at right of figure 2-3(g) labeled ‘Output for All Calculations:’

Frequency of exceedance (FEX) S:(9)
1.173E-02 0.01173 0.0427
7.146E-03 0.00715 0.0641

Therefore, Syat FEX =0.01 is given by:

S, 0.0427 + (0.0641 — 0.0427) (0.01173 — 0.01000) / (0.01173 — 0.00715)

0.0508 g

Alternatively, S; may be read directly from the Hazard Curve in figure 2-3(h) by selecting ‘View
Hazard Curve.’ Here it can be seen that for a frequency of 0.01, the acceleration (S;) is
approximately 0.05g. Click ‘Exit Viewer.’

Step 14. Click ‘Exit Program.’

A summary of results obtained above is given in the table below.

Values of S; and S, for Bridge Site in Zip Code 84112.

Ground Motion Ss(9) S1(9)
Lower Level: 100-year 0.176 0.051
Upper Level: 1000-year 1.109 0.386
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(a) Opening window for ‘Probabilistic Hazard 3.10’

(b) Initialization window

(continued)

Figure 2-3. Calculation of short- and long-period spectral accelerations for 100- and
1000-year ground motion return periods.
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(c) Setup window for data and map files

(d) Selection of 1000-year uniform hazard spectrum and result for given site

(continued)

Figure 2-3 (continued). Calculation of short- and long-period spectral accelerations for
100- and 1000-year ground motion return periods.
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(e) Selection of S_ (0.2 sec) hazard curve and result for given site

(f) Example of S_ (0.2 sec) hazard curve for given site

(continued)

Figure 2-3 (continued). Calculation of short- and long-period spectral accelerations for
100- and 1000-year ground motion return periods.
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(g) Selection of S, (1.0 sec) hazard curve and result for given site

(h) Example of S, (1.0 sec) hazard curve for given site

Figure 2-3 (continued). Calculation of short- and long-period spectral accelerations for
100- and 1000-year ground motion return periods.
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2.4. SITE CLASSES AND SITE FACTORS
2.4.1. DESCRIPTION OF SITE CLASSES AND SITE FACTORS

When using the general procedure, sites should be classified and site factors determined in
accordance with this section. The development of response spectra using national ground motion
maps (section 2.3) and site factors is described in section 2.5.

Recommended site classes and site factors are based on studies carried out following the 1989
Loma Prieta earthquake in California, which culminated in recommendations that have been
adopted by the NEHRP Building Provisions (BSSC, 1994, 1998), the Uniform Building Code
(ICBO, 1997), and the International Building Code (IBC) (ICC, 2000)’. Earthquake data
obtained during the Loma Prieta earthquake confirmed the validity of these site factors and the
improvement in accuracy compared to site factors in earlier bridge and building codes.

Site class definitions are given in table 2-2. Sites are classified according to their stiffness as
determined by their shear wave velocity in the upper 30 meters (100 feet). Standard Penetration
Test (SPT) blowcounts and undrained shear strengths of soil samples from soil borings can also
be used to classify sites as indicated in table 2-2. Steps for classifying a site are given in table
2-3. Alternatively, SPT blowcounts and undrained shear strengths can be converted into
estimated shear wave velocities and used for site classification. Procedures given in Kramer
(1996) can be used for these conversions.

Shear wave velocities were used when conducting the original studies that defined the site
classes and may be considered as the fundamental soil property. If the site profile consists of
layered sands and clays or soil over rock within the upper 30 meters (100 feet), then it is
particularly desirable to convert the profile to estimated shear wave velocities. If the resulting
site class does not appear reasonable, or if the project involves special design issues, shear wave
velocity measurements should be made at the site.

Site factors for the site classes in table 2-2 are given in table 2-4. Site class B rock (soft rock) is
taken to be the site category for the USGS ground shaking maps. Type B rock is therefore the
reference site condition for which the site factor is taken to be 1.0. Site classes A, C, D, and E
have separate sets of site factors for the short-period range (site factor F,) and long-period range
(site factor F,), as indicated in table 2-3. These site factors generally increase as the site profile
becomes softer (in going from site class A to E). Except for site class A (hard rock), the site
factors also decrease as the ground motion level increases, reflecting the nonlinear behavior of
most soils. Therefore, for a given soil site class C, D, or E, these nonlinear site factors increase
the ground motion more in areas having lower ground motions than in areas having higher
ground motions. The levels of ground motion for use with table 2-4 are characterized by short-
period (0.2-second) response spectral acceleration and long-period (1.0-second) response
spectral acceleration on rock as shown on USGS national ground motion maps.

? Martin and Dobry, 1994; Rinne, 1994; Dobry et al., 2000
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2.4.2. CONSIDERATIONS FOR SITE CLASS F SOILS

As indicated in tables 2-2 and 2-4, a site class F is defined for types of soil for which site factors
are not given and site-specific investigations are recommended to determine site response effects.
Site class F is intended for soils for which site response effects may be very strong and not
reliably quantified except by site-specific studies. Guidelines for determining the response of
site class F soils by site-specific studies are given in appendix A.

Also per section 2.2, a site-specific investigation to determine site response for site class F soils
is not required if a determination is made that the presence of such soils will not result in a
significantly higher response of a bridge. Such a determination should be made jointly by the
bridge engineer and the geotechnical engineer.

Examples of conditions that could lead to such a conclusion are the extent and depth of site class
F soils. With regard to the extent of these soils, for short bridges with a limited number of spans
and having earth approach fills, ground motions at the abutments will generally determine the
response of the bridge. If site class F soils are found only at the piers and are not present at the
abutments, it might be concluded that the response of the piers will not significantly affect
overall bridge response. With regard to the depth of these soils, there may be cases where the
effective depth of ground motion is in stiff soil below a soft surficial layer. If the surficial layer
is site class F and the underlying soil profile is site class E or stiffer, the surficial soils are
unlikely to significantly increase bridge response.

Note that in table 2-2, there is one less category of site class F soils than the four originally
adopted in the 1994 NEHRP Provisions (BSSC, 1994). This category consists of soils
vulnerable to potential failure or collapse under seismic loading, such as liquefiable soils, quick
and highly sensitive clays, and collapsible weakly cemented soils. Such soils should be
classified on the basis of tables 2-2 and 2-3 assuming that soil failure or collapse will not occur.
Special analyses to define the amplification of site ground motion in these soils is too severe a
requirement for ordinary bridge design because such analyses require utilization of either
effective stress or strength-degrading, nonlinear analytical techniques that are difficult to apply
even by experts. Also, limited case history data and analytical results indicate that liquefaction
reduces spectral response rather than increases it, except in some cases at long periods.

However, in accordance with section 2.2, site-specific analyses should be considered for major
or very important bridges and advanced analytical techniques, such as effective stress analysis,
should be used if appropriate.

Since liquefaction generally reduces response spectral amplitudes, the engineer may wish to
conduct special analyses of site response to avoid excessive over-estimation of bridge inertia
loads when liquefaction occurs.

The deletion of ground-failure-susceptible soils from site class F only affects the requirement to
conduct site-specific analyses for determining ground motion amplification by these soils. It is
still necessary to evaluate their potential for failure and their effect on bridge performance as
indicated in chapter 3.
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Table 2-2. Site classes.

Site

Class Description

A Hard rock with measured shear wave velocity, v, > 1500 m/sec (5,000 ft/sec)

B Rock with 760 m/sec < vy < 1500 m/sec (2,500 ft/sec < v, < 5,000 ft/sec)

c Very dense soil and soil rock with 360 m/sec < vy < 760 m/sec (1,200 ft/sec < v, < 2,500 ft/sec)
or with either N > 50 blows/0.30m (50 blows/ft) or 5, > 100 kPa (2,000 psf)
Stiff soil with 180 m/sec < v, < 360 m/sec (600 ft/sec < v, < 1,200 ft/sec)

D or with either 15 < N < 50 blows/0.30m (15 < N < 50 blows/ft) or 50 kPa < §, < 100 kPa
(1,000 < s, <2,000 psf)
Soil profile with v < 180 m/sec (600 ft/sec)

£ or with either N < 15 blows/0.30m (N < 15 blows/ft) or 5, < 150 kPa (1000 psf),
or any profile with more than 3 m (10 ft) of soft clay defined as soil with Pl > 20, w > 40 percent
and s, <25 kPa (500 psf)
Soils requiring site-specific evaluations

1. Peats or highly organic clays (H > 3 m [10 ft] of peat or highly organic clay where H =
F thickness of soil)

2. Very high plasticity clays (H > 8 m [25 ft] with Pl > 75)
3. Very thick soft/medium stiff clays (H > 36 m [120 ft])

Exception: When the soil properties are not known in sufficient detail to determine the site class, site class
D may be used. Site classes E or F need not be assumed unless the authority having jurisdiction
determines that site classes E or F could be present at the site or in the event that site classes E or F are
established by geotechnical data.

is average shear wave velocity for the upper 30 m (100 ft) of the soil profile

is the average Standard Penetration Test (SPT) blowcount (blows/0.30m or blows/ft) (ASTM D1586)
for the upper 30 m (100 ft) of the soil profile

is the average undrained shear strength in kPa (psf) (ASTM D2166 or D2850)

for the upper 30 m (100 ft) of the soil profile

is plasticity index (ASTM D4218)

is moisture content (ASTM D2216)

2. The shear wave velocity for rock, site class B, shall be either measured on site or estimated for competent rock
with moderate fracturing and weathering. Softer and more highly fractured and weathered rock shall either be
measured on site for shear wave velocity or classified as site class C.

3. The hard rock, site class A, category shall be supported by shear wave velocity measurements either on site or on
profiles of the same rock type in the same formation with an equal or greater degree of weathering and fracturing.
Where hard rock conditions are known to be continuous to a depth of 30 m (100 ft), surficial shear wave velocity

measurements may be extrapolated to assess V.

4. Site classes A and B should not be used when there is more than 3 m (10 ft) of soil between the rock surface and
the bottom of a spread footing.
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Table 2-3. Steps for classifying a site.

Step Description
Check for the three categories of site class F in table 2-2 requiring site-specific evaluation. If
1 the site corresponds to any of these categories, classify the site as site class F and conduct a
site-specific evaluation.
Check for existence of a soft layer with total thickness > 3m (10 ft), where soft layer is defined
2 by s, < 25 kPa (500 psf), w > 40 percent, and Pl >20. If these criteria are met, classify site as
site class E.
3 Categorize the site into one of the site classes in table 2-2 using one of the following three

methods to calculate:
e v, for the top 30 m (100 ft)) (v method)

e N for the top 30 m (100 ft) (N method)

e N, for cohesionless soil layers (Pl < 20) in the top 30 m (100 ft) and
s, for cohesive soil layers (Pl > 20) in the top 30 m (100 ft) ('s, method)

To make these calculations, the soil profile is subdivided into n distinct soil and rock layers,
and in the methods below the symbol i refers to any one of these layers from 1 to n.

Method A: v, method
The average v for the top 30 m (100 ft) is calculated as follows:

n
24
szi&
2V

—] SI

<l

n

where: Zdi is equal to 30 m (100 ft), vy is the shear wave velocity in m/sec (ft/sec) of a
i=1

layer, and d; is the thickness of a layer between 0 and 30 m (0 and 100 ft).

Method B: N method
The average N for the top 30 m (100 ft) is calculated as follows:

n
X
N==1_
n d.
i
=R
where: N; is the Standard Penetration Test blowcount of a layer (not to exceed 100
blows/0.30m [100 blows/ft] in the above expression). Note that when using

Method b, N values are for cohesionless soils and cohesive soil and rock layers
within the upper 30 m (100 ft). Where refusal is met for a rock layer, N;should be
taken as 100 blows/0.30m [100 blows/ft]

(continued)
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Table 2-3. Steps for classifying a site (continued).

Step Description
3 Method C: s, method
continued

The average N, for cohesionless soil layers in the top 30 m (100 ft) is calculated as follows:

N = GO
ch d

Nh

MB

Il
—

m
where: Zdi = dg, m is the number of cohesionless soil layers in the top 30 m (100 ft), Np;

i=1

is the blowcount for a cohesionless soil layer (not to exceed 100 blows/0.30m [100

blows/ft] in the above expression), and d; is the total thickness of cohesionless soil

layers in the top 30 m (100 ft).

The average s, for cohesive soil layers in the top 30 m (100 ft) is calculated as follows:

§:L
u d
el
s,

Mz—

Il
—|

k
where: Y’ di =dC , k is the number of cohesive soil layers in the top 30 m (100 ft), s, is the
i=1
undrained shear strength for a cohesive soil layer (not to exceed 250 kPa [5,000 psf] in the
above expression), and d. is the total thickness of cohesive soil layers in the top 30 m (100
ft).

Note: When using Method C, if the site class resulting from Nch and s, differ, select the site class that gives the

highest site factors and design spectral response in the period range of interest. For example, if Nch was

equal to 20 blows/0.30m (20 blows/ft) and §u was equal to 38 kPa (800 psf), the site would classify as D or

E in accordance with Method C and the site class definitions of table 2-2. In this example, for relatively low
response spectral acceleration and for long-period motions, table 2-4 indicates that the site factors are
highest for site class E. However, for relatively high short-period spectral acceleration (Ss > 0.75g), short
period site factors, F,, are higher for site class D.
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Table 2-4. Site factors F, and F,

(a) Values of F, as a function of site class and short-period (0.2-sec) spectral acceleration, Sg

Site Spectral Acceleration at Short-Period (0.2 sec), Ss'
Class Ss<025 | Ss=050 | Ss=075 | Ss=1.00 | Ss>1.25

A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.2 1.2 1.1 1.0 1.0
D 1.6 1.4 1.2 1.1 1.0
E 25 1.7 1.2 0.9 0.9
=

Notes:

1. Use straight-line interpolation for intermediate values of Ss.

2. Site-specific geotechnical investigation and dynamic site response analysis should be performed for

class F soils.

(b) Values of F, as a function of site class and long-period (1.0-sec) spectral acceleration, S,

Site Spectral Acceleration at Long-Period (1.0 sec), S,"
Class S:1<0.1 S$:=0.2 S$:=0.3 S:=0.4 S$:>0.5
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.7 1.6 1.5 14 1.3
D 2.4 2.0 1.8 1.6 1.5
E 3.5 3.2 2.8 24 24
F2
Notes:
1. Use straight-line interpolation for intermediate values of S;.
2. Site-specific geotechnical investigation and dynamic site response analysis should be performed for class F
soils.
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2.4.3. EFFECT OF SITE CLASS VARIATION ALONG A BRIDGE

The procedures described above for assessing site effects on ground motions were originally
developed for computing ground motions at the surface of relatively uniform soil conditions.
However, soil conditions may differ significantly from one end of a bridge to the other; an
example is where one abutment is on firm ground or rock and the other is on fill over soft soil.
These variations are not handled well by simplified procedures and significant errors may result.
As a general rule, when geotechnical conditions vary significantly along the length of a bridge,
the site factors described above may be used to construct response spectra at key locations along
the length. These spectra may then be used to construct an envelope of response spectra for
design. For major or very important bridges, it may be necessary to use more rigorous numerical
modeling to represent these conditions, as discussed in section 2.9.

2.4.4. EFFECT OF DEPTH-OF-MOTION ON SITE CLASSIFICATION AND SITE
FACTORS

For short bridges with a limited number of spans, the motion at the abutment will generally be
the primary mechanism by which energy is transferred from the ground to the bridge
superstructure. If the abutment involves an earth fill, the site classification should be determined
on the basis of the soil profile below the fill. The effects of the fill overburden pressure on the
soil properties (e.g., change in shear wave velocity) should be included in the determination of
site classification.

For some bridges, it will be necessary to determine the site classification at the piers. If a pier is
supported on spread footings, then it is appropriate to define the site class for conditions
extending below the ground surface. However, if deep foundations (e.g., piles or drilled shafts)
are used to support the pier, then the input motion may effectively be at some depth below the
surface, depending on the horizontal stiffness of the soil-pile-footing system relative to the
horizontal stiffness of the soil-pile system. If the soil-pile-footing is the stiffer of the two, then
the motion should be defined at the footing. If the soil-pile-footing provides little horizontal
stiffness or if there is no footing (e.g., pile bents), then the effective input motion to the bridge
will likely be applied at some depth below the surface. The determination of this depth and the
effective motion requires considerable judgment and should be evaluated jointly by the
geotechnical engineer and bridge engineer. If the effective input motion is defined at some depth,
then it may be overly conservative to define the site class and site factors on the basis of the soil
profile immediately below the ground surface. Instead, it may be more appropriate to define the
site class for a soil profile extending 30 m (100 feet) below the depth at which the input motion
is defined.

2.5. DEVELOPING HORIZONTAL GROUND MOTION RESPONSE SPECTRA USING
NATIONAL GROUND MOTION MAPS AND SITE FACTORS

2.5.1. TWO-POINT PROCEDURE FOR CONSTRUCTING RESPONSE SPECTRA

The two-point procedure described in this section may be used to construct horizontal response
spectra. Because the national ground shaking maps (section 2.3) give five percent damped
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spectral accelerations, the spectra constructed from these maps are for five percent damping. In
section 2.5.3, factors are provided for obtaining response spectra for other damping ratios.

The two-point response spectrum construction procedure uses response spectral accelerations of
rock ground motion from national ground motion maps (section 2.3) for a short period of
vibration (0.2 second) and a long period of vibration (1.0 second) along with site factors
applicable to the short-period and long-period ranges (section 2.4). The following equations and
figure 2-4 describe the response spectrum construction.

Sps = E,S; (2-3)
and
SDI = FVSI (2-4)

Where Sps is the short-period (0.2 sec) design spectral acceleration, Sp; is the long-period (1.0
sec) design spectral acceleration, Sg is the short-period (0.2 sec) spectral acceleration on rock
(site class B) from national ground motion maps or CD-ROM, S, is the long-period (1.0 sec)
spectral acceleration on rock (site class B) from national ground motion maps or CD-ROM, F, is
the short-period site factor interpolated for a given value of Ss using table 2-3, and F, is the long-
period site factor interpolated for a given value of S; using table 2-3.

The design spectral acceleration, S,, of the plateau of the response spectrum is defined by:
S, =Sy (2-5)

The design spectral acceleration of the long-period declining branch to the response spectrum is
defined by:
(2-6)

where T is the period of vibration.
The period of vibration, Ts, of the intersection of the plateau and the long-period branch of the

spectrum is defined by:

T, =S 2-7)
SDS

At periods of vibration less than or equal to T,, the design spectral acceleration is defined by:

S, =0.60 % T +0.40S (2-8)

o

where Ty = 0.2Ts.
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Note that for T = 0 seconds, the resulting value of S, is equal to the peak ground acceleration
(assumed equal to 0.40 Spg based on equation 2-8).

For long periods of vibration (T > 3 seconds), the spectral acceleration S, may decrease more
rapidly with increasing period than implied by equation 2-6. However, there is considerable
uncertainty as to the influence of very long-period motions and the effect of other factors such as
earthquake magnitude on the rate of decrease. Therefore, the 1/T rate should be used unless a
faster rate can be justified based on a site-specific study.

/_ Sps =FaSs

0.40Sps

Response Spectral Acceleration, Sy

Period, T (seconds)

Figure 2-4. Design response spectrum (five percent damping) construction using two-
point procedure.

2.5.2. MULTI-POINT PROCEDURE OF RESPONSE SPECTRUM CONSTRUCTION

Because the 1996 USGS national ground motion mapping provides spectral accelerations at
several periods of vibration (section 2.3.1) in addition to the periods of 0.2 second and 1.0
second used for the two-point procedure described above, it is possible to use all of the spectral
data directly rather than just the 0.2-second and 1.0-second values. This method of response
spectrum construction is termed the multi-point method and can be used as an alternative to the
two-point method. However, the multi-point method can lead to ambiguous results for sites
other than rock (Power and Chiou, 2000). This is because only a short-period site factor and a
long-period site factor are available (section 2.4) and it is not clear how the site factors vary
when applied to spectral values at multiple periods. Therefore, judgment is required when
applying the multi-point method for soil sites. Guidelines for applying site factors for soil sites
using the multi-point method are:
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1. Site factor F, should be used for periods less than or equal to 0.2 second.
2. Site factor F, should be used for periods greater than or equal to 1.0 second.

3. Between the 0.2 and 1.0 second periods, the resulting soil spectrum should be smooth and not
contain spectral peaks higher than the larger of the spectral accelerations defined at 0.2
second and 1.0 second period.

Analysis of 1996 USGS mapping results indicates that the two-point method can be
unconservative in comparison to multi-point data for periods longer than 1.0 second at some sites
in the central and eastern United States (CEUS) having very low seismic ground motion hazard
(Power et al., 1997, 1998). Therefore, for CEUS sites, it is desirable to check the rock spectrum
constructed using the two-point method by comparing with map data for periods longer than 1.0
second.

Figure 2-5 illustrates differences between the two-point and multi-point method for a soft rock
site (site class B) for two cities in the CEUS (New York City and Memphis) and a city in the
western United States (WUS) (Seattle). As illustrated by the multi-period data in the figure, a
typical difference in rock motion characteristics between the CEUS and WUS is the peaking of
the CEUS spectrum at a shorter period (0.1 second for the CEUS spectrum and 0.2 second for
the WUS spectrum). However, the moderate exceedance of the two-point plateau acceleration
by the very short-period (0.1 second) spectral acceleration is probably not significant for most
bridges.

In summary, use of the two-point method of response spectrum construction is a reasonable and
acceptable approach for response spectrum construction. However, the following checks of the
two-point-method spectrum at CEUS sites (east of 110 west longitude) are desirable:

1. If periods of vibration greater than 1.0 second are important to structural response, check the
2.0-second spectral acceleration to assure that the long-period response is not significantly
underestimated.

2. If periods of vibration less than 0.2 second are important to structural response, check the
0.1-second spectral acceleration to assure that the short-period response is not significantly
underestimated.

2.5.3. MODIFICATION OF ELASTIC SPECTRAL DEMAND FOR HIGHER OR LOWER
DAMPING

Response spectra for structural damping ratios different than five percent can be obtained by
multiplying the five percent damped spectra constructed using procedures in section 2.5.1 and
2.5.2 by the period-dependent factors in table 2-5. For spectra constructed using the two-point
method, the factors for 0.2 second and 1.0 second can be used. The factors in table 2-5 are based
on empirical studies of the variation of elastic response spectral amplitudes with damping ratio'’.

10 Newmark and Hall, 1982; Abrahamson, 1993; Idriss, 1993
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Figure 2-5. Comparison of two-point method of five percent damped response spectrum
construction with USGS multi-point mapping results for two percent probability of
exceedence in 50 years.
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Table 2-5. Damping adjustment factors.

Ratio of Response Spectral Acceleration for Damping

Period Ratio £ to Response Spectral Acceleration for &.+= 5 percent

(seconds) Eetr = 2 percent Eetr = 7 percent Eerr = 10 percent
0.02 1.00 1.00 1.00
0.10 1.26 0.91 0.82
0.20 1.32 0.89 0.78
0.30 1.32 0.89 0.78
0.50 1.32 0.89 0.78
0.70 1.30 0.90 0.79
1.0 1.27 0.90 0.80
2.0 1.23 0.91 0.82
4.0 1.18 0.93 0.86

2.5.4. OBTAINING PEAK GROUND ACCELERATION FOR GROUND FAILURE
EVALUATIONS

As noted in section 2.5.1, the peak ground acceleration is equal to the zero-period acceleration of
a response spectrum. When peak ground acceleration is needed for an evaluation of the potential
for soil failure, such as liquefaction or landsliding, it can be obtained as the zero-period
acceleration from equation 2-8. Alternately, it can be directly obtained for rock site conditions
from the 1996 USGS maps for peak ground acceleration for a selected probability of exceedance
or return period. If obtained directly from the 1996 USGS maps, the corresponding soil-site
acceleration for a given site class can reasonably be assumed to equal the mapped rock site
acceleration multiplied by the short-period site factor (F,) in table 2-4(a). In interpolating site
factors as a function of peak rock acceleration level in table 2-4(a), it can be assumed that peak
ground (rock) acceleration is equal to 0.4 times the short-period spectral acceleration on rock, S;.

2.6. DEVELOPING SITE-SPECIFIC RESPONSE SPECTRA OF HORIZONTAL
GROUND MOTIONS

In cases where a site-specific approach to developing response spectra is used, the overall
objective is to develop ground motions that are more accurate for the local seismic and site
conditions than can be determined from the general procedure using national ground motion
maps and site factors (sections 2.3 through 2.5). Accordingly, site-specific studies must be
comprehensive and incorporate current scientific interpretations for seismic sources and ground
motion attenuation. It is also important to incorporate uncertainties in modeling in a site-specific
probabilistic analysis. Examples of these uncertainties include seismic source location, extent,
and geometry, maximum earthquake magnitude, earthquake recurrence rate, and ground motion
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attenuation relationships. A site-specific analysis should be documented in detail and be subject
to detailed peer review. When response spectra are determined from a site-specific study, the
design spectra should not be lower than two-thirds of the spectra determined using the general
procedure described in sections 2.3 through 2.5.

Where analyses to determine soil amplification are required by table 2-3 for site class F soils (see
also section 2.4.2), the influence of the local soil conditions should be determined based on site-
specific geotechnical investigations and dynamic site response analyses. Guidelines are
presented in appendix A for conducting these investigations and analyses. These guidelines are
applicable for site-specific determination of site response for any site class when the site
response is determined on the basis of a dynamic site response analysis.

For sites located within 10 km (6 mi) of an active fault as defined in chapter 3, studies to
quantify near-fault effects on ground motions should be conducted to determine if these could
significantly influence bridge response. The USGS and state geological agencies may be
contacted to determine the locations of known active faults.

Near-fault effects on horizontal response spectra include:
1. Higher ground motions due to the proximity of the active fault,

2. Directivity effects that increase ground motions for periods greater than 0.5 second if the
fault rupture propagates toward the site, and

3. Directionality effects that increase ground motions for periods greater than 0.5 second in the
direction normal (perpendicular) to the strike of the fault.

If the active fault was included in the development of the national ground motion maps, then
effect (1) is already included in the ground motions defined by national ground motion maps.
Effects (2) and (3) are not included in the national maps. These effects are considered to be
significant only for periods longer than 0.5 second. Normally these effects would be evaluated
only for major or very important bridges having natural periods of vibration longer than 0.5
second (Somerville, 1997, and Somerville et al., 1997).

Figure 2-6 illustrates near-fault effects on both response spectra and time histories of horizontal
ground motion. As seen in the time history plots, there is a significant long-period ground
motion pulse that occurs in the direction perpendicular to the fault strike (i.e., fault-normal
direction). As a result, the response spectrum at long periods is significantly increased in the
fault-normal direction compared to the fault-parallel direction.

For purposes of developing deterministic spectra, subsurface faults as well as surface faults
should be considered if (1) their location is known or can reasonably be inferred, and (2) the fault
is an active fault as defined in chapter 3. The interfaces between tectonic plates in subduction
zone regions are considered to be active faults.
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Figure 2-6. Time histories and horizontal response spectra (five percent damping) for the
fault strike-normal and fault strike-parallel components of ground motion for the Rinaldi
recording obtained 4.5 mi (7.5 km) from the fault rupture during the 1994 Northridge,
California earthquake.
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2.7. DEVELOPING VERTICAL GROUND MOTION RESPONSE SPECTRA

Recent studies'' have shown that the ratio of the vertical response spectrum to the horizontal
response spectrum of ground motions can differ substantially from the nominal two-thirds ratio
commonly assumed in engineering practice. These studies show that the ratios of vertical to
horizontal response spectral values are functions of the tectonic environment, subsurface soil or
rock conditions, earthquake magnitude, earthquake source-to-site distance, and period of
vibration. Whereas the two-thirds ratio may be conservative for longer periods of vibration
(greater than about 0.2 second), at shorter periods the ratio of vertical to horizontal response
spectra may exceed two-thirds and even substantially exceed 1.0 for close earthquake source-to-
site distances and periods less than about 0.1 second.

Figure 2-7 illustrates vertical-to-horizontal response spectral ratios obtained in four studies for a
moment magnitude 6.5 earthquake, source-to-site distance of 10 km, and for rock and soil site
conditions. These results are from analysis of ground motion data from the western United
States (WUS) and other regions having a similar shallow crustal faulting tectonic environment.
Ground motion modeling analyses by Chiou et al. (2002) suggest that the ratios for the central
and eastern United States (CEUS) are not greatly different from the ratios for the WUS.

At present, detailed procedures have not been developed for constructing vertical spectra having
an appropriate relationship to the horizontal spectra constructed using the general procedure
described in section 2.5. When developed, these procedures could be used in conjunction with
deaggregation information on dominant earthquake source-to-site distance and earthquake
magnitude (section 2.8.1), to construct vertical spectra at any location. For the present, when
vertical response spectra are required and the horizontal response spectra are constructed using
the general procedure of section 2.5, use of a vertical-to-horizontal spectral ratio of two-thirds
throughout the period range is recommended unless the important vertical natural periods of
vibration of the bridge are less than 0.2 second. In the latter case, analyses should be made to
determine whether the short-period part of the vertical spectrum should be enriched. Such
analyses should be made using results of current studies of vertical-to-horizontal spectral ratios,
such as illustrated in figure 2-7.

In cases where site-specific horizontal spectra are developed (section 2.6) but vertical spectra are
also required, results of current studies of vertical ground motions, such as those illustrated in
figure 2-7, should be used. Vertical-to-horizontal spectral ratios less than two-thirds may be
used if validated by site-specific vertical spectra but values less than 0.5 are not recommended.

' Abrahamson and Silva, 1997; Silva, 1997; Sadigh et al., 1993; Campbell, 1997; Bozorgnia et al., 1999; Campbell
and Bozorgnia, 2000a, b; Chiou et al., 2002
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Figure 2-7. Vertical/horizontal spectral ratios vs. period
2.8. DEVELOPING ACCELERATION TIME HISTORIES
2.8.1. GENERAL REQUIREMENTS FOR TIME HISTORIES
When a time history analysis of a bridge is to be performed, the time histories of ground motions
to be used in the analysis should represent the seismic environment of the site and local site

conditions. Site characteristics to be considered include:

1. The tectonic environment, e.g., subduction zone, shallow crustal faults in western United
States, or crustal environment in eastern United States.

2. Earthquake magnitude.

3. Type of faulting (e.g., strike-slip; reverse; normal).
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4. Seismic source-to-site distance.
5. Local site conditions.

6. Design or expected ground motion characteristics (e.g., design response spectrum, duration
of strong shaking, special ground motion characteristics such as near-fault characteristics).

Recorded time histories from sites with similar characteristics are preferred, but compromises are
usually required because of the many characteristics defining the environment and the limited
database of recorded time histories. Use of time histories having similar earthquake magnitudes
and distances, within reasonable ranges, are especially important parameters because they have a
strong influence on response spectral content, response spectral shape, duration of strong shaking,
and near-source ground motion characteristics. The motions selected should be somewhat
similar in overall ground motion level and spectral shape to the design spectrum to avoid using
very large scaling factors for the recorded motions and very large changes in spectral content in
the spectrum-matching approach discussed in section 2.8.3 below.

If the dominant earthquake is located within about 10 km (6 mi) of the site and has a magnitude
equal to or greater than 6, then intermediate-to-long period ground motion pulses should be
included, since these characteristics in the ground motion could significantly influence bridge
response. Somerville et al. (2000, 2003) provides guidance on the time-domain characteristics of
near-source ground motion pulses. The response spectral characteristics of near-source ground
motions are described in section 2.6, and are illustrated in figure 2-6. Similarly, the high short-
period spectral content of near-source vertical ground motions should be considered (section 2.7).

As indicated in figure 2-6, the amplitude of near-source horizontal ground motion pulses is
dependent on the direction of the ground motion relative to the fault, being highest in the fault
strike-normal (perpendicular) direction and lowest in the fault strike-parallel direction. Selected
recorded near-source time histories should be transformed to fault-normal and fault-parallel
directions. When used for a specific bridge, the time histories should be transformed to the
principal bridge axes, depending on the orientation of the bridge relative to the fault strike.

When the design response spectrum is defined for a particular probability of exceedance or
return period, a range of earthquake magnitudes and distances contribute to the spectrum. The
ground motion hazard from a probabilistic ground motion analysis should be deaggregated to
determine the predominant magnitude and distance contributions to the hazard to guide the
selection and development of appropriate time histories. Hazard deaggregation of response
spectral accelerations constructed using 1996 USGS ground motion maps can be obtained from
the USGS website [http://eqhazmaps.usgs.gov]. Table 2-6 outlines the steps necessary to obtain
these data from the web site.

Two examples of hazard deaggregation are shown in figure 2-8 for New York City and Seattle.
The example is for 0.2-second spectral acceleration for three percent probability of exceedance

in 75 years (2500-year return period). For this example, the hazard in New York City is
dominated by small-to-moderate magnitude earthquakes occurring at close to moderate distances,
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and the hazard at Seattle is dominated by moderate-to-large magnitude earthquakes occurring at
close distances. The weighted average magnitude contribution to the hazard for each city is also
shown. It should be noted that the relative magnitude and distance contributions for a particular
location may vary with the ground motion parameters (e.g., relative contributions may differ for
short-period and long-period motions) and with probability of exceedance. Also, at some sites,
contributions may be more complex, such as a bi-modal contribution from nearby small-to-
moderate magnitude earthquakes and distant large-magnitude earthquakes.

Table 2-6. Procedure for obtaining deaggregated seismic hazard from USGS web site.

Step | Activity

1 Access http://eqhazmaps.usgs.gov with any recent browser and open home page.
2 Select ‘Interactive Deaggregations, 1996’
3 On next screen:

Enter site name and latitude and longitude coordinates for site.

Select Return time from menu.
For example: 5 percent PE 50 yrs for 1000-year return period.

Select SA frequency from menu.
For example: 1.0 Hz for S, (long-period spectral acceleration) or 5.0 Hz for Sg (short-
period spectral acceleration).

Choose ‘Geographic Deaggregation.’

Choose ‘Mean’ Seismograms.

Click ‘Generate Plot(s) and Data.’

Select ‘Hazard Matrices’ to print tabulated data.

Select ‘Deaggregated Seismic Hazard Graph,’ to print earthquake contribution to hazard by
magnitude and distance. Choose desired format: gif, .pdf, .ps.

Read mean (and modal) earthquake distance and magnitude.

Select ‘Geographic Deaggregated Seismic Hazard Map’ and ‘Seismograms for Modal or
Mean Event’ if required. Choose desired formats.

Note: Deaggregated seismic hazard data is not available on the CD-ROM provided with this manual.
Use the website in step 1 to obtain this data.

2.8.2. METHODS OF SELECTING AND DEVELOPING TIME HISTORIES

Time histories may be either recorded time histories that are scaled for the bridge location, or
spectrum-matched time histories. For scaled time histories, the amplitudes of recorded ground
motions are scaled by a constant factor so that the response spectrum of the time history (with its
spectral peaks and valleys) is, on average, approximately at the level of the design response
spectrum in the range of periods of structural significance. For spectrum-matched time histories,
after simple scaling of recorded time histories as in the previous approach, a spectrum-matching
procedure is then employed so that the frequency content of the scaled recorded time history is
adjusted and the spectrum of the modified time history is a close fit or ‘match’ to the design
response spectrum in the range of periods of structural significance.
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If sufficient recorded motions are not available, simulations of recorded time histories may be
developed using theoretical ground motion modeling methods that simulate the earthquake
rupture process and wave propagation from source-to-site through the earth’s crust. Analyses of
soil column effects on time histories can be made using the methods of site response analysis
described in appendix A.

If spectrum-matched time histories are developed, the initial time histories should be
representative of recorded or simulated motions. The analytical techniques used for spectrum
matching should be capable of achieving seismologically realistic time series that are similar to
the time series of the initial time histories selected for spectrum matching. Response spectrum-
matching approaches include methods in which time series adjustments are made in the time
domain'? and those in which the adjustments are made in the frequency domain'®. Both of these
approaches can modify existing time histories to achieve a close match to the design response
spectrum while maintaining, fairly well, the basic time domain character of the recorded or
simulated time histories. To minimize changes to the time domain characteristics, it is desirable
that the overall shape of the spectrum of the recorded or simulated time history be similar to the
shape of the design response spectrum and that the time history initially be scaled so that its
spectrum is at the approximate level of the design spectrum before spectral matching.

If hazard deaggregation (section 2.8.1) indicates that different seismic sources dominate
contributions to different period ranges of a design response spectrum (such as nearby small-to-
moderate magnitude earthquakes dominating the short-period range and distant large-magnitude
earthquakes dominating the long-period range), then it may be appropriate to develop two or
more sets of time histories representing the different earthquakes and period ranges. In this way,
individual time histories will be more realistic with respect to spectrum shape, duration, and
energy.

2.8.3. REQUIREMENTS FOR COMPATIBILITY OF TIME HISTORIES WITH THE
DESIGN RESPONSE SPECTRUM

When using recorded or simulated time histories that are not spectrum matched, they should be
scaled to the approximate level of the design response spectrum in the period range of
significance. For each component of motion, an aggregate match of the design response
spectrum should be achieved for the set of acceleration time histories used for each component
of motion. To evaluate the match, the mean of the spectra of the time histories should be
calculated period-by-period. Over the range of periods of structural significance, the calculated
mean spectrum should not be more than 15 percent lower than the design spectrum at any period,
and the average of the ratios of the mean spectrum to the design spectrum should be equal to or
greater than 1.0.

When developing spectrum-matched time histories, before the matching process, they should be
scaled to the approximate level of the design response spectrum in the period range of
significance. Thereafter, the set of time histories for each component should be spectrum-
matched to achieve the same overall fit requirement as stated above for time histories that are not

12 ilhanand and Tseng, 1988; Abrahamson, 1992
13 Gasparini and Vanmarcke, 1976; Silva and Lee, 1987; Bolt and Gregor, 1993
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spectrum-matched. Ordinarily this is easy to achieve because each spectrum-matched time
history will have a spectrum close to the design spectrum.

When developing three-component sets of time histories by simple scaling rather than spectrum
matching, it is difficult to achieve a comparable match to the design spectrum for each
component when using the same scaling factor. It is desirable, however, to use the same scaling
factor to preserve the relationship between the components. Approaches for dealing with this
scaling issue include:

1. Increase the scaling factor to meet the minimum aggregate match requirement for one
component of motion while exceeding it for the other two.

2. Use a scaling factor to meet the aggregate match for the most critical component of motion
with the match somewhat deficient for other components.

3. Compromise on the scaling by using different factors as required for different components of
a time history set.

All these approaches are acceptable, but the third approach is less desirable. The second
approach requires careful examination and interpretation of the results and possibly dual analyses
for application of the higher horizontal component in each principal horizontal direction.

Scaled or spectrum-matched time histories should be integrated to obtain corresponding time
histories of velocity and displacement. All results should be examined for reasonableness.

2.8.4. NUMBER OF TIME HISTORIES

At least three time histories of either recorded, simulated-recorded, or spectrum-matched
motions, should be used for each component of motion when performing nonlinear inelastic
dynamic analyses. The design forces and displacements should be taken as the maximum
response calculated for the three ground motions in each principal direction. However, if a
minimum of seven recorded, simulated, or spectrum-matched time histories are used for each
component of motion, the design forces and displacements may be taken as the mean of the
forces and displacements calculated for each principal direction. These recommendations take
into account the sensitivity of nonlinear response to both the response spectral content of the
time histories and the time domain character of the time series (duration, pulse shape, pulse
sequencing).

If linear elastic time history dynamic analysis is performed, fewer time histories could be used
depending on the sensitivity of response to the time histories. Normally, for linear analysis, the
response is not sensitive to the time domain character of the time series, and a sufficient number
of time histories would be the number required to achieve an aggregate fit to the design spectrum.
Using a spectrum-matching approach, this may be a single time history.

Additional guidance on developing acceleration time histories for dynamic analysis may be
found in publications by the Caltrans Seismic Advisory Board Adhoc Committee on Soil-
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Foundation-Structure Interaction (CSABAC, 1999) and the U.S. Army Corps of Engineers
(2003).

2.9. SPATIAL VARIATION OF GROUND MOTIONS
Spatial variation in earthquake ground motion is principally due to:

1. Differences in arrival time of ground motions at bridge supports (out-of-phase motions). This
is the so-called ‘traveling wave’ or ‘wave passage’ effect. Waves that propagate vertically do
not show this effect..

2. Incoherence or dissimilarities in ground motions at bridge supports due to wave-scattering
effects as seismic waves propagate through the earth’s crust.

3. Incoherence of ground motions due to variations in soil profiles at bridge supports.

Limited studies conducted to date indicate that spatial variation in the ground motion generally
has little effect on bridge response and can be neglected in design. This is generally true for
bridges less than 300 to 450 meters (1,000 to 1,500 feet) in total length and that have uniform
soil conditions (Shinozuka et al., 2000). On the other hand, spatial variation can be significant
for longer bridges or those with differential soil conditions and its effect should be included in
design'®. The effect of these differential soil conditions at bridge supports can be evaluated
approximately using one-dimensional soil column analyses. Several computer programs that can
be used for this purpose are identified in appendix A. These methods do not account for out-of-
phase motions or incoherence due to crustal wave scattering. Shinozuka et al. (2000) presents a
methodology for accounting for differential soil response in the development of out-of-phase,
incoherent time histories.

Many bridge sites, especially those at river or valley crossings, are characterized by significant
variations in both surface topography and subsurface soil stratigraphy (Martin, 1998a). In some
cases, it may be warranted to use a two-dimensional, rather than one-dimensional, site response
analysis to capture effects of the spatially varying soil and topographic conditions. Computer
programs that can be considered for such analyses include the nonlinear analysis programs
FLAC" and TENSI-MUSC (Martin, 1998a) and the equivalent linear analysis programs FLUSH
(Lysmer et al., 1975) and QUAD4M (Hudson et al., 1994). These methods capture two-
dimensional interaction of the topographic and soil variations, but do not account for out-of-
phase motions or incoherence due to crustal wave scattering.

" Hao et al. (1989), Abrahamson (1985; 1992), Abrahamson et al. (1991), Shinozuka et al. (2000), and CSABAC
(1999)
S ITASCA, 1998; Wang and Makdisi, 1999
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CHAPTER 3: GEOTECHNICAL HAZARDS

3.1. GENERAL

Geotechnical hazards at highway bridge sites that can be triggered by earthquakes include soil
liquefaction, soil settlement, slope failure (landslides and rock falls), surface fault rupture, and
flooding. In this chapter, liquefaction, settlement, fault rupture and flooding are described and
their adverse consequences to highway bridges are discussed. Procedures for evaluating these
hazards are also presented. Methods for screening and evaluating slope failure potential
(landslides and rock falls) are given in Part 2 of this manual and are therefore not included in this
chapter.

The consequences of these hazards in the free-field (e.g., ground settlement and fault
displacements) are also addressed in this chapter. Methods for evaluating the effects of these
hazards on the capacity and deformations of the bridge-foundation system are presented in
chapter 6, and measures for mitigating them are described in chapter 11.

Assessing geotechnical hazards is a two-part procedure. In the first part, a quick screening
evaluation is conducted. Generally, this can be accomplished using available information and
field reconnaissance. If the criteria are satisfied, the risk is considered to be low and further
evaluations of the hazard are not required. If a hazard cannot be screened out, more detailed
evaluations are conducted in the second part of this procedure. This usually requires obtaining
additional data to more rigorously assess the hazard and its consequences. In this chapter,
guidelines for initial hazard screening are provided, and a brief overview of methods for detailed
hazard evaluation is given. Detailed methods for hazard evaluation are described in appendix B.
Hazard screening and hazard evaluation should be carried out by engineers and scientists (e.g.,
geotechnical engineers, geologists, and seismologists), who have expert knowledge of these
hazards and experience with their evaluation.

3.2. SOIL LIQUEFACTION
3.2.1. LIQUEFACTION HAZARD DESCRIPTION

Soil liquefaction is a phenomenon in which a cohesionless soil deposit below the groundwater
table loses a substantial amount of strength due to strong earthquake ground shaking. The reason
for strength loss is that some types of cohesionless soil tend to compact during earthquake
shaking and this tendency for compaction causes pore water pressures in the soil to increase.
This, in turn, causes a reduction in soil strength. Recently deposited (i.e., geologically young)
and relatively loose natural soils, and uncompacted or poorly compacted fills, are susceptible to
liquefaction. Loose sands and silty sands are particularly susceptible. Loose silts and gravels
also have potential for liquefaction. Dense natural soils and well-compacted fills have low
susceptibility to liquefaction. Clay soils are generally not susceptible, except for highly sensitive
clays found in some geographic locales.
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Liquefaction has been perhaps the single most significant cause of damage to bridges during past
earthquakes. Most of the damage has been related to the lateral movement of soil at bridge
abutments. However, cases involving the loss of lateral and vertical bearing support of
foundations for bridge piers have also occurred.

The potential consequences of liquefaction can be grouped into the following categories:

1.

Flow slides. Flow failures are the most catastrophic form of ground failure that can occur due
to liquefaction. These large slides occur when the downslope static (gravity) loads exceed
the resistance provided by low shear strengths of liquefied soils (i.e., static factor of safety
drops below 1.0 due to liquefaction). Because earthquake-induced inertial forces following
liquefaction are not required to cause flow sliding (gravity forces being sufficient), these
slides can occur even after the ground stops shaking. Flow slides commonly result in tens of
meters (yards) of displacement and occur at relatively high velocities, up to tens of
kilometers per hour (miles per hour).

Lateral spreads. Lateral spread is the most common form of landslide-type movements
accompanying liquefaction. It can occur on very gently sloping ground (less than one
percent slope in some cases) underlain by liquefied soil due to combined static forces plus
seismically induced inertia forces in the soil mass. Lateral movements accumulate during the
earthquake whenever the static plus seismically induced shear stresses exceed the strength of
liquefied soil. The resulting lateral movements can range in magnitude from centimeters
(inches) to several meters (yards) and are typically accompanied by severe ground cracking
with horizontal and vertical offsets. The potential for lateral movements is increased if there
is a ‘free face,” such as a river channel or the sloping shoreline of a lake or bay, toward
which movements can occur. Lateral spreading or ‘embankment penetration’ can occur
beneath a bridge approach fill or any highway embankment if the underlying soil liquefies.
Manifestations are settlements, lateral movements, and cracking of the embankment.

Reduction in foundation bearing capacity. The occurrence of liquefaction beneath, and/or
laterally adjacent to, bridge foundations can greatly reduce foundation vertical and/or lateral
capacity, resulting in unacceptable foundation settlements and/or lateral movements.

Ground settlement. Even in the absence of flow sliding, lateral spreading, or reduction in
foundation bearing capacity due to liquefaction, ground settlements due to soil consolidation
can occur as liquefaction-induced, excess pore water pressures in the soil dissipate. This
consolidation occurs over time, perhaps for several days after the earthquake, and may result
in the settlement and/or differential settlement of foundations located above the liquefied
layer. Pile foundations extending through liquefied strata into stable ground may be subject
to downdrag as soils overlying liquefied layers settle relative to the piles. In general,
magnitudes of total and differential ground movements due to liquefaction-induced soil
consolidation are less than those associated with flow slides, lateral spreading, or reduction
in foundation bearing capacity.
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5. Increased pressures on retaining walls. The occurrence of liquefaction in the backfill behind
a retaining wall, such as an abutment backwall or wingwall, will increase pressures on the
wall, potentially leading to wall failure or excessive deformations.

3.2.2. INITIAL HAZARD SCREENING FOR LIQUEFACTION

Prior to initiating screening and liquefaction evaluation procedures for soils that are susceptible
to liquefaction, a check should be made as to whether liquefaction has previously occurred at the
site (or in the near vicinity of the site in similar geotechnical conditions) during past earthquakes.
This check may involve review of the earthquake history of an area and review of published
post-earthquake reconnaissance reports. If there is evidence that liquefaction has previously
occurred at the site, then it must be given further consideration.

In general, the requirement to conduct an evaluation of liquefaction potential is a function of the
Seismic Hazard Level for the bridge, as described in chapter 1. For Seismic Hazard Levels I and
II, the potential for liquefaction is generally low. In some cases (e.g., Type E and F soils for
Seismic Hazard Level II), the peak ground acceleration may exceed 0.14 g (F,S; in excess of
0.35 g). While this level of peak ground acceleration may cause liquefaction, the magnitude of
the earthquake causing liquefaction at these hazard levels will generally be less than 6.0 and the
duration of strong shaking will be relatively short. For magnitudes less than 6.0, liquefaction
develops slowly at most sites, and affects the structure minimally during dynamic shaking.
Therefore, the effects of liquefaction on dynamic response can be neglected. In addition, little
potential exists for permanent movement of the ground, again because of the small size and
limited duration of seismic events at these levels.

The potential for liquefaction at Seismic Hazard Levels III and IV is higher, and careful attention
is needed to determine the potential for, and consequences of, liquefaction at sites with this
classification. If the mean magnitude contributing to the peak ground acceleration is less than
6.0, then the discussion above with regard to duration is applicable for Seismic Hazard Levels
IIT and I'V. For magnitudes between 6.0 and 6.4, a liquefaction analysis may or may not be
required depending on the combination of ground shaking and the blowcount values for the soils.
For magnitudes above 6.4, a liquefaction analysis is required.

In summary, an evaluation of the potential for, and consequences of, liquefaction in soils near the
surface should be made in accordance with the following requirements:

e Seismic Hazard Levels I and II: Not required.

e Seismic Hazard Levels III and IV: Required, unless one of the following two conditions is
met:

- Mean magnitude for the design event is less than 6.0.

' Mean earthquake magnitudes for a given bridge site and return period may be found on the USGS web site
(http://eqhazmaps.usgs.gov), where results for the deaggregation of the seismic hazard are given (see section 2.8.1,
table 2-6 and figure 2-8).
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- Mean magnitude for the design event is less than 6.4 and equal to or greater than
6.0, and either the normalized Standard Penetration Test (SPT) blowcount
[(N1)e0] is greater than 20, or (N)e is greater than 15 and F,S; is less than 0.35 g.

If the mean magnitude is greater than or equal to 6.4, or if the above requirements are not met for
magnitudes between 6.0 and 6.4, the potential for liquefaction and associated phenomena such as
lateral flow, lateral spreading, foundation bearing capacity reduction, and settlement, should be
evaluated.

In addition to the above criteria, it can be assumed that a significant liquefaction hazard does not
exist for Seismic Hazard Levels III and IV if any of the following screening criteria are satisfied:

e The geologic materials underlying the site are either bedrock or have very low liquefaction
susceptibility according to the relative susceptibility ratings shown in table 3-1, which are
based on geologic age and general depositional environment (Youd and Perkins, 1978).
Table 3-1 should be applied conservatively if there are uncertainties regarding geologic age
or depositional environment.

e The soils below the groundwater table at the site are one of the following:

1. Clayey soils which have a clay content (grain size < 0.005 mm) greater than 15 percent,
liquid limit greater than 35 percent, or natural water content less than 90 percent of the
liquid limit (Seed and Idriss, 1982). However, clayey soils that are highly sensitive,
based on measured soil properties or local experience, should not be screened out. A
highly sensitive soil possesses all of the following properties:

Liquid limit less than 40 percent.

Water content greater than 0.9 times the liquid limit.

Liquidity index greater than 0.6.

(N1) 6o less than five or normalized cone penetration resistance, qc;, less than 1 MPa
(20 ksf).

e o o

Areas of the United States known to have highly sensitive soils include some coastal
areas of Alaska, along the St. Lawrence River, some eastern and western coastal areas
with estuarine soil deposits, near or within saline lakes in the Great Basin and other arid
areas, and soils resulting from weathering of volcanic ash (Youd, 1998).

2. Sands with a minimum corrected Standard Penetration Test resistance, (N;)q value of 30
blows/0.3m (30 blows/foot) or minimum corrected cone penetration test tip resistance,
dcin, of 160 with a sufficient number of tests. The parameter (N)¢ 1s defined in
Appendix B.

e The water table is deeper than 15 m (50 feet) below the existing ground surface or proposed
finished grade at the site, whichever is lower, including considerations for seasonal, historic
and possible future rises in groundwater level.
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Table 3-1. Estimated susceptibility of sedimentary deposits to liquefaction
during strong ground motion.

Type of Deposit

General
Distribution of

Likelihood that Cohesionless Sediments, When
Saturated, Will be Susceptible to Liquefaction

Cohesionless (by Age of Deposit)
Sedlmen-ts n <500 yr Holocene Pleistocene PI _Pre-
Deposits Modern >11ka | 11ka-2Ma e;szt:nce"e
a
(a) Continental Deposits
River channel Locally variable Very high High Low Very low
Floodplain Locally variable High Moderate Low Very low
Alluvial fan and plain Widespread Moderate Low Low Very low
Marine terraces and
plains Widespread Low Very low Very low
Delta and fan-delta Widespread High Moderate Low Very low
Lacustrine and playa Variable High Moderate Low Very low
Colluvium Variable High Moderate Low Very low
Talus Widespread Low Low Very low Very low
Dunes Widespread High Moderate Low Very low
Loess Variable High High High Unknown
Glacial till Variable Low Low Very low Very low
Tuff Rare Low Low Very low Very low
Tephra Widespread High High ? ?
Residual soils Rare Low Low Very low Very low
Sebka Locally variable High Moderate Low Very low
(b) Coastal Zone
Delta Widespread Very high High Low Very low
Estuarine Locally variable High Moderate Low Very low
Beach
High wave-energy Widespread Moderate Low Very low Very low
Low wave-energy Widespread High Moderate Low Very low
Lagoonal Locally variable High Moderate Low Very low
Fore shore Locally variable High Moderate Low Very low
(c) Artificial
Uncompacted fill Variable Very high - - -
Compacted fill Variable Low - - -
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If the above screening criteria are not satisfied, then the detailed evaluations described in
appendix B should be used to evaluate a liquefaction hazard and its potential consequences.
These evaluation approaches are briefly outlined in section 3.2.4.

3.2.3. EARTHQUAKE GROUND MOTIONS FOR LIQUEFACTION ANALYSIS

To perform analyses of the liquefaction potential, and some types of analyses to assess the
consequences of liquefaction, an estimate of the peak ground acceleration and associated
earthquake magnitude are needed. In addition, one type of evaluation for lateral spreading also
requires earthquake source-to-site distance. These parameters can be obtained either by using the
‘general’ procedure based on national earthquake ground motion maps and site factors, or a ‘site-
specific’ procedure, as described in sections 2.5 and 2.6, respectively.

Design ground motions are based on a probabilistic approach, except near highly active faults
where ground motions are ‘bounded’ deterministically so as not to exceed levels associated with
the occurrence of maximum magnitude earthquakes on these faults. When the design ground
motions for a bridge are based on a probabilistic approach (i.e., developed for a certain
probability of ground motion exceedance or return period), then it is necessary to deaggregate
the peak ground acceleration hazard to determine ‘dominant’ magnitudes and distances
contributing to the hazard, as described in section 2.8.1 and appendix A. The process of
deaggregation is required because different seismic sources, earthquake magnitudes, and
distances contribute to the probability of exceedance of a given ground motion in a probabilistic
analysis.

When the deterministic approach is applied, design ground motions are estimated for a maximum
earthquake magnitude occurring at a specific seismic source. It is assumed that the earthquake
occurs on that portion of the source closest to the site. One or more earthquake sources, and
associated magnitudes and distances, are selected on the basis of likelihood to cause liquefaction
at the site.

3.2.4. SUMMARY OF PROCEDURES FOR DETAILED LIQUEFACTION EVALUATIONS
3.2.4.1. Evaluation of the Potential for Liquefaction Using Simplified Method

The procedure most widely used in engineering practice for the assessment of liquefaction
potential is the ‘Simplified Procedure’®. This procedure essentially compares the cyclic
resistance ratio (CRR, the cyclic stress ratio required to induce liquefaction in a soil stratum at a
given depth) with the earthquake-induced cyclic stress ratio (CSR) at that depth from the
specified design earthquake, as defined by a peak ground surface acceleration and the associated
earthquake moment magnitude.

The ratio of CRR to CSR should be greater than 1.0 to preclude the development of liquefaction.
Even when the ratio of CRR to CSR is as high as 1.5, increases in pore water pressure in the soil

? Seed and Idriss (1982), Seed et al. (1983) and (1985), Seed and De Alba (1986), Seed and Harder (1990), Youd
and Idriss (1997), Youd et al. (2001)
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can occur. The potential consequences of these pore pressure increases in weakening the soil
should be considered during design.

The most common application of the Simplified Procedure uses an empirically-based
liquefaction criterion chart, or correlation, that describes the CRR as a function of SPT
blowcounts from soil borings. However, variations of this procedure use other parameters as a
measure of soil resistance to liquefaction, namely Cone Penetration Test (CPT) resistance, shear
wave velocity, and Becker hammer penetration resistance. The use of CPT data and related
correlations is becoming widely used as either a complementary or alternative method to the use
of SPT data and correlations. The techniques of, and correlations with, shear wave velocity and
Becker hammer penetration resistance are typically used for gravelly soils because of the
difficulty of obtaining meaningful SPT or CPT measurements in these soils (Youd and Idriss,
1997; Youd et al., 2001).

3.2.4.2. Numerical Modeling Methods and Laboratory Cyclic Testing for Evaluation of
Potential for Liquefaction

For critical projects, the use of numerical modeling of site response and/or the conduct of
laboratory cyclic liquefaction tests may be appropriate to supplement the simplified method. The
use of one- or two-dimensional effective stress site response analyses for acceleration time
history inputs will provide increased understanding of the progressive development of pore water
pressures during seismic shaking. Because of the great difficulty of obtaining and testing
undisturbed cohesionless soil samples, a laboratory cyclic testing program to determine soil
liquefaction resistance is seldom justified. However, such a program may be considered for
certain soil types that are liquefiable but have liquefaction resistances that are less well
quantified by the empirically-based correlations (e.g., cohesionless silts).

3.2.4.3. Evaluation of the Potential for Liquefaction-Induced Flow Slides and Lateral
Spreads

For evaluation of the potential for flow sliding and magnitude of lateral spreading displacements,
a critical parameter for analytical methods is the residual strength of the liquefied soil. The
quantification of this parameter is described in appendix B.

The analysis of flow slide potential is essentially a static slope stability analysis in which the
static factor of safety is evaluated considering the residual strength of the portion of the soil mass
that has liquefied. Flow sliding is predicted to occur if the static factor of safety of the liquefied
soil mass is less than 1.0. The estimation of displacements associated with flow sliding cannot
be easily made. Sliding continues until geometric changes or increases in the strength of the
liquefied soil cause the factor of safety to increase above 1.0.

For analysis of the potential for, and amount of, lateral spreading, empirically-based and
analytical approaches may be used. Empirical approaches are based on observations of lateral
spreading displacements during past earthquakes. The most widely used analytical approach is
the simplified Newmark sliding block method in which displacements are estimated based on the
amplitude of the induced accelerations in the soil mass, the amplitude of the “yield acceleration’
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required to initiate movement of the soil mass considering the residual strength of the liquefied
portion, and other parameters. The yield acceleration coefficient, ky, is determined from a
pseudo-static stability analysis as the acceleration required to cause the factor of safety to drop to
1.0. Two-dimensional nonlinear effective stress dynamic analysis approaches are now available
as a complementary tool for evaluating lateral spreading.

3.2.4.4. Other Evaluation Procedures

The evaluation of the effects of liquefaction on vertical or lateral bearing capacity and foundation
behavior and the effects on earth pressures behind retaining walls is addressed in chapter 6. The
estimation of consolidation settlement due to liquefaction is considered in the following section.

3.3. SOIL SETTLEMENT
3.3.1. SETTLEMENT HAZARD DESCRIPTION

As noted in section 3.2.1, free-field settlements may accompany liquefaction. These settlements
are associated with post-earthquake dissipation of pore water pressures induced by liquefaction
and resulting soil consolidation and densification. If pore pressures develop during ground
shaking, but not to a level high enough to cause liquefaction, their post-earthquake dissipation
may also result in settlement, but less than that occurring due to liquefaction.

Settlements can also occur in dry or partially-saturated soils above the groundwater table and
thus not be associated with pore pressure development and liquefaction. The mechanism in this
case is densification during the period of ground shaking as the earthquake-induced cyclic shear
stresses cause the soil grains to adjust into a denser state of packing. In the case of bridge
approach embankment fills, a component of settlement may also be associated with small
amounts of lateral yielding of the embankments, even in the absence of noticeable slope
displacements or lateral spreading through weak foundation soils.

Loose natural soils, uncompacted and poorly compacted fills, are susceptible to densification. If
densification does not occur uniformly over an area, the resulting differential settlements can be
damaging to a bridge.

3.3.2. INITIAL HAZARD-SCREENING FOR SETTLEMENT

It can be assumed that a significant hazard due to differential compaction does not exist if both
of the following screening criteria are satisfied.

1. The geologic materials underlying the foundations and below the groundwater table do not
liquefy.

2. The geologic materials underlying the foundations and above the groundwater table are one
or more of the following:

e Pleistocene (geologic age older than 11,000 years),
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e Stiff clays or clayey silts, or

e Cohesionless sands, silts, and gravels with a minimum (N)¢ of 20 blows/0.3 m
(20 blows/ft).

Note that these criteria are not intended to be applied to embankment fills. The potential for
settlement of fills is strongly dependent on the degree of compaction of the fill and settlements
should be estimated as summarized in the next section.

3.3.3. SUMMARY OF PROCEDURES FOR DETAILED SETTLEMENT EVALUATIONS

Appendix B describes simplified procedures and empirical correlations for estimating
seismically induced settlements in both saturated sands (below the groundwater table) and dry
sands (applied to dry or partially saturated sands above the groundwater table). These procedures
are based in part on case history data and in part on results of laboratory cyclic testing programs.
Methods are also described for extending the evaluations for clean sands to silty sands and
cohesionless silts. These procedures do not address cohesive soils (clays and clayey silts). In
general, it is expected that stiff natural deposits of cohesive soils will not experience damaging
settlements. However, cohesive or partially cohesive fills, including bridge approach
embankment fills, may be susceptible to significant settlements if not adequately compacted.

3.4. SURFACE FAULT RUPTURE
3.4.1. SURFACE FAULT RUPTURE HAZARD DESCRIPTION

Surface fault rupture refers to the shearing displacements that occur along an active fault trace
when movement on the fault extends to the ground surface, or the depth of the bridge foundation.
Displacements can range from centimeters (inches) to several meters (yards). Because surface
fault displacements tend to occur abruptly, often across a narrow zone, fault rupture can be very
damaging to a bridge, particularly if it occurs directly below the structure. It is also difficult and
often cost-prohibitive to mitigate. In the central and eastern United States, east of the Rocky
Mountains, few active faults have been identified and the hazard of surface fault rupture is
generally low in comparison to the western United States.

3.4.2. INITIAL HAZARD SCREENING FOR SURFACE FAULT RUPTURE

Surface fault ruptures generally are expected to occur along existing traces of active faults.
Therefore, it can be assumed that a significant hazard of surface fault rupture does not exist if it
can be established that either:

e There is no evidence of a fault trace traversing the bridge site, or
o Ifa fault trace does cross the bridge site, it has been established that the fault is not an active
fault. Faults are generally considered to be active faults with a significant potential for

future earthquakes and displacements if they have experienced displacements during the past
approximately 11,000 years (Holocene time).
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Hazard screening should involve, as a minimum, the following steps:

1.

Review of geologic maps as well as discussions with geologists in government agencies who
are knowledgeable about the geology of the area, and

Site reconnaissance and review of aerial photographs, looking for geomorphic expression of
faulting. If there is uncertainty in the fault location or its activity, the screening criteria
should be applied conservatively.

3.4.3. SUMMARY OF PROCEDURES FOR DETAILED SURFACE FAULT RUPTURE
EVALUATIONS

If a surface fault rupture hazard cannot be screened out, the owner may decide to accept the risk
or evaluate the hazard and consequences in detail. If detailed evaluations are carried out, they
should be oriented toward:

1.

Establishing the fault or fault zone location relative to the bridge if it is not clearly
established in the screening stage,

Establishing the activity of the fault if it traverses the bridge, and

Evaluating fault rupture characteristics; i.e., amount of fault displacement, width of zone of
displacement, and distribution of slip across the zone for horizontal and vertical components
of displacement. A probabilistic assessment of the likelihood of different magnitudes of fault
displacement during the life of the bridge may also be useful in decision-making.

3.5. FLOODING

3.5.1. FLOODING HAZARD DESCRIPTION

Phenomena that can result in earthquake-induced flooding include:

Tsunami (large ocean waves generated by vertical displacements of the seafloor during
offshore earthquakes,

Seiche (waves induced in bays and lakes when the body of water is excited by ground
shaking; e.g., sloshing),

Waves generated by landslides within, or into, a body of water,

Flooding caused by tectonic movements, such as uplift along a thrust fault damming a river,
and

Failure of an upstream dam and reservoir caused by an earthquake.
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3.5.2. INITIAL HAZARD SCREENING FOR FLOODING

The hazard of flooding can be screened out for bridges that are not located near a body of water
or in an area that could be inundated by the hazard. Tsunami potential is considered to be low in
coastal regions of the eastern and southern United States and moderate to high along portions of
the west coast of the United States, Alaska, and Hawaii. Seiche waves usually do not exceed
several feet in height and would generally pose a potential hazard only to facilities within or
immediately adjacent to a bay or lake. Many states and federal agencies have delineated
inundation zones for failures of dams under their jurisdiction. The hazard of earthquake-induced
flooding should also be viewed in the context of hazards of flooding from non-seismic causes.

3.5.3. SUMMARY OF DETAILED EVALUATIONS FOR FLOODING
If it appears that flooding could pose an unacceptable risk to the performance of a bridge

immediately following an earthquake, detailed evaluations should be directed at assessing the
potential, severity, consequences, and likelihood of the hazard.
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CHAPTER 4: SEISMIC RATING METHODS FOR
SCREENING AND PRIORITIZATION

4.1. GENERAL

Screening an inventory of bridges is done to identify seismically deficient bridges and prioritize
them in order of need for retrofitting. Such a process is intended to be rapid, easy to apply and
conservative. Bridges found to be deficient at this stage are subject to detailed evaluation at the
next step, and any that are later found to be satisfactory are excluded from further study at that
time.

As noted in section 1.10, two rating systems are identified in this manual for the purpose of
screening and prioritizing bridges for seismic retrofitting. Both methods are described in detail in
this chapter. The methods are:

e Seismic rating method using indices.

e Seismic rating method using expected damage.

4.2. SEISMIC RATING METHOD USING INDICES

In calculating the seismic rating of a bridge for prioritization, consideration should be given to
structural vulnerability, seismic and geotechnical hazards, and the socioeconomic factors
affecting importance. This is accomplished first, by making independent ratings of each bridge in
the areas of vulnerability and seismic hazard, and second, by considering importance (societal
and economic issues) and other factors (redundancy and non-seismic structural issues) to obtain
a final, ordered determination of bridge retrofit priorities'.

The rating system is therefore both quantitative and qualitative. The quantitative part produces a
seismic rating (called the bridge rank, R) based on structural vulnerability and seismic hazard.
The qualitative part modifies the rank in a subjective way that takes into account bridge
importance, network redundancy, non-seismic deficiencies, anticipated service life, and similar
factors for inclusion in an overall priority index. Engineering and societal judgment are thus the
key to the second stage of the screening process. This leads to a priority index that is a function
of rank, importance, and other factors as indicated below in equation 4-1.

P = f(R, importance, non-seismic, and other factors...) (4-1)

where P is the priority index and R is the rank based on structural vulnerability and seismicity.

In summary, bridge rank is based on structural vulnerability and seismic hazard, whereas retrofit
priority is based on bridge rank, importance, non-seismic deficiencies, and other factors such as
network redundancy. This method is illustrated in figure 4-1.

" Buckle, 1991; Buckle and Friedland, 1995
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B,C,D

l
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'

Calculate Bridge Rank, R

R=VE

CALCULATE PRIORITY INDEX, P=f(R,0)

Figure 4-1. Seismic rating method using indices.
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4.2.1. CALCULATION OF BRIDGE RANK

As noted above, the bridge rank, R, is based on a structural vulnerability rating, V, and a seismic
hazard rating, E. Each rating lies in the range 0 to 10 and the rank is found by multiplying these
two ratings together as shown in equation 4-2.

R=VE (4-2)

Therefore, R can vary from 0 to 100, and the higher the score, the greater the need for the bridge
to be retrofitted (ignoring at this time the other factors). Recommendations for assigning values
for V and E are described below.

4.2.1.1. Vulnerability Rating (V)

Although the performance of a bridge is based on the interaction of all its components, certain
bridge components are more vulnerable to damage than others. These are:

e Connections, bearings, and seats (support lengths).
e Piers, columns and foundations.
e Abutments.

e Soils.

Of these, connections, bearings and inadequate seat length are the most common reasons for
bridge failure and the least costly to fix. For this reason, the vulnerability of these components is
calculated separately from the rest of the structure and assigned a rating, V;. The vulnerability of
the rest of the substructure, V,, is determined from the sum of the ratings for each of the other
components that are susceptible to failure. The overall rating for the bridge is then given by the
greater of V; and V;, as shown in the flowchart in figure 4-2.

The determination of these vulnerability ratings requires considerable engineering judgment. In
order to assist in this process, a methodology for determining these ratings is given in sections
4.2.1.1(a) and 4.2.1.1(b).

Vulnerability ratings may range from 0 to 10. A rating of 0 means a very low vulnerability to
unacceptable damage, a value of 5 indicates a moderate vulnerability to collapse or a high
vulnerability to loss of access, and a value of 10 means a high vulnerability to collapse. This
should not be interpreted to mean that the vulnerability rating must assume one of these three
values.

For bridges classified in Seismic Retrofit Category (SRC) B (section 1.6 and table 1-6), the
vulnerability ratings for bearings, transverse restraints, and support lengths need to be calculated
along with a rating for liquefaction effects for bridges on liquefiable soils. Experience has shown
that most connection, bearing, and seat deficiencies can be corrected economically.

For bridges classified as SRC C or D, vulnerability ratings are also required for the columns,
abutments, and foundations. Experience with retrofitting these components is much more limited
than for bearings. They are generally more difficult to retrofit and doing so may not be as cost-
effective.
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Calculate Column
Calculate Vulnerability Rating Vulnerability Rating, CVR
for Connections,
Bearings and Seat Widths, V, i

Calculate Abutment
Vulnerability Rating, AVR

i

Calculate Liquefaction
Vulnerability Rating, LVR

i

V,=CVR+AVR +LVR<10

i

V = Maximum of V,, V,

Figure 4-2. Calculation of bridge vulnerability, V.

A comparison of the above two vulnerability ratings, V; and V;, can be used to obtain an
indication of the type of retrofitting needed. If the vulnerability rating for the bearings is equal to
or less than the vulnerability rating of other components, simple retrofitting of only the bearings
may be of little value. Conversely, if the bearing rating is greater, then benefits may be obtained
by retrofitting only the bearings. A comparison of these two ratings during the preliminary
screening process may be helpful in planning the type of comprehensive retrofit program needed,
but should not serve as a substitute for the detailed evaluation of individual bridges as described
in chapters 5, 6 and 7.

4.2.1.1(a). Vulnerability Rating for Connections, Bearings, and Seat Widths, V,

Bearings are used to transfer loads from the superstructure to the substructure and between
superstructure segments at hinge seats within the span. In this ranking system, bearings are
considered to include shear keys, keeper bars and similar restraints. Bearings may be either fixed
bearings, which do not provide for translational movement, or expansion bearings, which do
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permit such movements, as shown in figure 4-3. An expansion bearing may provide for
translation in one orthogonal direction, but not in the other.

There are five basic types of expansion bearings used in bridge construction. These are:

1.

The rocker bearing, which is generally constructed of steel and permits translation and
rotational movement. It is the most seismically vulnerable of all bridge bearings because it
usually has a high aspect ratio, is difficult to restrain, and can become unstable and overturn
after limited movement. Fixed bearings with high aspect ratios can also be very vulnerable to
earthquakes.

The roller bearing, which is also usually constructed of steel. It is stable during an
earthquake, except that it can become misaligned and horizontally displaced.

The elastomeric bearing pad is constructed of a natural or synthetic elastomer and is usually
internally reinforced with steel shims. It relies on the distortion of the elastomer to provide
for movement. This bearing is generally stable during an earthquake, although it has been
known to ‘walk out’ under severe shaking due to inadequate fastening.

The sliding bearing, in which one surface slides over another and which may consist of
almost any material from an asbestos sheet between two concrete surfaces to PTFE (Teflon)
and stainless-steel plates.

High-load, multi-rotational bearings such as pot, disk, and spherical bearings. These bearings
usually have adequate strength for earthquake loads, but their connections have failed in past
earthquakes.

N A
N \J
.P
‘7
T
I I

Fixed Bearings

Expansion Rocker Bearings

Figure 4-3. Seismically vulnerable bearings.
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Transverse restraint of the superstructure is almost always provided at the bearings. Common
types of restraint are shear keys, keeper bars, or anchor bolts. Restraints are usually not ductile,
and are subjected to large seismically induced forces resulting from a redistribution of force from
ductile components such as columns. In addition, when several individual bearings with keeper
bars are present at a support, the bars do not resist transverse load equally because of slight
variations in clearances. Therefore, individual bars may be subjected to very high forces which
can lead to failure. Large transverse or longitudinal movements may then occur at the bearings,
leading to loss of support and span collapse. The expected movement at a bearing is dependent
on many factors and cannot be easily calculated. The AASHTO Specifications require a
minimum support length at all bearings in new bridges.” This requirement is also in the NCHRP
12-49 provisions (ATC/MCEER, 2003). Because it is difficult to predict relative movement, the
minimum support length, N, as given in the NCHRP 12-49 provisions, is recommended as the
basis for checking the adequacy of longitudinal support lengths.

In metric units, this length is given by:

B’ | (1+1.25E8S,)
N=|100+1.7L+7.0H+50,[1+|2—| |——mm (4-3a)
L cos o

where: N is the recommended support length measured normal to the face of an abutment or
pier (m),

L is the length of the bridge deck from the seat to the adjacent expansion joint, or to the
end of the bridge deck (m). For hinges or expansion joints within a span, L is the sum
of the distances on either side of the hinge (m); for single-span bridges, L is the
length of the bridge deck (m).

H is the height. For abutment seats, H is the average height of piers or columns
supporting the bridge deck between the abutment and the next expansion joint (m).
For pier seats, H is the height of the pier (m); for hinge seats within a span, H is the
average height of the two adjacent piers (m); for single-span bridges, H=0.

B is the width of deck (m),

o is the angle of skew (0° for a right bridge), and

Sp1 =F,Sy, is the product of the long-period soil factor (F,) and the 1.0 second spectral
acceleration (S;) as in equation 1-1.

The ratio B/L need not be taken greater than 3/8.

In U.S. customary units, this length is given by:

sz (1+1.25E,S,) (4-3b)

N=|4.0+0.02L+0.08H+1.1vVH 1+(2—
L CcoS O

2 AASHTO, 1998; AASHTO, 2002
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where N, L, H, B and o are as defined for equation 4-3a, but N is given in inches and L, H and B
are expressed in feet. Again the ratio B/L need not be taken greater than 3/8.

Since skew has a major effect on the performance of bridge bearings, rocker bearings may
overturn at heavily skewed supports during only moderate seismic shaking. In such cases, it is
necessary to consider the potential for collapse of the span, which will depend to a large extent
on the geometry of the bearing seat. Settlement and vertical misalignment of a span due to an
overturned bearing may be a minor problem, resulting in only a temporary loss of access that can
be restored, in many cases, by backfilling with asphalt or other similar material. The potential for
total loss of support should be the primary criteria when rating the vulnerability of the bearings.

A suggested step-by-step method for determining the vulnerability rating for connections,
bearings, and seat widths (V) is detailed in the flowchart of figure 4-4 and is as follows:

Step 1. Determine if the bridge has satisfactory bearing details. Such bridges include:
a. Continuous structures with integral abutments.

b. Continuous structures with seat-type abutments where all of the following conditions
are met:

1. Either (a) the skew is less than 20° (0.35 rad), or (b) the skew is greater than 20°
(0.35 rad) but less than 40° (0.70 rad) and the length-to-width ratio of the bridge
deck is greater than 1.5.

2. Rocker bearings are not used.

3. The abutment’s bearing seat under the end diaphragm is continuous in the
transverse direction and the bridge has more than three beams.

4. The support length is equal to, or greater than, the minimum required length (N)
given in equation 4-3.

If the bearing details are determined to be satisfactory, a vulnerability rating, Vi, of 0
may be assigned and the remaining steps for bearings omitted.

Step 2. Determine the vulnerability to structure collapse or loss of access to the bridge due to
transverse movement, Vr.

Before significant transverse movement can occur, the transverse restraint must fail. In
the absence of calculations showing otherwise, assume that the bearing keeper bars
and/or the anchor bolts in bridges in SRC C and D will fail. Also assume that nominally
reinforced, nonductile concrete shear keys will fail in bridges in SRC D.

When the transverse restraint is subject to failure, beams are vulnerable to loss of support
if either of the following conditions exist:
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a. Individual beams are supported on individual pedestals or columns.

b. The exterior beam in a 2- or 3-beam bridge is supported near the edge of a bearing
seat regardless of whether the bearings are on individual pedestals or not.

In either of these cases, the vulnerability rating, Vr, should be 10.

Steel rocker bearings have been known to overturn transversely, resulting in a permanent
superstructure displacement. All bridges in SRC D are vulnerable to this type of failure.
Bridges in SRC C are vulnerable only when the skew is greater than 40° (0.70 rad).
When bearings are vulnerable to a toppling failure but structure collapse is unlikely, the
vulnerability rating, Vr, should be 5. Otherwise V1=0.

Step 3. Determine the vulnerability of the structure to collapse or loss of access due to excessive
longitudinal movement, V.

V1 is determined according to the available support length (L) measured in a direction
perpendicular to the centerline of the support. This is done by comparing L with the
minimum required length N, (equation 4-3), as follows:

If L > N then Vi = 0 regardless of bearing type.
If N> L > 0.5N and rocker bearings are not used, then Vi = 5.
If N> L > 0.5N and rocker bearings are used, then Vi = 10.
If 0.5 N > L then Vi = 10 regardless of bearing type.
Step 4. Calculate vulnerability rating for connections, V;, from values Vr and Vi, with
V, = greater of Vr and V.

4.2.1.1(b). Vulnerability Rating for Columns, Abutments, and Liquefaction Potential, V,

The vulnerability rating for the other components in the bridge that are susceptible to failure, V5,
is calculated from the individual component ratings as follows:

V, = CVR+AVR+LVR < 10 (4-4)

where CVR is the column vulnerability rating, AVR is the abutment vulnerability rating, and
LVR is the liquefaction vulnerability rating.
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Figure 4-4. Calculation of vulnerability rating for connections, bearings and seat widths (V).
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Figure 4-4 (continued). Calculation of vulnerability rating for connections, bearings
and seat widths (V).
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Suggested methods for calculating each of these component ratings are given in the following
sections.

A. Column Vulnerability Rating, CVR

Columns have failed in past earthquakes due to lack of adequate transverse reinforcement and
poor structural details. Excessive ductility demands have resulted in degradation of column
strength in shear and flexure. In past earthquakes, columns have failed in shear, resulting in their
disintegration and substantial vertical settlement. Column failure may also occur due to pullout
of the longitudinal reinforcing steel, mainly at the footings. Fortunately, most bridge column
failures g)ccur during earthquakes that generate high ground accelerations of relatively long
duration’.

The following step-by-step procedure may be used to determine the vulnerability of columns,
piers, and footings.

Step 1. Assign a column vulnerability rating, CVR, of 0 to bridges classified as SRC B.
Step 2. Assign a vulnerability rating, CVR, of 0 if keeper bars or anchor bolts can be
relied upon to fail (section 4.2.1.1(a), step 2), thereby preventing the transfer of load to

the columns, piers, or footings.

Step 3. If columns and footings have adequate transverse steel as required by the current
AASHTO Specifications, assign a column vulnerability rating, CVR, of 0.

Step 4. If none of the above apply (steps 1 through 3), check the column for shear, splice details,
and foundation deficiencies, and give CVR the highest value calculated from the

following steps:

Step 4a. Column vulnerability due to shear failure.

CVR=Q-Pr (4-5a)
where:
L -
Q=13-6|—=— (4-50)
PS Fb max
L. = effective column length,
Py = amount of main reinforcing steel expressed as a percent of the column cross-
sectional area,
F = framing factor:

2.0 for multi-column piers fixed top and bottom,
1.0 for multi-column piers fixed at one end,

? This may not always be the case, as illustrated by the collapse of the Cypress Street Viaduct in Oakland,
California, during the 1989 Loma Prieta earthquake. This short-duration earthquake generated peak rock
accelerations of about 0.1g close to the bridge. Soft soils amplified this figure to approximately 0.25g at the surface,
which is a relatively modest value. Nevertheless, the viaduct, designed before 1971, collapsed due to poor detailing
and shear failures in the connections between the upper and lower decks.
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1.5 for box girder superstructure with a single-column pier, fixed at top and
bottom, and
1.25 for superstructures other than box girders with a single-column pier,
fixed at top and bottom.
bmax = maximum transverse column dimension, and
Pr = the total number of points to be deducted from Q for factors known to reduce
susceptibility to shear failure, as listed in table 4-1.

Table 4-1. Values for Pg.

Factor Pr
Seismic coefficient, Sp1 < 0.5 3
Skew < 20° (0.35 rad) 2
Continuous_ superstructure, integn_al abutr_nents 1
of equal stiffness and length-to-width ratio < 4
Grade 40 (or below) reinforcement 1

Values of CVR less than zero or greater than 10, should be assigned values of 0 and 10,
respectively.

Equation 4-5b was derived empirically based on observations of column shear failure in
bridges during the San Fernando earthquake in 1971. The derivation is given in appendix
B of the 1983 retrofit guidelines (FHWA, 1983). This expression has since been checked
against column failures in the 1994 Northridge earthquake and was found to be a reliable
indicator of column damage (Buckle, 1994). However, the columns in this empirical data
set are short to medium in height and equation 4-5b may not apply to tall and/or slender
columns. In these cases, special studies should be undertaken to estimate Q, Pgr, and
CVR.

Step 4b. Column vulnerability due to flexural failure at splices.

To account for flexural failure when the column longitudinal reinforcement is spliced in a

plastic hinge location, the following CVR should be used for columns supporting

superstructures longer than 90 m (300 ft), or for superstructures with expansion joints:
CVR =7 forSp; <0.5 (4-6a)
CVR =10 for Sp; > 0.5 (4-6b)

where Sp is the seismic coefficient defined in equationl-1.

CVR need not be taken greater than seven unless microzoning confirms Sp; is greater
than or equal to 0.5.
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Step 4c. Column vulnerability due to foundation deficiencies.

The following CVR should be used for columns supported on pile footings that are not
reinforced for uplift, or for poorly confined foundation shafts. This step is only applicable
if microzoning yields values of Sp; greater than or equal to 0.5:

CVR=5 for0.5<Sp;<0.6 (4-7a)
CVR =10 for Sp; > 0.6 (4-7b)
Step 4d. Assign overall column vulnerability rating, CVR.

Set the column vulnerability rating, CVR, to the highest value calculated for CVR in
steps 4a, 4b, and 4c.

B. Abutment Vulnerability Rating, AVR

Abutment failures during earthquakes do not usually result in total collapse of the bridge. This is
especially true for earthquakes of low-to-moderate intensity. Therefore, the abutment
vulnerability rating should be based on damage that would temporarily prevent access to the
bridge.

Fill settlements are generally of the order of three to five percent of fill height during moderate-
sized earthquakes but may be as large as 10-15 percent” in cases of poorly constructed approach
fills or when spill-through abutments are used. Additional settlement may occur when the
abutments are structurally damaged due to excessive earth pressures and/or forces transferred
from the superstructure.

Certain abutment types, such as spill-through abutments and those without wingwalls, may be
more vulnerable to this type of damage than others. Except in unusual cases, the maximum
abutment vulnerability rating, AVR, need not exceed five. The following step-by-step procedure
for determining the vulnerability rating for abutments is based on engineering judgment and the
performance of abutments in past earthquakes.

Step 1. If bridges are classified as SRC B, assign a vulnerability rating, AVR, of 0.

Step 2. Determine the vulnerability of the structure to abutment fill settlement. The fill settlement
in normally compacted approach fills may be estimated as follows:
a. One percent of the fill height when 0.24 < Sp; <0.39.

b. Two percent of the fill height when 0.39 < Sp; < 0.49.
c. Three percent of the fill height when Sp; > 0.49.

* Fung et al., 1971; Elms and Martin, 1979
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The above settlements should be doubled if the bridge is a water crossing. When fill
settlements are estimated to be greater than 150 mm (6 in), assign a vulnerability rating,
AVR, for the abutment of 5. Otherwise assign a value of 0 for AVR.

Step 3. Bridges classified as SRC D should be assigned a vulnerability rating, AVR, of 5

regardless of the estimated fill settlement, if all of the following conditions are present:
e (antilever abutments.
e Skews greater than 40° (0.70 rad).

e Distance between the abutment seat and the underside of the footing exceeds 3 m
(10 ft).

Otherwise, assign a value of 0 for AVR unless the fill settlement calculated in step 2 is
greater than 150 mm (6 in), in which case AVR should be 5.

C. Liquefaction Vulnerability Rating, LVR

Although there are several possible types of ground failure that can result in bridge damage
during an earthquake, instability resulting from liquefaction is the most significant. The
vulnerability rating for foundation soil is therefore based on:

A quantitative assessment of liquefaction susceptibility.
The magnitude of the acceleration coefficient.

An assessment of the susceptibility of the bridge structure itself to damage resulting from
liquefaction-induced ground movement.

The vulnerability of different types of bridges to liquefaction has been illustrated by failures
during past earthquakes, such as the 1964 Alaskan earthquake (Ross et al., 1973) and various
Japanese earthquakes (Iwasaki et al., 1972). The damage observed has demonstrated that bridges
with continuous superstructures and integral supports can withstand large translational
displacements and usually remain serviceable (with minor repairs). However, bridges with
discontinuous superstructures and/or substructures with little or no ductility, are usually severely
damaged as a result of liquefaction. These observations have been taken into account in
developing the vulnerability rating procedure described below. The procedure is based on the
following steps:

Step 1. Determine the susceptibility of foundation soils to liquefaction.

High susceptibility is associated with the following conditions:

a. Where the foundation soil, that is providing lateral support to piles or vertical support
to footings, consists generally of saturated loose sands, saturated silty sands, or non-
plastic silts.

b. Where soils similar to a. (above) underlie the abutment fills or are present as
continuous seams, which could lead to abutment slope failures.

Moderate susceptibility is associated with foundation soils that are generally medium
dense soils, e.g., compact sands.
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Low susceptibility is associated with foundation soils that are generally dense soils.

Step 2. Use table 4-2 to determine the potential for liquefaction-related damage where
susceptible soil conditions exist.

For all sites where Sp; > 0.49, engineering judgment should be applied to determine the
possibility of greater damage.

Table 4-2. Potential for liquefaction-related damage.

Soil Seismic Coefficient, Spy
Susceptibility

To
Liquefaction | Sy, <0.14 | 0.14 <Sp;<0.24 | 0.24 < Sp; <0.39 | 0.39 < Sp;<0.49 | SD1> 0.49
Low Low Low Low Low Low
Moderate Low Low Moderate Major Severe
High Low Moderate Major Severe Severe

Step 3. In general, bridges subject to severe liquefaction-related damage should be assigned a
vulnerability rating, LVR, of 10. This rating may be reduced to 5 for single-span bridges
with skews less than 20° (0.35 rad) or for rigid box culverts.

Step 4. Bridges subject to major liquefaction-related damage should be assigned a vulnerability
rating, LVR, of 10. This rating may be reduced to between 5 and 9 for single-span
bridges with skews less than 40° (0.70 rad), and for rigid box culverts and continuous
bridges with skews less than 20° (0.35 rad), provided one of the following conditions
exists:

a. Reinforced concrete columns that are integral with the superstructure and have a CVR
less than 5 and a height in excess of 8 m (25 ft).

b. Steel columns (except those constructed of non-ductile material) that are in excess of
8 m (25 ft) high.

c. Columns that are not integral with the superstructure, provided that large movements
of the substructure will not result in instability.

Step 5. Bridges subjected to moderate liquefaction-related damage should be assigned a
vulnerability rating, LVR, of 5. This rating should be increased to between 6 and 10 if the
vulnerability rating for the bearings, Vi, is greater than or equal to 5.

Step 6. Bridges subjected to low liquefaction-related damage shall be assigned a vulnerability
rating, LVR, of 0.
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4.2.1.2. Seismic Hazard Rating (E)

For the purpose of this rating, seismic hazard includes both the seismicity of the site and the
geotechnical conditions. The seismic coefficient (Sp;) is used for this purpose, which, as defined
in section 1.5.3, is the spectral acceleration at 1.0 sec modified by the site amplification factor for
this period. This coefficient is then scaled to fit the range 0 — 10, so as to give the same
weighting to the hazard as to the structural vulnerability. Hence the seismic hazard rating is
given by:

E=10Sp; £10.0 (4-8)
where Sp is the seismic coefficient at 1.0 sec period, and equals F, S; (equation 1-1).

In locations where the soil properties are not known in sufficient detail to determine the soil
profile type with confidence, or where the soil profile does not fit any of the specified types, the
site coefficient (F,) shall be based on engineering judgment.

4.2.1.3. Examples

Examples 4.1 and 4.2 are given to illustrate the process of calculating bridge rank, R, for two
different bridges of the same length and soil conditions, subject to similar sized earthquakes.
Additional examples are given in appendix E.

The results show that a greater vulnerability (higher bridge rank) has been calculated for the
simply supported bridge (R = 43) than for the continuous bridge (R = 33), but this difference is
not as great as might be expected. The reason is that, although the second bridge has continuous
spans, they are supported on steel bearings, which in turn are mounted on pedestals. Although
total span collapse is unlikely to occur, it is very possible that the beams will come off the
pedestals despite the continuity.

These same bridges are also analyzed by the expected damage method (section 4.3) with similar
results (section 4.3.5.4).

4.2.2. CALCULATION OF PRIORITY INDEX BASED ON INDICES

Once a rank has been calculated for each bridge based on equation 4-2, the bridges may be listed
in numerical order of decreasing rank. This order now needs to be modified to obtain the Priority
Index (equation 4-1) so as to include such factors as bridge importance, network redundancy,
non-seismic deficiencies, remaining useful life, and other socioeconomic issues.

Guidance on assigning importance was given in section 1.4.3 and some discussion of network
redundancy and non-seismic rehabilitation was provided in section 1.10.2. If a bridge is part of a
highly redundant highway network with alternative bridges or routes, the likelihood that these
alternative facilities may also be damaged must be considered. In general, it will not be possible
to develop a single number by which to scale the seismic rank (equation 4-2) to obtain the
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priority index (equation 4-1). Instead, reordering the rank by subjective means, using a
combination of engineering and societal judgment, will be necessary. In this way, an attempt can
be made to include all of the technical and societal issues that influence the prioritization of
bridges for seismic retrofitting.

4.3. SEISMIC RATING METHOD USING EXPECTED DAMAGE
4.3.1. BACKGROUND

An alternative method for screening and prioritizing bridges is presented in this section. The
method compares the severity of expected damage for each bridge in the inventory, for the same
earthquake, and ranks each bridge accordingly. Severity of damage is measured by either the
damage sustained or the direct economic losses. Bridges with the greatest expected damage
(and/or loss) are given the highest priority for retrofitting.

Direct economic losses may be taken as the cost of repair or replacement of a damaged bridge.
These losses do not include the so-called indirect costs or socioeconomic costs, which can be
very significant and often exceed the direct costs. Indirect costs include loss of life, injuries,
business disruption, delay due to traffic congestion, and denial of access. Estimation of these
costs is a complex exercise and subject to great uncertainty.

As for the previous method, this method has both quantitative and qualitative parts. The
quantitative part is based on expected damage and repair costs, and is used to obtain a bridge
rank, R. The qualitative part modifies the rank in a subjective way that takes into account such
factors as indirect losses, network redundancy, non-seismic deficiencies, remaining useful life,
and other issues, to obtain an overall priority index. As in the previous method, engineering and
societal judgment are the key to the second stage of the process. This leads to a priority index,
which is a function of rank, indirect loss, redundancy, and other factors, including non-seismic
rehabilitation needs. Thus the priority index is defined as

P = f(R, indirect loss, redundancy and various non-seismic factors) (4-9)
where P is the priority index, and R is the rank based on expected damage and repair costs.
The bridge rank, R, is based on expected damage and direct losses for a given earthquake,
whereas retrofit priority is based not only on bridge rank, but also on expected indirect losses,
network redundancy and non-seismic factors, estimated in a subjective way. The method is
illustrated by the flowchart in figure 4-5.
Although equation 4-9 has the same form as equation 4-1, the terms are calculated in different

ways. A particular advantage of this method is that it provides a template by which indirect
losses may be included, as the state-of the art improves.
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EXAMPLE 4.1: PRESTRESSED CONCRETE BRIDGE WITH SIMPLE SPANS - INDICES
METHOD

A four-beam, prestressed concrete bridge is located on very dense soil and soft rock (site class C).
Constructed in 1968, it has three simply-supported spans, each seated on elastomeric pads directly on
the cap beams (no pedestals); seat widths are 450 mm (17 %”). The total length of the bridge is 56 m
(183’- 8 %4”), with an overall width of 10 m (32’- 9 34”) and a skew of 32°. Abutment fill height is 7.6 m (24’-
11 4”). The bridge carries 65,000 ADT and is considered to be ‘essential.’

Calculate the bridge rank R, for this bridge using the indices method (equation 4-2).
Step A. Determine seismic retrofit category, SRC, and minimum screening requirements

The anticipated service life, performance level, and seismic hazard level are required to find the SRC, as
follows:

Anticipated service life (ASL):  Age of bridge = 2004-1968 = 36 years
Assumed service life =75 years
Anticipated service life = 39 years
Service life category = ASL 2 (table 1-1)
Performance level (PL): Bridge importance is ‘essential’
Therefore the performance level for the upper level earthquake is PL1
(table 1-2).

Seismic hazard level (SHL): Obtain Sgand S; from USGS CD-ROM (section 2.3) for upper level
earthquake. Assume Sgand S; = 1.40 and 0.28.
Obtain F, and F, from table 1-4 for site class C.
Calculate Sps and Sp4 and obtain SHL from table 1-5 (Eq. 1-1).
Results are summarized below:
Earthquake Ss S1 Fa F, SDS SD1 SHL
Upper 140 028 1.0 152 14 043 IV

Seismic retrofit category (SRC): Obtain SRC from table 1-6.
Earthquake PL SHL SRC
Upper PL1 v C

Minimum screening requirements are given in table 1-7: For SRC = C, minimum requirements are seat
widths, connections, columns, walls, footings and liquefaction.

Step B. Vulnerability rating, V
Use the procedure in section 4.2.1.1 to find vulnerability rating, V:
Step B.1  Bearing and seat width vulnerability, V4:
Simple spans, elastomeric bearings, no pedestals, bearings are not vulnerable to toppling,
Four-beam bridge, gives V+ =0
Required longitudinal support, N = 545 (21%2”) mm (equation 4-3a)
Available support, L =450 mm (17 %4”); hence 0.5 N <L <Nand V_=5.
V, = greater of Vrand V| = greaterof 0and5= 5. V;=5
Use procedure in section 4.2.1.1(b).
Step B.2  Column, abutment, and liquefaction vulnerability, V, = CVR + AVR + LVR < 10
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Step B.3

Step C

Step D

For the purpose of this example, assume elastomeric bearings do not fail and seismic loads
are transferred to columns; assume columns are not vulnerable to shear failure but
longitudinal steel is spliced in potential plastic hinge region.

Superstructure has expansion joints (three simple spans) and Sp1 = 0.43 < 0.5; hence
CVR =7 (section 4.2.1.1 (b)).

Since Spq — 0.43, fill settlement behind abutment is estimated at two percent x 7600 mm =
152 mm (6”); hence AVR = 5 (section 4.2.1.1 (b))

The susceptibility of soils in site class C to liquefaction is low, and from table 4-2, the
potential for liquefaction-related damage is ‘low’; hence LVR = 0.

Therefore V,= CVR+ AVR +LVR <10 (equation4-4)=7+5+0=12>10

Hence V,=10

Overall bridge vulnerability, V
Bridge vulnerability calculated as V = greater of V;and V,
= greaterof 5and 10. V=10

Seismic hazard rating, E
Calculate E = 10 Spq < 10.0 (equation 4-8) = 10 x 0.43 = 4.3, for Sp; = 0.43.

Bridge rank, R
Calculate R = VE (equation 4-2) = 10 x 4.3 =43 Answer
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EXAMPLE 4.2: STEEL GIRDER BRIDGE WITH CONTINUOUS SPANS - INDICES METHOD

A four-stringer, steel bridge is located on very dense soil and soft rock (site class C). Constructed in 1972,
it has three continuous spans of equal length, each seated on steel bearings on pedestals (not rocker
bearings); seat widths are 350 mm (13 3/4”). The total length of the bridge is 56 m (183’- 8 %4”), with an
overall width of 14 m (45’- 11”) and a skew of 18°. Abutment fill height is 6 m (19’- 8 '2”). The bridge
carries 20,000 ADT and is considered to be ‘standard.’

Calculate the bridge rank R, for this bridge using the indices method (equation 4-2).
Step A. Determine seismic retrofit category, SRC, and minimum screening requirements

The anticipated service life, performance level, and seismic hazard level are required to find the SRC, as
follows:

Anticipated service life (ASL):  Age of bridge = 2004-1972 = 32 years
Assumed service life =75 years
Anticipated service life = 43 years
Service life category = ASL 2 (table 1-1)
Performance level (PL): Bridge importance is ‘standard’
Therefore, the performance level for the upper level earthquake is PL1
(table 1-2).

Seismic hazard level (SHL): Obtain Sgand Sy from USGS CD-ROM (section 2.3). Assume
Ssand Sy =1.50 and 0.21 for upper level earthquake.
Obtain F, and F, from tables 1-4a and b for site class C.
Calculate Sps and Sp4 using Eq. 1-1 and obtain SHL from table 1-5.
Results are summarized below:
Earthquake SS S Fa F, SDS Sp1 SHL
Upper 150 021 1.0 159 150 033 IV

Seismic retrofit category (SRC): Obtain SRCs from table 1-6.
Earthquake PL SHL SRC
Upper PL1 v C

Minimum screening requirements are given in table 1-7: For SRC = C, minimum requirements are seat
widths, connections, columns, walls, footings and liquefaction.

Step B. Vulnerability rating, V

Use the procedure in section 4.2.1.1 to find vulnerability rating, V:

Step B.1 Bearing and seat width vulnerability, V4:
Continuous spans, steel bearings, pedestals, bearings are not rocker bearings and therefore
not vulnerable to toppling, 4-stringer bridge, gives V=10
Required longitudinal support, N = 437 mm (17 %4”) (equation 4-3a).
Available support, L = 350 mm (13 %”); hence 0.5N <L <N
0.5 (437 mm) < 350 mm < 437 mm; V| = 5.
V; = greater of Vrand V| = greater of 10 and 5. V=10

Step B.2  Column, abutment, and liquefaction vulnerability, Vo = CVR + AVR + LVR < 10
Assume failure of bearing keeper bars cannot be relied upon and seismic loads are
transferred to columns; assume columns are not vulnerable to shear failure but longitudinal
steel is spliced in potential plastic hinge region.
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Step B.3

Step C

Step D

Superstructure has expansion joints at abutments and Sp; = 0.33 < 0.5; hence CVR =7
(section 4.2.1.1 (b)).

Since Spq = 0.33, use 1% of fill height for settlement.

Fill settlement behind abutment estimated at 1 percent x 6000 = 60 mm (2 3/8”); hence
AVR =0 (section 4.2.1.1 (b))

The susceptibility of soils in site class C to liquefaction is low, and from table 4-2, the
potential for liquefaction-related damage is ‘low’; hence LVR = 0.

Therefore V,= CVR+AVR+LVR <10 (equation4-4)=7+0+0=7

Hence Vo=7

Overall bridge vulnerability, V
Bridge vulnerability calculated as V = greater of V,and V,
=greaterof 10and 7. V=10

Seismic hazard rating, E
Calculate E = 10 Sp1 < 10.0 (equation 4-8) = 10 x 0.33 = 3.3, for Sp; = 0.33.

Bridge rank, R
Calculate R = VE (equation 4-2) = 10 x 3.3 = 33 Answer
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The estimation of expected damage is a critical step in this method. Due to uncertainty in
earthquake ground motions, and randomness of soil and structure properties, this step is a
probabilistic one. Fragility functions are used to estimate the probability of a bridge being in one
or more specified damage states, after a given earthquake. Appendix C summarizes the theory of
fragility functions and explains briefly how they are obtained. It also describes the six damage
states most commonly used to characterize expected damage.

Fragility functions are also essential elements in the Seismic Risk Assessment Method for
screening and prioritizing bridges as noted in section 1.10.3. These functions are also used in
most loss estimation methodologies, including HAZUS, developed by the National Institute of
Building Sciences for the Federal Emergency Management Agency (HAZUS, 1997).

To simplify the method as much as possible, input data requirements are kept to a minimum. In
particular, all necessary attributes of the structure may be found in the National Bridge Inventory
(NBI) or the bridge owner’s bridge history file. Ground motions and soils data are again based
on spectral accelerations and soil types as described in sections 1.5.1 and 1.5.2.

4.3.2. DATABASE REQUIREMENTS

The NBI database contains 116 fields that are used to describe structural and operational
characteristics of a bridge, but there is still insufficient detail on each bridge to permit a detailed
derivation of the required fragility curves. Therefore, for the purpose of screening and
prioritization, bridge-specific fragility curves are obtained by taking the results for a reference
bridge fragility curve and scaling them using selected data from the NBI.

A reference bridge is assumed to be a ‘long’ structure with no appreciable three-dimensional
(3D) effects present. Such a bridge is identified for each major type of bridge, of which there
may be five or six types (section 4.3.3). For each reference bridge, median spectral accelerations
(a2, a3, a4, as), at period T=1.0 sec, have been developed for each of the damage states (DS;)
described in appendix C. The results for these reference bridges are then modified by factors
accounting for skew (Kgkew) and three-dimensional arching5 effects within the plane of the
superstructure (Ksp), using the NBI attributes in table 4-3. This table shows which fields of the
NBI are used and for what purpose.

4.3.3. FRAGILITY CURVES FOR REFERENCE BRIDGES

As described in appendix C, fragility curves are constructed for each of five damage states, for
each reference bridge. These five damage states are defined as follows:
e DS, =no damage (pre-yield)

e DS, =slight damage

> “Arching’ refers to the ability of a bridge deck to distribute lateral loads to the abutments by the in-plane arching
action of the deck spanning from one abutment to the other. If expansion joints occur within the superstructure,
arching action cannot develop until all of these joints are closed.
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Table 4-3. NBI fields (attributes) used in determining bridge fragility.

NBI Data Item Definition Kskew Ksp Other Use
1 State X To infer specification used in design
8 Structure number General identification number
27 Year built X Infers w_hether seismic or
conventional design
34 Skew X
42 Service type To select highway bridges
43 Structure type X To infer base fragility curve from

Tables 4-4 and 4-5

Number of spans in To infer whether single or multiple

45 . . X
main unit span

46 Number of approach To infer whether bridge is a major
spans (n) bridge (major bridge if n>6)

48 Length of maximum To infer whether bridge is a major
span (L) bridge (major bridge if L>150 m)

e DS;=moderate damage
e DS, = extensive damage

e DSs=collapse

Data for the construction of these fragility curves are presented in tables 4-4 and 4-5, where
median fragility parameters are listed for non-seismic and seismic structures, respectively (see
definitions below). In the development of the parameters in tables 4-4 and 4-5, certain
assumptions have been made. These are listed in the rightmost column and are considered to be
typical of bridge construction practice throughout the United States. Additional assumptions are
noted below:

e The spectrum modification factors accounting for hysteretic energy dissipation (Bs, By) were
taken as suggested in table 5-4.

e For large bridges, defined as those structures whose main span exceeds 150 m (500 ft), the

above procedures do not apply. The values for such bridges presented in tables 4-4 and 4-5
are interpolations based on engineering judgment.
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e Bridges built after 1990 (1975 in California), and designed in accordance with prevailing
seismic provisions, are considered to have been seismically designed, i.e., they are ‘seismic’
structures. Bridges built prior to these dates are assumed to have not been designed for
seismic loads and are called ‘non-seismic’ structures.

e For the sake of simplicity, and largely due to lack of details on regional pier construction
practice in the NBI database, it is assumed that continuous bridges have weak bearings/strong
piers. Anecdotally this appears to be the case, as relatively few continuous bridges were
constructed in the eastern United States prior to the 1970's. In California, it is assumed that
concrete bridges identified in the NBI as ‘continuous’ do not, in fact, have continuous
superstructures but instead are reinforced concrete frames with in-span expansion joints.

e For the purpose of inferring what bearing types are matched with bridge deck types, it is
assumed that steel and concrete (reinforced and prestressed) beam bridges possess steel and
neoprene bearings, respectively.

e Site class B soils (table 1-3) were assumed when deriving the reference bridge fragility
curves. The site factors described in section 1.5.2 and listed in table 1-4 are used to modify
these curves for other site classes.

4.3.4. SCALING REFERENCE BRIDGE FRAGILITY CURVES TO ACCOUNT FOR SKEW
AND THREE-DIMENSIONAL EFFECTS

4.3.4.1. Definition of Parameters: K.w and Kjp

In order to convert the reference bridge fragility curves to a bridge-specific curve for a given
spectral acceleration, the parameters K.y and Ksp are used as scaling relations as described
below.

The reference fragility curve is modified for skew by applying the correction factor, Kgkew,
which is calculated as follows:

K ew =+/COSQ (4-10)

where o is the angle of skew measured from a line normal to the bridge centerline to a line
parallel to the centerline of bearing.

Likewise, the reference fragility curve is modified for 3D effects using the correction factor Kjp
as tabulated in table 4-6. This factor converts the fragility curve for a long reference bridge to a
specific right (no skew) bridge with a finite number of spans.

4.3.4.2. Scaling Relations for Damage States 3, 4, and 5
The modified median fragility curve parameter is given by

A =K

skew

a;
Kip 3 (4-11)
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Table 4-4. Fragility of bridges constructed before 1975 in California and 1990 elsewhere.
(non-seismic bridges)

Median Spectral
Classification | NBI Class Dgrtnage Acceleration at T=1.0 sec Assumptions®?
ate Non- California
California
Multi-column 101 - 106 2 0.26 0.33 D =0.91 m (non-CA)
piers, simply 301 - 306 3 0.35 0.46 D =1.5m (CA)
supported 501 - 506 4 0.4 0.56
5 0.65 0.83
Single-column 205 - 206 2 Not applicable 0.35 D=15m
piers, box 605 - 606 3 0.42
girders 4 050
5 0.74
Continuous 201 - 206 2 0.60" F, = 0.8 breakage
Concrete 601 - 607 3 0.79 Fp = 0.7 residual
4 1.05
5 1.38
Continuous 402 - 410 2 0.76' Fp = 1.0 breakage
Steel 3 0.76 Fy = 0.4 residual
4 0.76
5 1.04
Single-Span All 2 0.80" Fp = 1.1 initial breakage
3 0.90 Fp = 0.65 residual
4 1.10
5 1.60
Major Bridges 2 0.40 Interpolation from above
3 0.50 categories
4 0.60
5 0.80
Notes:

1. Case | (section 4.3.4.3) applies for these cases, evaluate Kgnape USing equation 4-13

2. D = column diameter

3. F, = bearing shear capacity as a fraction of dead load

136




Table 4-5. Fragility of bridges constructed since 1975 in California and 1990 elsewhere.
(seismic bridges)

Median Spectral

Classification NBI Class Damage Acceleration at Assumptionsz’3
State _
T=1.0 sec
Multi-column 101 -106 2 0.45 D=091m
piers, simply- 301 - 306 3 0.76
supported 501 - 506 4 1.05
5 1.53
Single-column 205 - 206 2 0.54 D=15m
bents, box 605 - 606 3 0.88
girders 4 1.22
5 1.45
Continuous 201 - 206 2 0.91" F, = 1.2 initial breakaway
Concrete and 402 - 410 3 0.91 F, = 0.7 sliding value
Steel 601 - 607 4 1.05
5 1.38
Single-Span 2 0.8’ Fp = 1.1 initial breakaway
3 0.9 F, = 0.65 sliding value
4 1.1
5 1.6
Maijor bridges 2 0.6 Interpolation from above
3 0.8 categories
4 1.0
5 1.6
Notes:

1. Case | (section 4.3.4.3) applies, evaluate Kshape USiNg equation 4-13
2. D = column diameter
3. F, = bearing shear capacity as a fraction of dead load
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Table 4-6. Modification factors (K3p) used to model 3D effects for multi-span bridges.

Type NBI Class Kip Kip
Non-seismic Bridges Seismic Bridges
<1990 (1975 in CA)"? > 1990 (1975 in CA)’

Concrete 101 - 106 1+0.25/n, 1+0.25/n,

Concrete Continuous 201 - 206 1+0.33/n, 1+0.33/n,

Steel 301 -310 1+0.09/n,; L >20 m (65ft) 1+0.25/n,
1+0.20/ np; L <20 m (65ft)

Steel Continuous 402 - 410 1+0.05/n,; L >20 m (65ft) 1+0.33/n,
1+0.10/ ny; L <20 m (65ft)

Prestressed Concrete 501 — 506 1+0.25/n, 1+0.25/n,

Prestressed Concrete 601 — 607 1+0.33/n, 1+0.33/n,

Continuous

Notes: 1. n, = number of piers = n — 1, where n = number of spans in bridge
2. L = length of maximum span (NBI Data ltem 48, table 4-3)

where a; is the median spectral acceleration (at T = 1.0 sec) for the it damage state as listed in
tables 4-4 and 4-5, and S is the site factor for the long-period range; that is S = F,, the 1.0 second
site factor given in section 1.5.2 and table 1-4 (note a rock site was assumed in deriving the
reference bridge fragility curves, i.e., S = 1 for the reference curves).

4.3.4.3. Scaling Relations for Damage State 2 (Slight Damage)
Case I: When ‘short’ periods govern (T < Ts, figure 1-8):

A, =K, 2

- shape

(4-12)

where:

a, = the median spectral acceleration (at T = 1.0 sec) for damage state 2, given in tables
4-4 and 4-5 and identified by superscript 1 in those tables,

S = site factor for the short period range; that is S = F,, the 0.2 second site factor given in
section 1.5.2 and table 1-4 (note a rock site was assumed in deriving the reference
bridge fragility curves, i.e., S = 1 for the reference curves).

Kshape relates to the shape of the design acceleration spectrum and is defined as follows:

K, =25 (4-13)

S

S, and S; are the spectral accelerations defined in section 1.5.1.

shape
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In equation (4-13), the factor 2.5 is the ratio between the spectral amplitude at 1.0 second and 0.2
seconds for the standard code-based spectral shape from which the reference bridge fragility
curves were derived. This equation is necessary to ensure all fragility curves possess a common
format (either peak ground acceleration or spectral acceleration at T = 1.0 second). Note that for

this case to govern, K . <1.

Case II: When ‘long’ periods govern (T > Ty, figure 1-8):

aZ
A, S (4-14)
where:
a, = the median spectral acceleration (at T = 1.0 sec) for damage state 2, given in tables
4-4 and 4-5 and identified without a superscript 1 in those tables, and
S = site factor for the long-period range; that is S = F,, the 1.0 second site factor given in
section 1.5.2 and table 1-4 (note a rock site was assumed in deriving the reference

bridge fragility curves, i.e., S = 1 for the reference curves).

Note that in equations (4-12) and (4-14) no modification is assumed for skew and 3D effects.
The structural displacements that occur for this damage state are assumed to be small enough
(generally less than 50 mm (2 ins)) so that the deck joints do not close and the 3D arching effect
does not develop.

4.3.5. ECONOMIC LOSSES
4.3.5.1. Total Economic Losses

Economic losses may result from the combined effects of direct losses due to structural damage
to the bridge (BLoss) and indirect losses resulting from a variety of causes such as loss of life,
injuries, business disruption, traffic congestion, and denied access (Hyoss). The total monetary
loss to the economy (Tross) may therefore be expressed as:

Tioss =Bross T Hioss (4-15)

Quantification of these losses is difficult to do at the present time, mainly because of the
uncertainty with Hy oss. Nevertheless Bross can be found with some degree of confidence using
the cost to repair or replace a damaged bridge. Such a methodology is described in the next
section.

4.3.5.2. Direct Economic Losses
Direct economic losses are assumed to be due to the repair and replacement of damaged bridges

alone and do not include other direct costs such temporary detours. Estimates of these losses may
be obtained using the repair cost ratios listed in table 4-7°. These ratios (also known as damage

% Basoz and Mander, 1999; Basoz and Kiremidjian, 1997
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ratios) express repair costs as a proportion of bridge replacement costs. The mean repair cost
ratio for ‘collapse’ (RCR s for damage state 5) may be expressed as a function of the number of
spans. Since more than one span may collapse in this state, the assumption is made that no more
than two spans collapse in any one event. Then RCR5 is given as below:

RCR,_ = 2 but not more than1.0 (4-16)
n

where n is the number of spans in the main portion of the bridge.

Table 4-7. Modified repair cost ratio for all bridges.

Damage State, i R?ange of . . Mean .
Repair Cost Ratio Repair Cost Ratio, RCR
1: No damage (pre yield) 0 0
2: Slight damage 0.011t00.03 0.02
3: Moderate damage 0.021t00.15 0.08
4: Extensive damage 0.10t0 0.40 0.25
5: Collapse 0.1t01.0 equation (4-16)

If the repair cost ratio is multiplied by the replacement cost of the bridge, then the expected
direct monetary dollar loss (Bross) can be assessed, thus

B, = U RCR, (4-17)

where:
U = the replacement cost of the bridge.
RCRt = the total repair cost ratio that is the expected proportion of the total
replacement cost of the entire bridge resulting from earthquake damage, or the
direct loss probability, which is defined as follows:

5
RCR; =) (RCR, P[DS, |S,])<1.0 (4-18)
i=2
where:
P[DSi | Sa] = probability of being in damage state DS; for a given spectral acceleration
S, at a structural period, T = 1.0 sec, using fragility curve data for this
particular bridge and damage state, DS;, and
RCR; = repair cost ratio for the i damage state.
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4.3.5.3. Indirect Economic Losses

Earthquake related bridge damage may lead to indirect losses that may in many cases exceed the
direct costs of the structural damage. These indirect costs may arise from any or all of the
following: deaths and injuries, restricted access for emergency response and recovery, business
disruption, loss of utility lines, and weakened security.

Quantifying these costs is extremely difficult and cannot be done without considering each
bridge in its functional and societal context. Risk assessment models of complete highway
systems are under development for this and other purposes, and are a promising tool for
developing insight into the complex relationships that govern indirect costs (Werner et al, 2000).

4.3.5.4. Examples

Two examples, 4.3 and 4.4, are given which illustrate the process of calculating the expected
losses for two different bridges of the same length and soil conditions, subject to similar sized
earthquakes. The losses are expressed first, as the expected repair cost ratio (fraction of the
replacement cost), and then as the repair cost assuming an actual replacement cost.

The results are summarized in table 4-8, where the greater vulnerability of the simply supported
bridge (example 4.1) is illustrated by the higher loss ratios and repair costs for this bridge. It is
noted that these two bridges were also evaluated by the indices method in section 4.2.1.3, where
a similar result was obtained: the bridge rank for the simply supported bridge was found to be
higher than for the continuous bridge (43 vs 33, respectively).

Table 4-8. Expected losses in two example bridges subject to similar earthquakes.

Example Bridge RCRy BLoss

3-span, simply supported,
prestressed, concrete bridge, total

1| length: 56 m (180 ft), 0.224 $138,046

site class C

3-span, continuous steel beam

2. bridge, total length: 56 m (180 ft), 0.039 $ 33,258
site class C

However the difference between the two bridges is more marked in this case, possibly because
the pedestal supports under the steel beams are not explicitly considered in this method, as they
are in the indices method. Such data is not in the NBI files and its omission is a shortcoming of
any method based solely on NBI data. As inventories improve over time (for bridge management
purposes perhaps), this problem will be overcome and the usefulness of the method will likewise
improve.
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4.3.6. CALCULATION OF BRIDGE RANK BASED ON EXPECTED DAMAGE

Once the expected damage is known for each bridge in the inventory and expressed as a loss
(RCRy, or Byoss), the inventory may be ranked in descending order of expected losses and each
bridge assigned a rank, R.

4.3.7. CALCULATION OF PRIORITY INDEX BASED ON EXPECTED DAMAGE

As defined in equation 4-9, the Priority Index is based on R, the bridge rank, calculated in

section 4.3.6, and a qualitative assessment of the indirect losses, network redundancy and non-
seismic factors, such as impending plans for bridge widening or deck replacement.
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EXAMPLE 4.3: PRESTRESSED CONCRETE BRIDGE WITH SIMPLE SPANS - EXPECTED
DAMAGE METHOD

A four-beam, prestressed concrete bridge is located on very dense soil and soft rock (site class C).
Constructed in 1968, it has three simply-supported spans, each seated on elastomeric pads directly on
the cap beams (no pedestals); seat widths are 250 mm (9 342”). The total length of the bridge is 56 m
(183’- 8 %4”), with an overall width of 10 m (32’- 9 %4”) and a skew of 32°. Piers are multi-column frames.
Abutment fill height is 7.6 m (24’-11 V4”). The bridge carries 65,000 ADT and is considered to be
‘essential.” The table below lists data available from the NBI for this bridge. The estimated replacement
cost of this bridge is $616,000.

NBI field Data Remarks
27 1968 Year built
34 32° Angle of skew
43 501 Prestressed concrete, simple span
45 3 Number of spans
48 23 Maximum span length (m)
49 56 Total bridge length (m)
52 10 Bridge width (m)
65,000 ADT

Using only NBI data, calculate the expected total repair cost following the upper level earthquake for this
site.

For the upper level event, spectral accelerations Ss and S, are taken to be 1.40 g and 0.28 g,
respectively, for the bridge site. Corresponding values for site class C soil factors, F, and F,, are 1.00 and
1.52, respectively (table 1-4).

Since the bridge was constructed in 1968 and is located outside of California, the first row of table 4-4
and the fifth row of table 4-6 apply, respectively. From table 4-4 for type 501:

a, = 0.26g; a; = 0.35g;, a, = 0.44g; a; = 0.65¢g

Note that the value for a, in table 4-4 is not superscripted to indicate Case | governs; thus the ‘long-period’
values govern for this bridge type; therefore Kghape = 1.

From table 4-6: Kip =1+ 0.25 =1+ 0.25 =1.125
(n-1) (3-1)

From equation 4-10: Keew =1/COS 0 = /cos 32 = 0.92

From equation 4-14: A, =a—2=%=0.17g
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From equation 4-11: i

Hence:

A =K

gy 3= (0.92)(1

S 1.52

125)

A; =0.24g, A, =0.30g, A; =0.44g

a,=0.681a

The figure presents the fragility ]
curves for the prestressed concrete I = o . — e - =
bridge with simply supported 0.9 ‘:'/ ;1// =
spans. As shown in the figure, the — 0.8 /r / <
probability of being in a given @D o7 i
damage state, when S, (T = 1 sec) & 0.6 ?( - Minor-Analytical |
= 0.28g, is given in the table below. T o5 /'./ / e el |
This table also presents the repair /'{ 0.4 [/F X . O el b
cost ratios from which the expected A 03 / / ! /
loss ratios are determined in terms T o2 e
of the total replacement cost for the ' K| (ogi oogy
entire bridge. 0'(: !
0 0.2 04 06 08 1 1.2 14
Spectral Acceleration (g)
Damage P[D>DS;|S.] P[DS;|S.] RCR,; Product
State, | (2) 3) (4) (3)x(4)=(3)
(1)
1 1 0.203 0.00 0.00000
2 0.797 0.196 0.02 0.00392
3 0.601 0.147 0.08 0.01176
4 0.454 0.228 0.25 0.05700
5 0.226 0.226 0.67 0.15142
Total probabilities: 1.000 RCR; 0.22410

Notes: 1.

Column (2) is probability of being in a damage state (D) that is equal to, or

greater than, damage state i (DS;), and is read from the fragility curve for this
bridge and damage state, for spectral acceleration = 0.28 g.

2. Column (3) is probability of being in damage state i, and is calculated by
subtracting corresponding rows in column (2), e.g., row 1, col (3) = (row 1,
col (2)) — (row 2, col (2)) Exception is last row, which is set equal to last row of
col (2).

Column (4) is read from table 4-7.

The resulting value of total repair cost ratio (RCRy = 0.224) is used to compute the expected repair cost in
dollars from equation (4-17) as follows:

Bloss =U (RCR;), where U is the replacement cost of the bridge, estimated at $616,000.

= $616,000 (0.224)

=$138,046 Answer
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EXAMPLE 4.4: STEEL GIRDER BRIDGE WITH CONTINUOUS SPANS - EXPECTED
DAMAGE METHOD

A four-beam, steel bridge is located on very dense soil and soft rock (site class C). Constructed in 1972, it
has three continuous spans, each seated on steel bearings on pedestals (not rocker bearings); seat widths
are 250 mm (9 %2’). The total length of the bridge is 56 m (183’ 8%”), with an overall width of 14 m (45’ 117)
and a skew of 18°. Abutment fill height is 6 m (19’ 8'4”). The bridge carries 20,000 ADT and is considered
to be ‘standard.’ Data available from the NBI for this bridge is given in the table below. The estimated
replacement cost of this bridge is $862,400.

NBI field Data Remarks
27 1972 Year built
34 18° Angle of skew
43 402 Steel girder, continuous
45 3 Number of spans
48 23 Maximum span length (m)
49 56 Total bridge length (m)
52 14 Bridge width (m)
20,000 ADT

Using only NBI data, calculate the expected total repair costs following the upper level earthquake for this
site.

For the upper level event, spectral accelerations Ss and Sy are taken to be 1.50 g and 0.21 g, respectively,
for the bridge site. Corresponding values for site class C soil factors, F, and F,, are 1.00 and 1.59,
respectively (table 1-4).

Since the bridge was constructed in 1972 and is located outside of California, a non-seismic structure is
assumed. Therefore, the fourth row of both table 4-4 and table 4-6 applies. From table 4-4 for type 402:

a, =0.76g, a; =0.76 g, a, =0.76 g, a5 =1.04 g

Note that the value for a, in table 4-5 is superscripted, implying that short period values govern for small
displacements for this bridge type; therefore Ksnape applies.

. . St 0.21
From equation 4-13: Kshape = 2.5§ = 2.5@ =0.35<1
From equation table 4-6: Kyp =1+ 0.05 _ 1+ 0.05 _ 1.025
(n=1) 2
From equation 4-10: Kekew = VCOSO = +/cos18 = 0.98
From equation 4-12: As =Kghape % = 0.35% =0.27g
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From equation 4-11: Az =Ky ewKap % _a '025)(10'5998)(0'76) =0.48g

a, (1.025)(0.98)(0.76)

Ay =KskewKso§4= 159 =0.48g
a;  (1.025)(0.98)(1.04)
As :KskewKSDgsz 159 =0.66¢g
The .figure presents fragili'ty curves for the 1 : - ]
continuous steel girder bridge. It shows the 0.9 : e
probability of being in a given damage state — 08 : 4 7 ,/
as S, (T = 1 sec) = 0.21 g for different » 07 - ]
- = v/ '4 /
damage states. These probabilities are 0.6 i /; e
used in the table to compute the expected B A5 f L
loss ratio of the total replacement cost. /'{ 04 l/ //
0 0.3 j / == Minor-Analytical ~ j...
‘E' 02 /: / -npglo”derateA& hf;ior-ﬁnalytical ........
orb—f L -
obltet”

02 04 06 08 1 12 14
Spectral Acceleration (g)

Damage P[D>DS;|S.] P[DS;|S.] RCR; Product

State, i (2) 3) (4) (3)x (4) = (5)
(1)

1 1 0.662 0.00 0.00000

2 0.338 0.254 0.02 0.00508

3 0.084 0.000 0.08 0.00000

4 0.084 0.054 0.25 0.01350

5 0.030 0.030 0.67 0.02010

Total probabilities: 1.000 RCRy 0.03868

Notes: 1. Column (2) is probability of being in a damage state (D) that is equal to, or greater
than, damage state i (DS;), and is read from the fragility curve for this bridge and
damage state, for spectral acceleration = 0.21 g.
2. Column (3) is probability of being in damage state i, and is calculated by subtracting
corresponding rows in column (2); e.g., row 1, col (3) = (row 1, col (2)) - (row 2, col (2))
Exception is last row, which is set equal to last row of col (2).
3. Column (4) is read from table 4-7.

The resulting value of total loss ratio (RCRt = 0.03868) is used to compute the expected direct loss in
dollars from equation (4-17) as follows:

BLoss = UXRCR;, where U is the replacement cost of the bridge estimated at $862,400

=$33,358 Answer

146



CHAPTER 5: EVALUATION METHODS FOR EXISTING BRIDGES

5.1. GENERAL
5.1.1.  SUMMARY OF EVALUATION METHODS

Six evaluation methods are described in this chapter. They are listed below in increasing order of
sophistication and rigor. Table 1-9 summarizes the key features of these methods and is repeated
here as table 5-1 for convenience.

Method A1/A2: Connection forces and seat width checks. Seismic demand analysis is not
required but the capacity of connections details and seat width adequacy is checked against
minimum values (section 5.2). The method is suitable for all single-span bridges and others in
low hazard zones. The method is divided into two categories, Al and A2.

Method A1l: Connection forces and seat width checks (Ss < 0.10). Seismic demand
analysis is not required but the capacity of the connections must exceed 10 percent of the
vertical reactions at each connection, and seat width requirements are checked against
minimum requirements. Suitable for all single-span bridges and others in low hazard
zones. (section 5.2.1).

Method A2: Connection forces and seat width checks (Ss > 0.10). Seismic demand
analysis is not required but the capacity of the connections must exceed 25 percent of the
vertical reactions at each connection, and seat width requirements are checked against
minimum requirements. Pile reinforcement must also meet minimum requirements.
Suitable for all single-span bridges and other bridges in low hazard zones. (section 5.2.2)

Method B: Component capacity checks. Seismic demand analysis is not required, but the
relative strength of the members and the adequacy of certain key details (including connection
forces and seat widths) are checked against specified minima. Suitable for regular bridges in
Seismic Retrofit Category (SRC) C, subject to restrictions on FyS;. (section 5.3).

Method C: Component capacity/demand method. Seismic demands are determined by an elastic
analysis such as the uniform load method, multi-mode response spectrum method, or an elastic
time history method. The uniform load method is adequate for bridges with regular
configurations; otherwise, the multi-mode method is used as a minimum. Capacity/demand ratios
are calculated for all relevant components. Suitable for all bridges in Seismic Retrofit Categories
C and D, but gives best results for bridges that behave elastically or nearly so. (section 5.4)

Method D1: Capacity spectrum method. Seismic demands are determined by simple models
such as the uniform load method, and capacity assessment is based on a simplified bilinear
lateral strength curve for the complete bridge. A capacity spectrum is used to calculate the
capacity/demand ratio for the bridge, for each limit state. Suitable for regular bridges in SRC C
and D. (section 5.5)
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Method D2: Structure capacity/demand method. Seismic demands are determined by elastic
methods, such as the multi-mode response spectrum method, or an elastic time history method.
Capacity assessment is based on the displacement capacity of individual piers as determined by a
‘pushover’ analysis which includes the nonlinear behavior of the inelastic components. A
capacity spectrum is used to calculate the capacity/demand ratio for each pier, bearing and
foundation of the bridge for each limit state. Suitable for all bridges in SRC C and D. Method is
also known as the pushover method or alternatively the Nonlinear Static Procedure. (section 5.6)

Method E: Nonlinear dynamic procedure (time history analysis). Seismic demands are
determined by a nonlinear dynamic analysis using earthquake ground motion records to evaluate
the displacement and force demands. Capacities of individual components are explicitly modeled
in the demand analysis. Suitable for irregular complex bridges, or when site specific ground
motions are to be used, as in the case of a bridge of major importance. (section 5.7).

5.1.2.  DEMAND ANALYSES

Methods A and B simply check default capacities against minimum load requirements. No
explicit demand analysis is required. Methods C, D1 and D2 are capacity/demand methods of
varying sophistication, and Method E, which is based on inelastic time history analysis, is the
most rigorous of all of these methods.

As noted above, no demand analysis is necessary for regular bridges in Method B. This is
because the design strength for nonseismic loads should be sufficient for the hazard exposure.
For regular bridges, a single-degree-of-freedom (SDOF) model is sufficiently accurate to
represent the seismic response, and the capacity spectrum method (Method D1) combines the
demand and capacity evaluations into one operation. This method is also appropriate for bridges
with seismic isolation systems.

For bridges that do not satisfy the requirements of Method D1, an elastic response analysis, using
either Methods C or D2, must be performed to determine the displacement and force demands in
various members and components. Two elastic methods are presented in this chapter: the
uniform load method and the multi-mode response spectrum method. The selection of a method
is dependent on the configuration of the bridge.

The uniform load method is suitable for structures with regular configurations which can be
modeled as SDOF structures. Long bridges, or those with significant skew or horizontal
curvature, have dynamic characteristics that may prevent modeling in this way, and multi-modal
methods should be used instead.

Elastic analyses use linear models which may not adequately represent the inelastic behavior of
earthquake resisting members during strong ground motion. However, with the proper
representation and interpretation of inelastic behavior, an elastic analysis can provide a
reasonable estimate of seismic demand. The model should be based on cracked section
properties for concrete components and secant stiffness coefficients for the foundations,
abutments, and seismic isolators, that are consistent with the expected level of deformation. An
elastic analysis should give superstructure displacements (usually at the center of mass), and the
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forces in earthquake resisting members, such as the top and bottom bending moments in a
column.

The nonlinear dynamic analysis method (Method E) is a poweful analytical tool because it is not
restricted by geometry or nonlinearities in material behavior. The effect of inelastic behavior is
included explicitly in the demand analysis. Depending on the mathematical model used, the
deformation capacity of the inelastic members may also be included in the analysis. However,
the data required to peform such an analysis is extensive and the corresponding mathematical
model for the bridge is complex and time consuming to develop. Furthermore, a nonlinear
dynamic analysis requires the selection of a set of time histories of ground motion that represents
the local hazard and site conditions. For many bridge sites, this will be a significant effort
requiring the advice of experts in the field. Because of the complexity involved in a nonlinear
dynamic analysis, results should always be checked for reasonableness against those from other,
but less rigorous, methods.

Nonlinear dynamic analysis should be used for bridges with earthquake protective systems
(isolators and/or energy dissipators) that have long periods (> 3 sec) and/or high damping ratios
(> 30 percent). This is because procedures that use effective stiffness and damping may not
properly represent the effect of these properties when they reach such high values. In such cases,
models for the isolators and dissipators should use explicit hysteretic properties and not
equivalent linear values.

Regardless of the method of demand analysis used, it is essential that seat widths at abutments,
piers, and in-span hinges be checked.

Note that the methods described below should be used in conjunction with the guidelines for
bridge modelling and analysis given in chapters 6 and 7.

5.2. METHOD A: CONNECTION DETAILS AND SEAT WIDTH CHECKS ONLY

In areas of low seismicity, minimum seat widths and connection forces are usually adequate to
ensure life safety. In such cases, design values are used as minimum requirements in lieu of
rigorous analysis. For the operational objective, a check on the minimum shear reinforcement in
concrete piles is also recommended. This same check is also recommended for the life safety
objective when the Hazard Level is I and higher. To provide for these exceptions, Method A is
divided into two categories, A1 and A2, as described below.

5.2.1. METHOD Al
In Method A1, the horizontal forces used to check the capacity of connections in their restrained
directions, should not be less than 10 percent of the vertical reaction at that connection due to the

tributary dead load. These loads are defined as follows:

e In the longitudinal direction, for each uninterrupted (continuous) segment of a superstructure,
including simply supported spans, the tributary dead load at the fixed bearings is the total
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dead load of the entire segment.The longitudinal capacity required at the expansion bearings
in this segment is assumed to be zero.

e In the transverse direction, for each uninterrupted (continuous) segment of a superstructure,
including simply supported spans, the tributary dead load is the dead load reaction at each
bearing.

The connection detail between an elastomeric bearing and its masonry and sole plates should be
able to resist the horizontal forces transmitted through the bearing. For all bridges evaluated
with Method A1, and all single-span bridges, these shear forces should not be less than the
connection force described above.

Seat widths should also be checked against the minimum requirements of equation 5-1 below
(see also figure D-1).

> |(1+1.25E,8))

N =|100+1.7L + 7.0H + 50H 1+(2Ej
L cos QL

(5-1a)

where N is the minimum seat width (mm), L is the distance between joints (m), H is the tallest
pier between the joints (m), and B is the width of the superstructure (m).

Or, in U.S. customary units:

> |(1+1.25E,8))
cos

N=]4.0+0.02L+0.08H +1.1~H 1+(2%) (5-1b)

where N is the minimum seat width (in), L is the distance between joints (ft), H is the tallest pier
between the joints (ft), and B is the width of the superstructure (ft).

In both equations, a is the angle of skew (zero for a right bridge). The ratio of B/L need not be
taken greater than 3/8.

5.2.2. METHOD A2

In Method A2, horizontal forces used to check the capacity of connections in their restrained
directions, should not be less than 25 percent of the vertical reaction at that connection due to the
tributary dead load. These loads are defined in Method A1.

The connection detail between an elastomeric bearing and its masonry and sole plates should be
able to resist the horizontal forces transmitted through the bearing. For all bridges evaluated
with Method A2, and all single-span bridges, these shear forces should not be less than the
connection force described above.

Minimum seat widths should be checked against equation 5-1.
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5.3. METHOD B: COMPONENT CAPACITY CHECKS

A seismic demand analysis is not required for bridges meeting the requirements of Method B,
but capacity protection principles' and minimum detailing requirements must be satisfied.
Method B permits the rapid evaluation of bridges complying with certain restrictions, without
the need for full dynamic analysis. Each bridge is evaluated for non-seismic requirements and
capacity protection requirements, then checked to determine the adequacy of certain details such
as shear and confining reinforcement. Capacity protection principles are also used to check the
adequacy of connection details between columns and footings; and between columns, pier caps
and superstructure.

There are no evaluation requirements for abutments except that integral abutments need to be
evaluated for passive pressure. This method will be mainly used in areas of low-to-moderate
seismic hazard (SHL I and II) where superstructure displacements in the longtitudinal direction
are expected to be small. As a result, abutments are not expected to contribute to bridge response
in any significant way, and may be omitted from further evaluation (in these low seismic zones).
Earthquake loads for foundation design are determined from the column forces using an
overstrength ratio of 1.0.

5.3.1. PROCEDURE FOR METHOD B

Step 1. Check section 5.3.2 for restrictions on structural and site characteristics to determine if
Method B is applicable. The hazard at the site must not exceed a limitation on F,S;,
and the structure must meet certain geometric regularity requirements.

Step 2. Check all connection and seat width requirements as for Method A2.

Step 3. Reinforced concrete columns should be evaluated using non-seismic loading cases and
checked for minimum longitudinal reinforcement of 0.8 percent.

Step 4. Reinforced concrete columns should be checked to see whether the reinforcing details
are adequate for column shear and confinement (check against minimum requirements
specified in AASHTO, 2002 or AASHTO, 1998).

Step 5. Steel columns should be evaluated using non-seismic loading cases and should be
checked for compactness.

Step 6. Members connecting to columns should be evaluated for their ability to resist the
moments and shears caused by plastic hinging in the columns, using the principles of
capacity protection, with an overstrength ratio of 1.4. See sections 7.6 and 7.7.

! Capacity protected design means that certain components and/or members of a bridge are protected from excessive
forces during an earthquake by the yielding of components and/or members elsewhere in the bridge. For example,
the maximum shear that can be transmitted to a footing by a column is determined by the flexural capacity of the
column, i.e., the column’s yield strength Thus, the footing is protected by the capacity of the column.
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Step 7. Foundations should be evaluated for their ability to resist the moments and shears
caused by plastic hinging in the columns, using the principle of capacity protection,
with an overstrength ratio of 1.0. See sections 7.6 and 7.7.

5.3.2. RESTRICTIONS ON USE OF METHOD B
Method B should be used only at sites where:

F.S;1<0.3 cosa (5-2)
where a is the skew angle of the bridge (zero for a right bridge).

Additionally, Method B should be used only on structures that comply with the following
restrictions (notation is defined below):

e For bridges with concrete column and pile bents:

P.<0.15f':A,
pt>0.008

D > 300 mm (12 in)
2<M/VD <7

e For bridges with wall piers with low percentages of longitudinal steel:

P.<0.07 f';A,
pt>0.0025

M/VT <7

T>300 mm (12 in)

e For bridges with steel pile bents framing into reinforced concrete caps:

P.<0.15P,
D, > 250 mm (10 in)
M/VB <7

e For bridges with timber piles framing into reinforced concrete caps:

P.<0.1 P,
Dy > 250 mm (10 in)

Notation used above is defined as follows:
P. = axial load on the bridge column including both gravity and seismic effects,
P. = axial capacity of a steel column or timber pile member in compression,

= axial capacity at yield of a steel column/pile member,

total area ratio of longitudinal reinforcement,

f'c = compressive strength of concrete,

2
«
1
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= gross area of the column section,

smallest column dimension or diameter,

pile dimension about the weak axis of bending,

wall thickness or smallest cross-sectional dimension,

= flange width of a steel H-pile, and

M/V = shear span length of an equivalent cantilever member (M is the end moment and V is
the shear force).

oQ

w—0 0>
Il

Note that structures with lower axial loads or stronger columns (i.e., more reinforcement and larger
column or pile sizes) have greater intrinsic strength. Thus, they are able to resist ground motions
with less damage. However, the ductility of the details still needs to be checked.

Other restrictions on the use of Method B include the following:

Stiffness of individual piers should not vary by more than a factor of two with respect to the
average stiffness of all piers in the bridge.

Maximum span length should not exceed 80 m (260 ft).

Longest individual span should not exceed 150 percent of the average span length.
Maximum skew angle should not exceed 30 degrees.

For horizontally curved bridges, the subtended angle should not exceed 30 degrees.

Columns must resist at least 80 percent of the horizontal load generated in the longitudinal
direction by the tributary area of each column.

Method B should not be used if the bridge site has a potential for liquefaction and the piers
are seated on spread footings.

Method B should not be used if the bridge site has a potential for liquefaction and the piers
are on pile foundations, unless the piles possess ductile details over the length passing
through the liquefiable soil layer plus an additional length of three pile diameters or 3 m (10
ft), whichever is larger, above and below this layer.

5.4. METHOD C: COMPONENT CAPACITY/DEMAND METHOD

5.4.1. APPROACH

Method C calculates capacity/demand ratios for bridge components that may be damaged during
an earthquake. Ratios greater than one indicate sufficient capacity to resist the earthquake
demand; ratios less than one indicate components in need of attention and possible retrofitting.
Capacity/demand ratios are therefore used to indicate the need for retrofitting and may also be
used to assess the effectiveness of various retrofit strategies.
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One feature that distinguishes this method from Method D1, is that the demand is based on the
elastic response of the structure calculated by either the uniform load method or a spectral modal
analysis. Another difference is that this method focuses on individual component behavior rather
than the response of a bridge as a complete structure. In this way, it gives a detailed view of the
potential deficiencies of a bridge, but may overestimate the overall vulnerability of a bridge and
imply a greater need for retrofitting than is actually necessary. This is because the method
ignores ‘system’ response and the ability of a bridge, acting as a system, to redistribute loads
from one member to another. The error here is small if the bridge responds elastically or nearly
so. Method C gives conservative results and the degree of conservatism generally increases with
the extent of plastic hinging in the bridge. If the indicated retrofit needs are high, it may be wise
to use one of the more refined methods (D or E) to reassess the situation before committing to
design and construction.

Components that should be evaluated will vary with the Seismic Retrofit Category of the bridge.
Table 5-2 indicates components and failure modes that should be checked. For some bridge
types, failure of certain components will not result in unacceptable damage, and capacity/demand
(C/D) ratios for these components need not be calculated. For other bridge types, components,
other than those listed, should be examined if their failure will result in unacceptable
performance.

Table 5-2. Components for which capacity/demand ratios are required.

Seismic Retrofit Category

Component
B CandD

EXPANSION JOINTS AND BEARINGS

Support Length X X

Connection Forces X X

REINFORCED CONCRETE COLUMNS WALLS AND FOOTINGS

Anchorage X

Splices

Shear

Confinement

X [ X | X | X

Footing Rotation

ABUTMENTS

Displacement X

LIQUEFACTION

Lateral Spread X X
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In addition to calculating elastic demands by spectral methods, some minimum requirements can
be treated as demands. For example, minimum bearing connection forces and minimum support
length requirements are useful indicators of demand when calculating C/D ratios for bearing
forces and superstructure displacements

Seismic capacities are calculated at their nominal ultimate values without the use of capacity
reduction factors, 0. In cases such as well-detailed reinforced concrete columns, where post-
elastic behavior is acceptable, C/D ratios are modified by ductility indicators (see appendix D) to

reflect the capacity of the column to withstand plastic deformation.

In general, the ability of a bridge to meet seismic demands will be determined by one of the
following:

e Displacements at supports or intermediate hinges that result in a loss of support and collapse
of one or more spans.

e Ultimate strength of fixed bearings and their anchorages.

e Ductile capacity of columns, piers, and foundations beyond which an unacceptable
degradation in strength occurs.

e Abutment displacements which make the bridge inaccessible after an earthquake.

e Foundation movements which are excessive and will result in a collapse of the structure or
loss of access to the bridge.

The basic equation for determining the C/D ratio, r, for a particular component is:

. R —2Onsi
Qro
(5-3)
where:
Re = nominal ultimate displacement or force capacity of the structural component
being evaluated,
>Qnsi = sum of the displacement or force demands on a component from nonseismic

loads, which are included in the group loading defined by equations 6-1, 6-2,
7-1 and 7-2 of the AASHTO Standard Specifications (AASHTO, 2002), or
table 3.4.1-1 of the A4SHTO LRFD Specifications (AASHTO, 1998), and

Qeq = displacement or force demand for the earthquake loading under consideration.
C/D ratios should be calculated at the nominal ultimate capacity without the use of capacity

reduction factors, ¢, to account for possible understrength and/or undersize members. This is
done because the objective of a C/D ratio is to determine the most likely level of failure.
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Since C/D ratios reflect only component failures and not necessarily the state of the bridge as a
whole, the global effect of one or more component failures must be assessed in a qualitative way
using engineering judgment.

A methodology for calculating component C/D ratios is given in appendix D.

5.4.2. SELECTION OF ELASTIC ANALYSIS METHOD

The uniform load method may be used for structures satisfying geometric ‘regularity’
requirements of table 5-3. For structures not satisfying these requirements, the multi-mode

method of dynamic analysis should be used, or alternatively an elastic time history method.

Table 5-3. Restrictions on the application of the uniform load method.

Parameter Value
Number of spans 2 3 4 5 6
Maximum subtended angle for a curved bridge 20° 20° 30° 30° 30°
Maximum span length ratio from span to span 3 2 2 1.5 1.5
Maximum pier stiffness ratio from span-to-span,

) — 4 4 3 2
excluding abutments

5.4.2.1. Uniform Load Method

The uniform load method is described in Article 4.3 of the Standard Specifications (AASHTO,
2002) and Article 4.7.4.3.2¢c of the LRF'D Specifications (AASHTO, 1998). It is based on the
fundamental mode of vibration in the longitudinal or transverse direction, assuming an
equivalent single mass-spring oscillator. The stiffness of this equivalent spring is calculated
using the maximum displacement that occurs when an arbitrary uniform lateral load is applied to
the bridge. The spectral acceleration, at the modal period T, is found from figure 1-8 and used to
calculate the equivalent, uniform load from which design forces are determined.

This method may be used for both transverse and longitudinal earthquake motions. It is
essentially an equivalent static method of analysis that uses a uniform lateral load to approximate
the effect of seismic loads. The method is suitable for regular bridges that respond principally in
their fundamental mode of vibration.

While all displacements and most member forces are calculated with satisfactory accuracy, the
method is known to overestimate the transverse shears at the abutments by up to 100 percent. If
such conservatism is undesirable, but a single mode representation is appropriate, then the single
mode spectral analysis method (Article 4.4 of the Standard Specifications (AASHTO, 2002) and
Article 4.7.4.3.2b of the LRFD Specifications (AASHTO, 1998)) is recommended. This method
is a subset of the multi-mode spectral analysis method described in the next section.
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The steps in the uniform load method are as follows:

Step 1.

Step 2.

Step 3.

Step 4.

Step 5.

Calculate the static displacements vy(x) due to an assumed uniform load, p,. The
uniform loading p, is applied over the length of the bridge; it has the dimensions of
force/unit length, and may be arbitrarily set equal to 1.0. The static displacement vy(x)
has the dimension of length.

Calculate the lateral stiffness of the bridge, K, and total weight, W, from the following
expressions:

g =Pl (5-4)
VS,MAX
L
W= jw(x)dx (5-5)
0

where L is the total length of the bridge, Vsmax is the maximum value of vy(x), and
w(x) is the unfactored dead load of the bridge superstructure and tributary substructure.

The weight should take into account structural elements and other relevant components
including, but not limited to, pier caps, abutments, columns, and footings. Other loads,

such as live loads, may also be included.

Calculate the period of the bridge, T, using the expression:

T, =2n /E (5-6)
gk

where g is the acceleration due to gravity.
Calculate the equivalent static earthquake loading, pe, from the expression:

— CSW
L

pe (5'7)

where C;= S,/g; g is the acceleration due to gravity; S, is defined in figure 1-8 and
equations 2-5, 2-6 and 2-8; and p. is the equivalent uniform static seismic loading per
unit length of bridge applied to represent the primary mode of vibration.

Calculate the displacements and member forces for use in evaluation either by applying

pe to the structure and performing a second static analysis, or by scaling the results of
Step 1 by the ratio pe/po.
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5.4.2.2. Multi-Mode Spectral Analysis Method

The elastic multi-mode spectral analysis method should be used for bridges in which coupling
occurs in more than one of the three coordinate directions within each mode of vibration. As a
minimum, linear dynamic analysis, using a three-dimensional model to represent the bridge,
should be used. This method is described in Article 4.5 of the Standard Specifications
(AASHTO, 2002) and Article 4.7.4.3.3 of the LRFD Specifications (AASHTO, 1998).

Ideally, all of the modes of vibration of a bridge will be included in a modal analysis but this
may lead to excessive, and often unnecessary, computational effort. Instead, a reduced number is
frequently used to reduce the effort while still maintaining accuracy. This number is usually
determined by the relative size of the modal participation factors, which most dynamic analysis
programs compute as contributions to the total base shear and express them as percentages of
total bridge mass. For regular bridges, the total number of modes should be such as to include at
least 90 percent of the modal mass. For irregular bridges, or large multi-segment bridges, it may
be necessary to raise this figure to 95 percent, to ensure accurate results in all of the critical
members and components.

The elastic response spectrum shown in figure 1-8 should be used for each mode, and should be
scaled for damping ratios other than five percent. To scale the five percent spectrum for a
damping ratio of & percent, multiply the spectral ordinates by (0.2€)* for periods greater than

Ts, and by (0.2€)°? for periods less than or equal to Ts, where Ts is defined as So in figure

DS
1-8. & should not be taken as greater than 30 percent. If a bridge is to be retrofitted using seismic
isolation, scaling of the spectrum should only be done for periods greater than 80 percent of the
effective isolated period.

Member forces and displacements may be estimated by combining the respective response
quantities (moment, force, displacement, or relative displacement) from the individual modes by
the Complete Quadratic Combination (CQC) method®. Forces and displacements obtained using
the CQC combination method are adequate for most bridge systems, especially if there is only
one component to be considered in the ground motion. If the CQC method is not used, the
square-root-of-the-sum-of-the-squares method (SRSS) may be used when the modal periods are
well-separated. For modes that have closely spaced periods, the absolute sum of the modal
responses may be used as an alternative.

Member forces and displacements due to two or three simultaneous components of ground
motion should be estimated by the SRSS method. This method assumes these components are
independent of each other (i.e., they are uncorrelated), which is an adequate assumption when
evaluating a bridge because the spectrum in figure 1-8 is intended to represent the principal
directions of ground motion. This assumption may not be valid for near-fault ground motions,
which can exhibit strong correlation between the horizontal components.

? Newmark and Rosenblueth (1979); Der Kiureghan (1981)
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5.4.2.3. Elastic Time History Method

Elastic time history methods provide displacements and member actions as a function of time,
assuming all members remain elastic and no displacement limit is exceeded. These methods are
more rigorous than the uniform load and multi-mode spectral methods described above, and may
be used for irregular bridges with complex geometries and/or on poor foundations. They do,
however, require the development of at least three sets of acceleration time histories for the
bridge site and a minimum of three analyses is therefore performed, one for each set. Each set
includes three components of the ground motion (two horizontal and one vertical). The
maximum response for any single quantity (such as the transverse bending moment at the top of
a particular column) from these three analyses, should be used for design. If more than seven sets
of ground motions are used, the mean of the responses may be taken for evaluating the demand
on the bridge.

In the absence of site-specific ground motions, time histories may be synthetically generated
using the response spectrum for the site (figure 1-8). Procedures for developing these so-called
spectrum-compatible time histories are discussed in section 2.8.

5.4.3. PROCEDURE FOR METHOD C

Step 1. Decide whether the restrictions on the use of this method given in section 5.4.4 are
satisfied. If so, an elastic force-based response spectrum analysis may be used. Based
on the restrictions described below, determine the type of modal analysis to be
undertaken.

Step 2. Determine the capacity, Q. , for each of the relevant members in the structure.

Step 3. Determine the sum of the non-seismic force and displacement demands, ZQxs;, for each
of the members in the structure, for each load combination in equations 6-1, 6-2, 7-1
and 7-2 of the Standard Specifications (AASHTO, 2002), or table 3.4.1-1 of the LRFD
Specifications (AASHTO, 1998).

Step 4. Determine the response spectrum parameters F,, Sg, F, and S; (section 2.5). Perform an
elastic dynamic analysis (section 5.4.2) to determine the seismic demand, Qgqi, on each
of the members. The analysis should reflect the anticipated condition of the structure
and the foundation during this earthquake.

Step 5. For each member or component (i), determine the capacity/demand ratio from:

‘= Qci—2 Onsi

5-8
i %o (5-8)

If r; > 1.0, the corresponding member has adequate capacity for the level of demand.
Otherwise, devise retrofit measures that increase the displacement, strength, or ductility
capacity, of the specific member or component.
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Alternatively, reanalyze the bridge using a more rigorous approach where system
behavior is accounted for explicitly and the benefical effect of force redistribution due
to inelastic action is included in the results. See Methods D1, D2 and E.

5.4.4. RESTRICTIONS ON USE OF METHOD C

This method is the same as the capacity/demand method described in the previous FHWA bridge
retrofit manual (FHWA, 1995). As before, its use should be restricted to bridges that will behave
in a ‘mostly elastic’ fashion, to ensure that the results are not overly conservative. This means
that the method is mainly applicable to bridges in regions of low-to-moderate seismicity. It is
also applicable to major structures in highly seismic zones, where a high level of operational
performance is required which can only be satisfied by an ‘almost elastic’ design strategy. In
such cases, the method of elastic analysis used for computing the C/D ratios should be the time
history method described in section 5.4.2.3.

5.4.5. EXAMPLES
Two examples of the use of Method C are given in appendices E and F.

The first example is a four-span reinforced concrete, box-girder bridge similar to those used in
California at the time of the San Fernando earthquake (1971). It has seat width deficiencies, and
inadequate reinforcement details in the columns. This example is given in appendix E.

The second example is a multispan steel beam bridge with simple supports, constructed in
Pennsylvania in 1968. It has vulnerable steel rocker bearings and concrete columns with
potentially inadequate reinforcement details. This example is given in appendix F.

5.5. METHOD D1: CAPACITY SPECTRUM METHOD
5.5.1. APPROACH

This method of evaluation explicitly includes the inelastic behavior of members and other limit
states due to bearing failure and unseated beams. It is a powerful technique that can be used to
make a quick estimate of either the capacity of an existing bridge or the performance of a bridge
during a given earthquake. The method may be used for either the design of a new bridge or the
retrofit of an existing structure.

The method is restricted to bridges that vibrate as single-degree-of-freedom (SDOF) systems,
i.e., to bridges with regular geometry and uniform distribution of weight and stiffness. It is also
limited to bridges where the displacements at the tops of all the piers are the same, or nearly so,
in both the longitudinal and transverse directions. This does not include piers with expansion
bearings.

These limitations are described further in section 5.5.5.
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A bridge that cannot be modeled as an SDOF structure or does not satisfy the equal
displacement requirement, should be evaluated using a multi-modal method and a more
advanced capacity assessment technique such as that described in Method D2.

5.5.2. BRIDGE CAPACITY

5.5.2.1. General

The capacity of a bridge to resist lateral loads may be expressed by a so-called pushover curve.
Such curves show the total lateral load acting on the bridge plotted against the deflection of the
center of mass of the bridge. This point is chosen because the center of mass is where the
earthquake’s inertial loads are assumed to act (in SDOF structures). In most highway bridges, the
center of mass will be located within the superstructure. This curve is also a measure of the
capacity of the bridge for lateral loads of increasing size and may be used to express force and
displacement capacity for a number of potential limit states.

Figure 5-1(a) shows an idealized pushover curve for a flexurally ductile structure. It identifies
several limit states that are important in characterizing the behavior of the bridge under
increasing load or deformation. These are:

1. Pseudo-yield point, marking the end of essentially elastic behavior.

2. Point of maximum plastic deformation before softening (degradation) begins.

3. Onset of collapse (e.g., due to column rebar rupture in low cycle fatigue or P-A effects).

4. Collapse (e.g., due to the failure of a plastic hinge).

These limit states are characteristic of bridges with continuous superstructures on ductile
columns that are capable of large inelastic deformation in well-detailed plastic hinges.

Bridges with simple spans may exhibit a different set of limit states and these are illustrated in
figure 5-1(b). They are:

1. Pseudo-yield point, marking the end of essentially elastic behavior.

2. Expansion joint closure, followed by span lock-up, and limited plastic deformation.

3. Bearing failure (e.g., due to weld failures in keeper bars).

4. Collapse (e.g., due to the unseating of beams).

These limit states essentially describe brittle behavior and are likely to be found in older bridges

with simple spans despite adequate column reinforcement details, particularly in regions of low-
to-moderate seismicity.
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Figure 5-1. Capacity curve.

5.5.2.2. Calculation of Bridge Capacity Curve

In this method, the capacity curves shown in figure 5-1 are approximated by bilinear curves as in
figure 5-2. Using the notation in these figures, a seismic capacity coefficient C, is calculated at
displacement A, as follows:

C.=— (5-9)

where:
F = total horizontal force acting on the bridge
= Fy,+ky, (A—Ay) forA>Ay, and
= ki A forA<A,.
= weight of seismic mass, usually taken as the weight of the superstructure,
= yield force (see note 1 below),
= yield displacement corresponding to F, and equals Fy / k;,
= elastic stiffness in direction considered, transverse or longitudinal (see note 2
below), and
equivalent post-yield stiffness in direction considered, transverse or longitudinal
(see note 3 below).

rbao=

=~
(€}
|

The maximum displacement Anax, shown in figure 5-1, is set to the lesser of the following three
displacement limit states, as appropriate:

1. Plastic hinge rotation: Am.x <6, H

where 0, = 0.035 for reinforced concrete columns, and H is the clear height of the column.
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Figure 5-2. Idealized capacity.

2. P-delta (P-A): Amax 0.25 Cc W’ (H/P)
where W’ is the seismic weight per column, and P is the axial load on the column due to
gravity loads. See explanation in note 4 below and also a refinement for Ay« for short period
bridges.

3. Seat length: Apax < Np
where Ny is the existing seat width at an abutment or pier cap. See note 5 below.

Note 1. F, is calculated from the sum of the individual column lateral strengths (V;) in the
direction under consideration,

ie., Fy=%V4=2 (Mnj (5-10)
H i

where M, is the column’s nominal’ yield moment calculated from a moment interaction curve
for column 1, using column axial loads, dimensions and reinforcement details, and H is the clear
height of column i.

This summation is made over all of the columns supporting the superstructure; abutments are
excluded. Columns with expansion bearings in the direction being analyzed are also excluded
from this calculation. Since the axial loads are not known at this stage, these loads may be taken
equal to the gravity load values when calculating M.

Note 2. k; is the elastic stiffness of the bridge in a lateral direction and will generally be different
in different directions (e.g., longitudinal and transverse) unless symmetrical, single-column piers
are used. Cracked sections should be assumed for reinforced concrete columns and a moment of
inertia equal to 50 percent of the uncracked moment of inertia is recommended. The uniform
load method may be used to calculate this stiffness (equation 5-4, section 5.4.2.1).

? See definition of nominal strength in section 7.5
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Note 3. k; is the linearized post-yield stiffness used to approximate actual behavior in this part of
the capacity curve. In the absence of rigorous analysis, k, may be taken equal to five percent of
the elastic stiffness, 1.e., ko = 0.05 k;. If elastic-perfectly plastic behavior is assumed to occur in
the column hinge, k, = 0. This assumption underestimates the capacity of the column once
yielding begins and could be on the conservative side. But it will also underestimate the forces
that the column can transmit to adjacent components (e.g., bearings above and footings below)
which may lead to their unexpected failure. Setting k, = 0 is therefore not recommended. See the
discussion of capacity-protected design in chapter 1.

Note 4. Bridges supported on slender piers that carry high axial loads are susceptible to
instability due to so-called P-A effects. Inadequate strength can cause progessive ratcheting of
a bridge sideways, eventually leading to collapse. Pier equilibrium equations show that P-A
effects reduce the lateral stiffness of columns and may even cause this stiffness to become
negative once yield occurs. Under these conditions, the post-yield stiffnesss is given by

ky =k, —— (5-11)

_P ifk,=0
H

where k;’ is the post yield stiffness including P-A effects, k; is the post-yield stiffness excluding
P-A effects (see Note 3 above), P is the axial load due to non-seismic sources, and H is the clear
height of pier from point of fixity of piles, if any.

This decrease in stiffness leads to a reduction in strength with increasing displacement. The
above displacement limit state is therefore chosen to limit this reduction to 25 percent of the
capacity at zero displacement (Vy),

1.e.,

P
By 17 025V, (5-12)

m

Since the lateral strength (Vy) can be expressed as the product of the seismic coefficient (C, )
and the effective seismic weight on the pier (W’), the above equation can be rearranged to give:

A 0.25Cc (%}H (5-13)

Note that the ratio W’/P should not be taken as greater than 2.0 for two-span bridges, or greater
than 1.0 for other bridges. Note also that for bridges with periods less than 1.25 Ts (Ts is defined
in figure 1-8), Amax 1s reduced by the factor Rq4 to account for the possible underestimation of
displacements by the equal-displacement theory of nonlinear response. For such bridges, the
displacement limit state (A’nax) is given by:
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! A
Amax = I;HZX (5'14)

where:
R, = 1—i T—-+—i forR>1and T < T*,
R/T R

Ry =1.0 forR>1and T > T*,

Ry =1.0 for R <1 and any value of T,

T* = 1.25Ts,

Ts = F,Si/F.Ss, as defined in figure 1-8,

T = period of vibration of bridge, and

R = ratio of elastic force on pier (F¢) to the lateral capacity of pier(Vy)
= Fel / VU.

Note 5. Ideally, the existing seat width (No) will be the greater of:

e 1.5 A'hax where A'yyx is the displacement of the superstructure at the seat, given by equation
(5-14), or

e The minimum seat width given by equations 5-1a or 5-1b.
In retrofitting some bridges, satisfying this requirement may be very costly.
5.5.3. EARTHQUAKE DEMAND

The earthquake demand on a bridge may be represented by a response spectrum. Both
acceleration and displacement spectra are used, but by far the most common is the acceleration
spectrum. These spectra, when scaled by seismic mass, give the seismic forces acting through the
center of mass of the bridge. Figure 1-8 shows the recommended acceleration spectrum for both
seismic design and retrofit of highway bridges in the United States. This spectrum assumes five
percent viscous damping in the bridge and should be modified for other damping values, as
shown in figure 5-3. A value of five percent is appropriate for essentially elastic behavior but
once yielding occurs, and other forms of damage begin to occur, the damping level increases.
Two damping factors are introduced for this purpose, Bs and By, for use in the short and long
period ranges of the spectrum respectively, as shown in figure 5-3. A procedure for calculating
Bs and By is given in table 5-4, which shows that both factors depend on the displacement

ductility factor U, defined as follows:

p=— (5-15)

y

where A is the displacement at which ductlity is being calculated, and A, is the yield
displacement.
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Figure 5-3. Demand spectrum.
A seismic demand coefficient, Cyq, is defined as follows:
S
C,=—* (5-16)
g
where:
S, = spectral acceleration defined in figure 1-8,
= g[F.Si/BLT] for long period bridges, T > Ts, and (5-17a)
= g [F.Ss/Bs] for short period bridges, T < Ts. (5-17b)

This is the traditional form of a demand spectrum (S, vs period, T), but it is also convenient to
express Cq in terms of Sy (spectral displacement) rather than period. To do so, Sq is first written
as follows:
Sq = spectral displacement
=S,/
= S, [T¥4n’]
= [F,Si/B] Tg/4Tt2 (using equation 5-17a) (5-18)

where o is the angular frequency (rad/sec) and equals 2m/T.

Combining equations 5-16, 5-17a and 5-18, to eliminate the period T, gives Cq4 for long period
bridges as:

2
c,=| & 55 frram (5-192)
S, || 2nB,

Figure 5-3 shows Cq plotted against Sy for a particular value of damping factor Br. This spectrum
is seen to have a shape similar to that of the traditional, period-based spectrum and that Cgq
decreases as Sy increases.
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Further, by combining equations 5-16 and 5-17b, Cq4 for short period bridges can be shown to be
given by:

C, = FESS for T < T (5-19b)

S

Table 5-4. Effective viscous damping ratios and damping factors, Bs and By.

Effective Viscous Damping Damping

Substruct T
ubstructure lype Damping Ratio, & Factor, Bs Factor, B,

Nonductile, conventionally-designed 0.05 + 0.16(1-1/w)’

columns
Ductile, sesimically-designed columns 0.05 + 0.24(1-1/)" [€r/0.05]*° [€e/0.05]>
Sliding bearings 0.20

Note: 1. u = displacement ductility factor

5.5.4. CAPACITY/DEMAND SPECTRUM

It is possible to combine the capacity curve represented by equation 5-9 (and figure 5-2) and the
demand spectrum represented by equation 5-19 (and figure 5-3) in a single plot. The result is
known as a capacity/demand spectrum. There are many possible uses for such a plot, one of
which provides capacity/demand ratios for a complete bridge subject to a given earthquake, and
the other calculates bridge response (F, A) to a given earthquake. Both applications are described
below. A step-by-step procedure is given in a subsequent section for the combination of both
applications. This is Method D1.

5.5.4.1. Calculation of Bridge Capacity/Demand (C/D) Ratios

Figure 5-4 shows a capacity/demand spectrum in which three limit states are identified on the

capacity curve. The displacements corresponding to these limit states are known and for the

purpose of illustration, might be as follows:

e Aisi =Ay (yield displacement).

e Ay =Ag, (displacement corresponding to a given plastic hinge rotation = 6, H = 0.02H for
0, = 0.02; values of 6, are given in sections 7.8.1 and 7.8.2 for a range of different column
limit states).

e Ars3 =Ny (available seat width at abutment or pier cap).

Corresponding to each of these limit states there is capacity coefficient CLs.

168




Cd A

1
I I

| | S
Pt sd
Ay Mg, Amax= N,

Figure 5-4. Capacity/demand spectra.

Also shown in the figure is a demand curve passing through each of the limit states. Equating Cg4
to CcLs (and S4 to Ars) at each limit state, and using equation 5-19a results in:

Cq =Ces (5-20a)

2
8 || ES | _ C.s (5-20b)
Ag || 2nB,

from which (ES,), =2nB, ICos A (5-21a)
g

The above result is applicable to bridges with long periods (T > Ts). By a similar process, it is
possible to show that for short period bridges (T < Ts),

(FaSs)Ls = Bs CeLs (5-21b)

Note that By and Bg vary from one limit state to another since they are displacement dependent
(table 5-4), but may be easily calculated because Arg is known for each limit state.

The left hand side of equation 5-21a or 5-21b is a measure of the size of earthquake that would
cause limit state LS to be reached. In other words, it is an indicator of the capacity of the bridge
expressed in terms of the size of earthquake required to reach that capacity. This measure may be
compared with the actual demand on the bridge using the same quantity, (F,S;) or (F,Ss),
expressed as a demand measure i.e., (F,S;)q or (F;Ss)4.

Accordingly, a capacity/demand ratio (r.s;) may be defined for each limit state (i) as follows:
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FS) .
I = ( (Fsll))f for T>T, (5-22a)
— (FaSS)LSi

Il = forT<T 5-22b
LSi (Fass)d S ( )

If ri5 > 1.5, the limit state is not likely to be reached and no remedial action is required.

If 1.0 < 15 < 1.5, the limit state may be reached and some remedial action may be required.
If 15 < 1.0, the limit state is likely to be reached and retrofit measures which increase
deformability or ductility capacity of the bridge should be considered. These measures might
include extending the seat widths at pier caps and/or abutments (to improve Ny), adding
restrainers (to increase kjand Fy), and jacketing columns (to improve M, and 0,,).

5.5.4.2. Calculation of Bridge Response

Capacity/demand spectra may be used to determine the response of a bridge with a known
capacity spectrum (C. vs A) during a given earthquake with a known demand spectrum

(Cq vs Sq). The difficulty, however, is that the final displacement is unknown and both the
capacity coefficient (C.) and the damping factor (Br) cannot be calculated in advance. Iteration is
therefore used, starting with an initial estimate for displacement and iterating until the assumed

value and the calculated value are in agreement. Basic steps in the method are listed below.

Step 1. Determine if the bridge has a long period of vibration by comparing the elastic period T
with T (figure 1-8). If not, go to Step 8 (procedure for short period bridges).

Procedure for long period bridges:

Step 2. Start iteration by setting A equal to the displacement of the bridge assuming elastic
behavior, and calculate ductility factor 1 (equation 5—15).

Step 3. Calculate the damping factor By using table 5-4.
Step 4. Calculate the capacity coefficient C, using equation 5-9.

Step 5. Set C4 = C, and solve for Sq in equation 5-19a.

2
ie., s, =| & || 25 (5-23a)
C. || 2nB,

Step 6. Compare Sy with value for A (see Step 2 or previous Step 6) and if in agreement, go to
Step 7. Otherwise set A = Sy, recalculate [, and go to Step 3.
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Step 7. Calculate forces in individual piers, bearings and foundations using A, and compare
sum with total lateral force on bridge (base shear) F, using F = C;W.

Procedure for short period bridges:

Step 8. Start iteration by setting A equal to the displacement of the bridge assuming elastic
behavior, and calculate ductility factor U (equation 5—15).

Step 9. Calculate the damping factor Bs using table 5-4.

Step 10. Calculate the capacity coefficient C, using equation 5-9.
Step 11. Calculate effective stiffness from Keir=C, W / A.

Step 12. From equation 5-19b, calculate C4 = F,Ss/ Bs,

Step 13. Calculate Sy from Sq = Cq W / Kefr and by substituting results from Steps 11 and 12

obtain:
S, = {A:| {Fa_ss} (5-23b)
C, || B

C

Step 14. Compare S4 with value for A (see Step 8 or value from previous Step 14) and if in
agreement go to Step 15, otherwise set A = Sy, recalculate p, and go to Step 9.

Step 15. Calculate forces in individual piers, bearings and foundations using A, and compare
sum with total lateral force on bridge (base shear) F, using F = C.W.

5.5.5. PROCEDURE FOR METHOD D1

The two above applications (sections 5.5.4.1 and 5.5.4.2) may be combined into a single
procedure as described in this section. Several checks are also introduced to assure that
assumptions made above (both explicit and implicit) are satisfied. This is Method D1.
The procedure has three parts:

Part A : Initialization and calculation of bridge capacity.

Part B : Calculation of C/D ratios.

Part C : Calculation of bridge response (F,A).

Each part is described below.
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PART A: Initialization and Calculation of Bridge Capacity

Step Al.

Step A2.

Step A3.

Step A4.

Step AS.

Step A6.

Step A7.

Step AS.

Obtain spectral ordinates (Ss and S;) and site factors (F, and F,) for the earthquake
under consideration from figure 2-2 and table 1-4. Calculate products F,Sg and F;S,.

Calculate transition period Ts (figure 1-8) between short period and long period
portions of the demand spectrum (see also equation 5-14).

Calculate weight of superstructure (W) and elastic stiffness (k;) in both the longitudinal
and transverse directions of the bridge. Estimate post-yield stiffness (k»).

Calculate elastic period of structure (T) in each direction (longitudinal and transverse)
using, for example, the uniform load method (section 5.4.2.1). Compare with Tg (Step
A2) and determine whether bridge falls in the short or long period portion of the
spectrum, in both directions.

If the bridge has a short period of vibration (Step A4), calculate elastic response from
Fe = F.Ss W and A, = Fo/k;. If the bridge has a long period (Step A4), calculate elastic
response from F; = F,S; W/ T and A, = Fer/k;.

Calculate Fy in each direction (longitudinal and transverse) from Fy, = % V,; where V,; is
calculated from (M,/H); for column i, and M,, is nominal moment capacity of the
column under axial gravity loads only. (See note 1, section 5.5.2.2.) This assumption
(about axial column loads) may be refined using the procedure in section 7.6.2, once
the overturning moments, due to earthquake loads acting through the superstructure, are
known.

Calculate Ay from A, = Fy/k;

Compare A (Step AS) with A,. If A;; > Ay, the bridge will yield. Proceed to Step B1. If
Ae1 < A, bridge remains elastic for earthquake described in Step Al. All C/D ratios are
greater than 1.0, and bridge response (Part C) is the same as that calculated in Step AS.
Set A= Aq, F =F¢ and go to Step C6.

PART B: Capacity/Demand Ratio Checks (r)

Step B1. Determine the number of limit states to be considered and estimate or calculate the

corresponding displacement(s) Ars, for each state.

Step B2. Calculate the capacity coefficient C,, at each limit state

Step B3. If bridge has a short period of vibration (Step A4), calculate the damping factor Bg, for

each limit state using table 5-4. If bridge has a long period (Step A4), calculate the
damping factor By, for each limit state using table 5-4.
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Step B4. Calculate the size of the earthquake corresponding to each limit state, using equations
5-21a and 5-21b as follows:

(ES,), =2nB, [CcLS ﬂ} for T > Ts (long period response)
g

(FaSs)Ls = BsCers for T < Ts (short period response)

Step BS. Calculate the C/D ratio for each limit state using equations 5-22a and 5-22b as follows:

E.S
L= ( (FV Sl))LS for T > Tg (long period response)
v1/4
F
= (%, S)LS for T < T (short period response)
(FaSS)d

Step B6. Examine the C/D ratios and for those values equal to, or close to, unity; analytically
explore potential retrofit measures that might lift these ratios above unity.

For example,if r s > 1.5, the limit state is not likely to be reached,
if 1.0 <15 < 1.5, the limit state may be reached, and some remedial action
may be required, and
if g < 1.0,the limit state is likely to be reached and retrofit measures
which increase the deformability or ductility capacity of the bridge should
be considered. These measures might include extending the seat widths at
pier caps and / or abutments (to improve Ny), adding restrainers (to
increase kjand Fy), and jacketing columns (to improve M, and 6,).

PART C: Bridge Response (F, A)

Step C1. Start iteration by setting A equal to the displacement of the bridge assuming elastic
behavior (A from Step AS5) and calculate ductility factor i (equation 5-15).

Step C2. Calculate the appropriate damping factor using table 5-4:
e By for T>Ts (long period bridges), and
e Bg for T <Ts (short period bridges).
Step C3. Calculate the capacity coefficient C, using equation 5-9.
Step C4. Calculate S4 using equations 5-23a and 5-23b:

e Sq=[g/C.] [FySi/2mB.]* for T>Ts (long period bridges), and
o Sy=[A/C.] [FiSs/Bs ] for T <Ts (short period bridges).
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Step C5. Compare Sq with the assumed A (Step C1 or previous Step C5) and if in agreement, go
to Step C6, otherwise set A = Sy, recalculate [, and go to Step C2.

Step C6. Calculate forces in individual piers, bearings and foundations using A, and compare
sum with total lateral force on bridge (base shear) F, using F = C.W.

5.5.6. RESTRICTIONS ON USE OF METHOD D1
The capacity spectrum method is restricted to bridges that:

1. Behave as single-degree-of-freedom structures, in both the transverse and longitudinal
directions, and

2. Have equal displacements (or nearly equal) at the tops of all the piers in both the transverse
and longitudinal directions, excluding piers with expansion bearings.

The first of these restrictions requires eligible bridges to have regular geometry and uniform
distribution of weight and stiffness, and to conform to the requirements of table 5-3.

The second of these restrictions means that the method is limited to bridges with superstructures
that either:

e Behave as nearly-rigid, in-plane diaphragms supported on seat-type abutments with bearings
that are either elastomeric or have restraints (keeper bars) that can be assumed to fail, or

e Be of uniform geometry and weight, have sufficient length that the abutments have little
influence on transverse response, and be supported on substructures of uniform stiffness.

In general, bridges which satisfy the following criteria will meet the equal-displacement
requirement:

e Span length should not exceed 60 m (200 ft).
e The ratio of the longest to shortest span lengths in frame should not exceed 1.5.

e The maximum skew angle should not exceed 30°, and the skew of adjacent piers or bents
should not differ by more than 5°.

e For horizontally curved bridges, the subtended angle of the frame should not exceed 20°.

e The ratio of maximum to mimimum pier stiffness should not exceed 2.0, including the effect
of foundation stiffness.

e The ratio of maximum to minimum pier lateral strength should not exceed 1.5.
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These requirements are more stringent than the first set and take precedence for the application
of Method D1. It is possible to check the equal-displacement requirement by an elastic analysis
using, for example, the uniform load method (section 5.4.2.1).

5.6. METHOD D2: STRUCTURE CAPACITY/DEMAND (PUSHOVER) METHOD
5.6.1. APPROACH

This more advanced procedure for calculating structure capacity/demand ratios is also known as
the nonlinear static procedure (NSP) or pushover method. As for Method D1, the NSP is a two-
step approach. First, it requires a displacement capacity evaluation using a pushover analysis.
Such an analysis considers each relevant limit state and level of functionality, including P- A
effects. Second, it requires a response spectrum analysis to assess the displacement demands on
the bridge.

5.6.2. DISPLACEMENT CAPACITY EVALUATION

The objective of a displacement capacity evaluation is to determine the displacement at which
the earthquake resisting members of a bridge reach their inelastic deformation capacity. Damage
states are defined by local deformation limits, such as plastic hinge rotation, footing settlement or
uplift, and abutment displacement. Displacements may be limited by a loss of capacity such as
the degradation of strength under large inelastic deformations, or P-A effects.

This evaluation should be applied to individual piers to determine their lateral load-displacement
behavior. It should be performed independently in both the longitudinal and transverse
directions, and should identify those components of a pier which are first to reach their inelastic
capacities. The displacement at which the first component reaches its capacity defines the
displacement capacity for the pier. The model used for this analysis should include all of the
components providing resistance, and use realistic force-deformation relationships for these
components, including abutments and foundations.

For piers with simple geometries (e.g., a single-column pier), the maximum displacement
capacity can usually be found by hand calculation, using an assumed plastic hinge mechanism
and a maximum allowable deformation capacity for the plastic hinges and foundations. If the
interaction between axial force and moment is significant, iteration will be necessary to
determine the capacity of the collapse mechanism.

For more complicated piers or foundations, displacement capacity can be evaluated by a
nonlinear static analysis, commonly referred to as a pushover analysis.

As noted above, evaluation of the displacement capacity is conducted on individual piers.
Although forces may be redistributed from pier-to-pier as the displacement increases and
yielding begins to occur (particularly so for bridges with piers of different stiffness and strength),
the objective of this evaluation is to determine the maximum displacement capacity of each pier.
This capacity is then compared with the results from an elastic demand analysis, which does
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consider the behavior of the bridge as a whole, and includes the effect of piers with different
stiffnesses.

The structural model used for the evaluation should be based on the expected capacities of the
inelastic components. The model for footings and abutments should include the nonlinear force—
deformation behavior, including uplift, gap opening and closing. Stiffness and strength
degradation of inelastic components, and the effects of loads acting through the lateral
displacement (P-A), should be considered.

The maximum displacement of a pier is achieved when a component reaches maximum

deformation. Maximum plastic hinge rotations for structural components are given in

section 7.8.2. The maximum deformation for foundations and abutments are limited by

geometric constraints on the structure.

Although this evaluation is based on monotonically increasing displacement, the effects of cyclic

loading must be considered when selecting an appropriate model and establishing a maximum

inelastic deformation. This includes strength and stiffness degradation and low-cycle fatigue.

5.6.3. DEMANDS

The uniform load method may be used for structures satisfying the ‘regularity’ requirements of

table 5-3. For structures not satisfying these requirements, the multi-mode spectral analysis

method of dynamic analysis should be used, or alternatively an elastic time history method.

These methods are described in section 5.4.2.

5.6.4. PROCEDURE FOR METHOD D2

Step 1. Determine the strength and deformation capacity for each pier of the bridge.

Step 2. For each pier, carry out a nonlinear static pushover analysis until the structural
displacement reaches the collapse limit state (limit state 5). Note the structural
displacements, A, at each of the limit states (i), namely at:

1. First yield,

2. Slight damage with cracking,

3. Moderate damage that is reparable,

4. Irreparable damage at the limit of life safety, and

5. Structural collapse.

Step 3. Determine the sum of the nonseismic displacement demands XAysg; for each of the load
combinations given in equations 6-1, 6-2, 7-1 and 7-2 of the Standard Specifications
(AASHTO, 2002), or table 3.4.1-1 of the LRFD Specifications (AASHTO, 1998).
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Step 4. Determine the response spectrum parameters, Sg and S; and site factors, F, and F,
(figure 1-8 and table 1-4). Perform an elastic dynamic analysis to determine the
seismic displacement demands, Agqgi, on each pier of the bridge. The analysis should
reflect the anticipated condition of the structure and the foundation during this
earthquake.

Step 5. Determine the capacity/demand ratio (rps;) for each limit state (i) from the following:

rLSi — (Aci Z:ANSdi) (5_24)
AEQdi
If ri5; > 1.5, the limit state is not likely to be reached and no remedial action is
required.
If 1.0 < 15 < 1.5, the limit state may be reached and some remedial action may be
required.

If ri5; < 1.0, the limit state is likely to be reached and retrofit measures which increase
deformability or ductility capacity of the bridge should be considered. These
measures might include extending the seat widths at pier caps and/or
abutments, adding restrainers, jacketing columns, and strengthening joints
and foundations as needed.

5.6.5. RESTRICTIONS ON METHOD D2

This method is a general approach and has few restrictions. However, the capacity analysis is
limited to a pier-by-pier evaluation which does not necessarily capture the capacity of the bridge
as a whole. On the other hand, comparison of results with those from nonlinear time history
analyses, shows this limitation is not signifcant for regular highway bridges. However, it would
be wise to check the performance of a complex bridge with the potential for substantial inelastic
behavior, or of a bridge of major importance, using a time history method and explict modeling
of bridge capacity, such as that described in the next section.

5.7. METHOD E: NONLINEAR DYNAMIC PROCEDURE
5.7.1. APPROACH

The nonlinear dynamic procedure (NDP) is also a two-step method. First, it requires an
assessment of the seismicity at the site along with the development of a suite of earthquake
ground motions (acceleration time histories) that represent this level of seismicity. The strength
and displacement capacity of all members expected to function in a nonlinear fashion needs to be
determined along with appropriate hysteretic rules to describe member behavior. Then, a
nonlinear dynamic time history analysis is conducted for each ground motion. The hysteretic
performance is evaluated and the expected limit state of the bridge assessed.

Nonlinear dynamic analysis provides displacements and member actions (forces and
deformations) as a function of time for a specified earthquake ground motion. A minimum of
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three ground motions representing the earthquake being considered, should be used in the
analysis. Each ground motion should include two horizontal components and one vertical. The
maximum response for the three ground motions should be used for evaluating performance. If
more than seven ground motions are used, the mean of the responses may be used.

5.7.2. PROCEDURE FOR METHOD E
Step 1  Determine the strength and deformation capacity for each member in the structure.

Step 2  Determine the response spectrum parameters, Sg and S;, and site factors, F, and F,
(figure 1-8 and table 1-4). Develop at least three earthquake acceleration time histories
with spectra that are compatible with the design response spectrum. Site-specific
ground motions may also be used, and these may be either derived from a site-specific
spectrum, or developed directly from the seismicity and geotectonics of the site.

Step3  Conduct a nonlinear dynamic time history response analysis for each of the ground
motions. Check the sensitivity of the results obtained to assumptions made in analysis,
such as the size of the time step used in the analysis.

Step4 Compare the seismic demands with the member capacities and determine the degree of
damage to the structure for both levels of earthquake. If the damage will be
unacceptable, devise retrofit measures and reanalyze the bridge to assess the
effectiveness of these improvements.

5.7.3. RESTRICTIONS ON METHOD E

This method is a general approach and has few restrictions. However, it requires considerable
computational effort and a significant level of skill is needed in interpreting the results. The
method is particularly useful for structures that have irregular geometry or large variations in
mass and stiffness properties. Preliminary solutions from simpler methods should always be
obtained before undertaking a nonlinear time history solution, to bound the results and check for
meaningful results.
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CHAPTER 6: GEOTECHNICAL MODELING AND CAPACITY
ASSESSMENT

6.1. GENERAL

The behavior of a bridge during an earthquake is strongly dependent on the stiffness and strength
of its foundation system, which includes the abutments and piers, footings, and piles. Dynamic
response is determined by these two parameters, which in turn influence the earthquake demands
on the bridge and the distribution of these loads to the structural and foundation components.

Because foundation retrofit work may be more costly than new construction, and often has to be
conducted under difficult site conditions, there are significant advantages to be gained if the
conservatism in normal foundation design can be minimized. To do this, a more detailed and
higher level of analysis is usually required than for a new design. This may involve developing
both a coupled linear stiffness-model for the foundation system to be used in elastic spectral
analyses, and a nonlinear load-displacement relationship for time history solutions. Nonlinear
solutions not only allow more rigorous models for stiffness to be used, but also permit the
beneficial effect of hysteretic damping and soil yield to be studied.

Acceptable bridge performance is usually determined by satisfying certain displacement limit
states (chapters 1 and 5). To verify that performance has been satisfied it may be necessary to use
the displacement-based procedures described in chapter 5. If so, the nonlinear load-deformation
characteristics of the foundation and the effects of mobilizing the ultimate capacity of the
foundation system should be included in the calculations. Such consequences could include
permanent foundation deformation. While transient foundation yielding will, in many cases,
reduce structural displacement demands and reduce both the structural and foundation retrofit
costs, permanent residual deformation needs to be very carefully assessed. To enable an
integrated model of the complete bridge to be developed for system evaluation, as described in
chapter 5, both linearized stiffness and foundation capacity models are needed. The nature and
development of these foundation models are described in section 6.2.

In addition to the earthquake-induced inertial loads on the bridge, ground displacement demands
may arise, due to liquefaction-induced lateral spreading or global instability of abutment slopes.
Such demands have led to bridge failures and significant structural damage in past earthquakes.
The problem entails both the estimation of the likely ground deformation, and the resulting soil-
foundation interaction to assess the displacement demands on the bridge. Procedures for
calculating such demands are discussed in section 6.3.

6.2. FOUNDATION MODELING
6.2.1. SOIL-FOUNDATION-STRUCTURE INTERACTION

The rigorous analysis of the dynamic response of a soil-foundation-bridge system in a fully-
coupled manner is complex and difficult (Pecker and Pender, 2000). If the soil is idealized as an
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elastic continuum, then a substructuring approach may be used. In this case, the problem is
separated into three steps:

Step 1. Analyze the influence of the stiffness and geometry of a massless foundation system on
the free-field ground motion, leading to modified structural input motions at the
foundation level (i.e., kinematic interaction).

Step 2. Analyze the frequency-dependent impedance characteristics of the foundation system
under cyclic loading, in the form of a foundation stiffness matrix.

Step 3. Analyze the inertial response of the structure to the foundation input motions (from
step 1), using the pile cap stiffness matrix to account for foundation compliance (i.e.,
inertial interaction).

Except for cases involving deep, and relatively stiff, foundations in soft soils and for large rigid
shallow foundations, the effect of kinematic interaction is normally neglected in practice, and the
foundation-input motions are assumed to be the same as the free-field motions. As a result, the
inertial interaction of a bridge with its foundation is the major focus of the material presented in
this chapter.

6.2.1.1. Shallow Footings

Procedures for evaluating soil-footing-bridge interaction have evolved over time from the theory
of continuum mechanics. Frequency-dependent stiffness and damping parameters for low
amplitude, machine-foundation vibration problems have been adapted to earthquake soil-
foundation-structure interaction (SFSI) problems'. But for practical modeling purposes, as
described in section 6.2.2.1, the frequency dependence of the stiffness parameters may be
ignored, and static or slow cyclic values for stiffness may be used instead. This is a reasonable
assumption considering the range of frequencies in earthquake ground motions. Similarly,
frequency-dependent radiation-damping due to wave propagation away from a footing is not
considered. For most footing sizes, radiation damping values are small and difficult to quantify
in a nonlinear soil.

In addition to developing secant stiffness parameters, the mobilization of the moment capacity of
the footing is of concern in many retrofit applications, and is addressed in section 6.2.2.1. For
practical modeling purposes, soil capacity may be evaluated assuming pseudo-static inertial
loading on a footing from the bridge above. This is a reasonable assumption, considering normal
factors of safety under static loading, the stiff or dense soils associated with spread footings, and
the difﬁczulties in determining phase relations between soil and foundation motions in a coupled
problem”.

! Mylonakis et al. (2002); Pecker and Pender (2000)
2 s
ibid
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6.2.1.2. Piles

Two distinct approaches to soil-pile-structure interaction under dynamic loading have been
developed. One approach evolved from slow cyclic (long period) lateral loading tests on piles
conducted in the 1970's, which were motivated originally by the need to develop pile design
criteria for offshore structures subjected to wave loading. These studies led to analytical
methods based on the use of nonlinear Winkler springs to model soil-pile interaction under cyclic
lateral and axial loading. The second approach evolved from other studies conducted in the
1970's, originally motivated by machine foundation vibration problems, where the problem was
driven by the need to develop frequency dependent stiffness and damping (i.e., impedance
functions), to determine resonant frequency and amplitude characteristics of supporting pile
foundations. In this approach, the model used was that of a vibrating mass supported by pile
foundations in an elastic continuum.

Elastic impedance functions for piles and pile groups have been studied by numerous researchers
and a large number of closed form analytical solutions are available’. Early research on this
subject was stimulated by the need to establish analysis methods for vibrating machine
foundations, where the higher frequencies of loading lead to radiation damping and foundation
stiffness is strongly frequency dependent. In addition, amplitudes of vibration are generally
small, and the assumption of an elastic soil is reasonable.

However, soil-pile interaction under larger earthquake-induced inertial loading can lead to
strongly nonlinear soil behavior, particularly in the vicinity of the pile interface, and the use of
the elastic approach becomes impractical for routine structural design under seismic loading.
Fortunately, given the relatively low frequency range of earthquake inertial loading and the
nature of representative pile foundation systems for bridges and buildings, stiffness functions are
essentially frequency independent and static loading stiffness values are a reasonable
approximation. In addition, the radiation damping component of energy loss arising from wave
propagation away from the foundation is considerably reduced at lower frequencies, particularly
in the presence of nonlinear soil behavior. Whereas fully coupled nonlinear solutions to the
seismic loading problem, using finite element methods, are theoretically possible and have been
used to a limited extent, the analytical complexity is daunting and impractical for routine design.

Given the complexity of nonlinear coupled models, the Winkler model, as represented by a series
of independent or uncoupled lateral and axial springs (linear or nonlinear) simulating soil-pile
interaction in the lateral and axial directions, provides the most convenient means of analyzing
the response of pile foundation systems to earthquake loading. The pile is modeled by beam-
column elements, supported by linear or nonlinear spring elements, and both kinematic and
inertial interaction effects may be included (Matlock et al., 1978, 1981). Free-field earthquake
ground motions determined from one-dimensional site response analyses may be used as
displacement input motions for the spring elements. The analysis method is embodied in the
computer program SPASM (Single Pile Analysis with Support Motion), as described by Matlock
et al. (1978), and applications to bridges have been developed” using this modeling concept.

? Novak (1991); Pender (1993); Gazetas and Mylonakis (1998); Pecker and Pender (2000)
* Lam and Law (2000); Gazetas and Mylonakis (1998)
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Whereas the effects of the kinematic interaction can be significant for some pile-soil
configurations (for example, larger diameter piles in soft soils or for sudden changes in soil
stiffness with depth), piles may be assumed to deform in a compatible manner within the free-
field. For such cases, free-field displacements are generally much less than those induced by
inertial interaction. Hence, it can be assumed that inertial interaction dominates pile foundation
response and that stiffness functions may be represented by values under static or slow cyclic
conditions with foundation input motions assumed to be near surface free-field motions. This
approach has had widespread application in the analysis of soil-pile-structure interaction
analyses (Martin and Lam, 1995) and forms the basis for the stiffness and capacity modeling
approaches described in section 6.2.2.2.

6.2.2. STIFFNESS AND CAPACITY OF FOUNDATION COMPONENTS

Load-deformation characteristics of foundations are required when the effects of foundations are
to be taken into account in Evaluation Methods D and E (Capacity Spectrum and Structure
Capacity/Demand Methods, and Nonlinear Dynamic Procedure), as discussed in chapter 5.
Foundation load-deformation parameters, characterized by both stiffness and capacity, can have
significant effects on both structural response and load distribution among structural elements.

Soil-structure systems for bridges can be complex in some cases, but for the purpose of
simplicity, four foundation types are considered below: shallow footing foundations, pile
foundations, drilled shafts, and abutments.

In addition to the load—deformation behavior of foundations being nonlinear, there are other
difficulties in determining soil properties and static foundation loads for existing bridges. To
account for the likely variability of the soils supporting the foundations, a best-estimate,
equivalent, elasto-plastic representation of the load-deformation behavior is recommended.

In general, soils have considerable ductility unless their stiffness and strength are significantly
degraded under cyclic action or large deformations. Degradable soils include cohesionless soils
that are expected to liquefy or build up large pore pressures, and sensitive clays that may lose
considerable strength when subject to large strains. Soils that are not subject to significant
degradation will continue to sustain load, but with increasing deformations after reaching
ultimate capacity. Such soils are necessarily assumed in the evaluation methods below.

If soils are susceptible to significant strength loss, due to either the direct effect of the earthquake
vibration, or the foundation loading on the soil caused by the earthquake, then improvement of
the soil should be considered or special analyses carried out to demonstrate that the loss of
strength does not result in excessive structural deformations.

Acceptable levels of foundation deformation are determined by the consequences of these
deformations on the structure, which in turn depend on the desired level of bridge performance.
However, it should be recognized that foundation yielding may be accompanied by progressive,
permanent foundation settlement or deformation during continued cyclic loading, but this
settlement will probably be less than a few inches where the static factor of safety exceeds 2.5 to
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3.0 (Martin and Lam, 2000). In general, foundation deformations will be small if the loads
transmitted to the foundation do not exceed the ultimate capacity of the soil. Recommended
procedures for determining the stiffness and capacity of various foundation types are given in
sections 6.2.2.1 through 6.2.2.4.

6.2.2.1. Shallow Bearing Footing Foundations

Force-displacement relationships for soil foundations allow the designer to include their
properties directly into the structural models used to determine earthquake response. Consider
the spread footing shown in figure 6-1 with an applied vertical load, P, lateral load, H, and
moment, M. The soil characteristics might be modeled as two translational springs and a
rotational spring, each characterized by a linear elastic stiffness and a plastic capacity. However
it is more common to use a Winkler spring model, acting in conjunction with the foundation, to
eliminate the rotational spring, as shown in figure 6-2 (NEHRP, 1997a, 1997b). Conversion to
Winkler springs uncouples the lateral action from the vertical and rotational actions. Springs with
elasto-plastic properties are the simplest to use and give adequate results in most cases. More
refined nonlinear models may be used if the importance of the project justifies it. A particular
feature of the Winkler spring model is that it can capture progressive mobilization of plastic
capacity during rotational rocking behavior relatively easily.

/ \ ksh

e Ko

Foundation Load Uncoupled Spring Model

Figure 6-1. Uncoupled elasto-plastic spring model for rigid footings.

ksh

Sl

Winkler Spring Model

Figure 6-2. Uncoupled Winkler spring model.
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Upper Bound

Lower Bound

Load

Deformation

Figure 6-3. Upper and lower bound approach to
define stiffness and capacity.

An upper and lower bound approach to defining stiffness and capacity is often suggested (as
shown in figure 6-3) because of the uncertainties in the soil properties and the static loads on the
foundations of existing bridges. Such an approach allows the sensitivity of the bridge to these
properties to be determined. In such a case, the range of uncertainty represented by the upper and
lower bounds should be jointly determined by the geotechnical and structural engineer.
Otherwise, a best-estimate value may be chosen.

6.2.2.1(a). Stiffness Parameters

Most shallow spread footings are stiff relative to the soil on which they rest, and for analytical
purposes, an uncoupled spring model as shown in figure 6-1 is sufficient. The three equivalent
spring constants may be determined using theoretical static solutions for rigid plates embedded
in an elastic medium. The solutions require knowledge of the average elastic modulus and
Poisson’s ratio of the soil in the vicinity of the foundation (say to a depth of 1.5 times the width
of the footing below the base of the footing). The shear modulus, G, for a soil is then given by:

G- E
2(1+v)

(6-1)

where E is the modulus of elasticity, and v is Poisson’s ratio (0.35 for unsaturated soils and 0.5
for saturated soils).

The initial or low strain shear modulus during cyclic loading, Gy, is given by
Go=1+? (6-2)

where v, is the shear wave velocity at small strains, ¥ is the weight density (unit weight) of soil,
and g is the acceleration due to gravity.

The initial shear modulus for granular soils may also be found from the normalized corrected
blowcount, (N)eo, and the effective vertical stress as follows (Seed et al., 1986):

184



G, =20,0003(N,),, \/o, in psf (6-3)

where:
(N1)so = blowcount normalized for 1.0 ton per square foot confining pressure and
60 percent energy efficiency of hammer,
o', = effective vertical stress in psf,
= Yd - Yw(d —dy),
Ve = total unit weight of soil,
Vv = unit weight of water,
d = depth of sample, and
dw = depth of water level.

Either equation 6-2 or 6-3 may be used to calculate the modulus Gy.

Most soils are very nonlinear, and the shear modulus decreases with increasing shear strain. The
large-strain effective shear modulus, G, can be roughly estimated on the basis of the anticipated
peak ground acceleration (PGA). For regions of low-to-moderate seismicity (F,S; <0.3), a value
of G =0.5 Gy is recommended, while for regions of moderate-to-high seismicity (F,S; > 0.5), a
value of G =0.25 Gy is suggested. Interpolation should be used for intermediate values of F,S;.

The uncoupled stiffness parameters may be obtained from theoretical solutions for a rigid plate
resting on a semi-infinite homogeneous elastic half-space. Tabular solutions are shown in tables
6-1 and 6-2 (Gazetas, 1991).

If the horizontal stiffness of the foundation is similar to, or less than, that of the bridge, the
foundation properties should be included in the demand and capacity analyses. However, many
foundation systems are relatively stiff and strong in the horizontal direction, due to the passive
resistance of the soils on the sides of footings and the friction beneath the footings and may be
several orders of magnitude greater than the bridge. In these cases, the foundations may be
considered fixed in the horizontal directions, and foundation rocking will have the greater
influence on bridge response.

If the foundation capacity is exceeded during an elastic analysis based on initial estimates of
foundation stiffness, softening will occur due to soil yield and it will be appropriate to reanalyze
the bridge with an estimate of the degraded equivalent linear values. When nonlinear pushover
analyses are used, initial estimates of elastic foundation stiffness should be used in conjunction
with capacity estimates.

6.2.2.1(b). Capacity Parameters

Soil yield, rocking, and uplift of rigid footings under earthquake-induced moment loading can
reduce the ductility demand in a bridge’. Accordingly, rotational yield could be allowed to occur

> Taylor and Williams (1979); Taylor et al., (1981)

185



Table 6-1. Surface stiffnesses for a rigid plate on a semi-infinite
homogeneous elastic half-space.

Stiffness Parameter

Rigid Plate Stiffness at Surface, K/

Vertical Translation, K,

GL [0.73+1.54[§j0'75}
(1-v) L

Horizontal Translation, Ky'
(toward long side)

GL [2 + 2.5(§j0.85]
(2-v) L

Horizontal Translation, K,
(toward short side)

0.85
GL [2+2.5(§j }—L{M(FEH
(2-v) L (0.75-v) L

Rotation, Kg,~
(about x axis)

0.25
G 1,078 (5 24+05 Ej
(1-v) B L

Rotation, Key'
(about y axis)

G o7 S(EJO'H
A=v) B

(Width) X

d
(Thicknessz[

Homogeneous Soil Properties
G,v

Section

1. Determine the uncoupled total surface
stiffnesses, K/, of the foundation element by
assuming it to be a rigid plate bearing at the
surface of a semi-infinite elastic half-space
(see above).

2. Adjust the uncoupled total surface stiffnesses,
K, for the effect of the depth of bearing by
multiplying by embedment factors (see Table
6-2), e;, to generate the uncoupled total

(Depth) embedded stiffnesses, K;

Ki =€ Ki,

Note: Ix, I, are moments of inertia of the footing about the x- and y-axes, respectively.

adapted from Gazetas, 1991

186




Table 6-2. Stiffness embedment

factors for a rigid plate on a

semi-infinite homogeneous elastic half-space.

Stiffness Parameter

Embedment Factors, e;

Vertical Translation, e,

0.67
2L +2B
110.0052(11138 || 15 0.2[ (& *28) 4
B L LB
Horizontal Translation, ey 0.4
(toward long side) oD \0% (D—dj16(L+B)d
1+0.15| — 1+0.52
B BL?

Horizontal Translation, e,

0.4

(toward short side oD \05 (D—dj16(L+B)d
[1+0.15(—j ] 1+0.52

L LB2
Rotation, egy ~0.20 0.50
(about x axis) 1+2.52g 1+§[E (Ej

B B \D L
Rotation, _
otation, e, VALY od 10 [ ¢ 080

(about y axis) 1+092 T 15 + T B

adapted from Gazetas, 1991

under earthquake loading, provided there is no serious loss of vertical load-bearing capacity and
the vertical settlements induced are small. Footing yield and uplift are permitted in the FEMA
273 guidelines for the seismic retrofit of buildings (NEHRP 1997a, 1997b) and illustrated in
figure 6-4.

In the absence of moment loading, the vertical load capacity of a rectangular footing (Q.) is
given by:
Q.=q.BL (6-4)

where q. is the ultimate strength of soil (capacity) per unit area, B is the footing width, and L is
the footing length.

If moment loads are present in addition to the vertical load, contact stresses become concentrated
at the edges of the footing, particularly as uplift occurs. The ultimate moment capacity, M, is
dependent on the ratio of the vertical load to the vertical capacity of the soil. Assuming a rigid
footing and that the contact stresses are proportional to vertical displacement and remain elastic
until the vertical capacity is reached, a factor of safety, F,, can be defined as follows:
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Figure 6-4. Idealized concentration of stress at edge of rigid footings subjected to
overturning moment.

=2 (6-5)
q

where q is the vertical load on footing (contact stress).

If F, is greater than 2, uplift will occur prior to plastic yielding of the soil, but if F, is less than or
equal to 2, the soil at the toe yields before uplift begins.

With these assumptions, the moment capacity of a rectangular footing may be expressed as:

M, = E(l—i] - E[ —i] (6-6)
2 q. 2 F

v

where P is the vertical load on footing, q equals P/BL, B is the footing width, and L is the length
of footing in direction of bending.

The nonlinear moment-rotation behavior generated by yield and uplift corresponding to this
model is illustrated graphically in figure 6-5.

Rocking behavior has several important consequences on the seismic response of a structure.
First, rocking results in a decrease in stiffness and lengthening of the fundamental period of the
bridge. This effect is amplitude dependent and very nonlinear. The result is generally a
reduction in the maximum seismic response as previously noted. Depending on the ratio of
initial bearing pressure to the ultimate capacity of the soil, significant amounts of energy may be
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Figure 6-5. Rocking of shear wall on strip footing.

dissipated by soil yielding. This behavior also can result in decreased ductility demand on bridge
piers.

When plastic yielding of the soil under the footings is permitted, the magnitude of accumulated
settlement, induced by the static vertical load, must be considered. Model tests and analytical
studies (Martin and Lam, 2000) suggest that, provided the initial static factor of safety, F,, is
greater than 2.5, expected settlements will be small (say a few centimeters or inches) and may be
acceptable for retrofit purposes.

Column shear forces are resisted by friction at the base and sides of footings and by passive
resistance at the face of the footing. For simplicity, it may be assumed that the maximum total
resistance develops at a deformation equal to two percent of the embedded depth of the footing.
For most cast-in-place concrete foundations, a value of interface friction of 80 percent of the
friction angle of the soil is appropriate for evaluating base and side friction. Classical earth
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pressure theory can be used to calculate the ultimate passive pressure capacity. A simplified
approach based on log spiral solutions for granular soils is shown in figure 6-6.

If foundation forces are calculated from an equivalent elastic analysis using the shear stiffness
parameters in tables 6-1 and 6-2, and they exceed the horizontal shear capacity of the footing, the
consequential yield may be approximated by reducing the stiffness parameters and reanalyzing
the bridge.

Soil Parameters S
Effective Unit WT ¥ N ¢
Shear Strength = ¢
Cohesion ¢ | ~lE
Friction angle ¢ al - 5
\ @ -
I Average Passive Pressure o, A\ 8 e 5
H on Pile Cap at Mid Depth Zm A\ e »
AY < \‘
1 \ \
\ A}
\ L Y
Passive Effective
Pressure Overburden
on Pile Cap Pressure
c,=Y2Z

Recommended Method for Passive Pressure Capacity

(I)  For Frictional Soil (¢ only):
Average Passive Pressure Capacity = K, 'Y‘Zm
Kp Based on Caquot & Kerisel for
Interface Friction Angle 8 =0.5¢

(I For Cohesive Soil ( ¢ only):
Based on Rankine Pressure Theory
Average Passive Pressure Capacity = ¥Y'Zm + 2 ¢

(Il For c and ¢ Soils:
Average Passive Pressure Capacity = K, Y'Z + 2c tan(45°+ #2)

Total Force Capacity on Pile Cap Per Unit Width
= Average Passive Pressure Capacity x Thickness of Cap (H)

Figure 6-6. Method for passive pressure capacity of footing or pile cap.
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6.2.2.2. Pile Footing Foundations

Pile foundations generally comprise pile groups connected to a footing or pile cap, with pile
diameters (normally driven piles) usually less than 0.6 m (2 ft) in diameter. These types of
foundations are the most typical and are found on a variety of bridge types, including those with
single-columns, multiple-columns, and wall piers. Connection details at the pile cap can also
vary from pinned to fixed conditions. In general, bridges that are stiff under lateral loading will
be more sensitive to foundation flexibility and the careful characterization of foundation stiffness
becomes more important in these circumstances. In other words, foundation stiffness should be
explicitly included when the foundation is flexible compared to the bridge, such as in soft soil
conditions, or in the transverse direction under walls and single-column piers.

The overall seismic response of a pile group foundation depends on the response of individual
piles under both axial and lateral loading and on the lateral response of the pile cap. The
stiffness and capacity characteristics of the various components are discussed below.

For the purpose of computing stiffness and capacity for analyses, the footing or pile cap is
normally uncoupled from the piles, and contributions from the two components are evaluated
separately. Based on centrifuge tests (Gadre, 1997), this appears to be a reasonable solution. The
stiffness and capacity of the pile cap in the lateral direction is normally much higher than the
contributions from the piles, while rotational stiffness and capacity is usually governed by axial
loading in the piles due to moments in the columns.

6.2.2.2(a). Pile Cap — Lateral Stiffness and Capacity

Because of the possibility of soil settlement, and the uncertain interaction between the footing
and the piles, contributions to soil stiffness and capacity from the footing’s base and side shear
are neglected. Hence the primary source of lateral resistance is the mobilization of passive
pressure on the vertical face of the pile cap. Maximum passive pressures can be computed using
the same procedure described for shallow footing foundations, as illustrated in figure 6-6. As the
ultimate capacity is reduced at small deflection values (about two percent of the embedment
depth), an initial elastic stiffness or lateral load-deflection stiffness may be defined using this
assumption. A softened secant stiffness may be used if displacement demands are greater than
this deflection value.

6.2.2.2(b). Pile-Head Stiffness — Lateral Loading

In practice, the lateral load-deflection characteristics of a pile are determined by a pushover
analysis, assuming a beam supported on Winkler springs that are characterized by nonlinear p-y
curves. This type of pseudo-static soil foundation interaction problem can be analyzed using a
variety of methods, including discrete beam-column and finite-element analyses. Various
authors have developed empirical deflection-dependent lateral soil resistance curves for sand and
clays based on small-diameter pile load tests. The most commonly used p-y curves are those by
Reese et al. (1974) for sands and by Matlock (1970) for clays. These curves should be linearized
to develop a consistent set of lateral, rotational, and coupled stiffness values, if a full, 6 x 6
stiffness matrix is used to represent the pile group in an elastic structural demand analysis (Lam
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et al., 1998). Programs such as LPILE (Reese et al., 1997) and FLPIER (Hoit and McVay, 1996)
may be used if a nonlinear load-deflection relationship for the pile-head is required, based on the
nonlinear p-y curves. However such curves are very sensitive to pile-head fixity conditions
(figure 6-7) and the value of the cracked section modulus for the piles.

In choosing an equivalent secant modulus for such curves for demand analyses, compatibility
with displacement demand, which would normally be less than a few centimeters or inches in a
strong earthquake, should be provided. However, given the many uncertainties in site
conditions, a simplified procedure to develop a linear stiffness for retrofit evaluations is
recommended below.

Lam and Martin (1986) found that lateral load-deflection characteristics representing the overall
stiffness of the soil-pile system is only mildly nonlinear because the elastic pile usually
dominates the nonlinear soil stiffness. Furthermore, the significant soil-pile interaction zone is
usually confined to a depth equal to the upper 5 to 10 pile diameters. Therefore, simplified
single-layer pile-head stiffness design charts are appropriate for lateral loading.

Single-layer linear design charts are presented in figures 6-8 to 6-11. These charts use a discrete
Winkler spring soil model in which stiffness increases linearly with depth, from zero at grade
level where the location of the pile-head is assumed to be located. A linear representation of
subgrade stiffness is a good first approximation to test data for pile-caps in both sand and clay
soil conditions. Two parameters may then be used to define this soil-pile system: the pile
bending stiffness, EI, and the coefficient of variation of the inelastic subgrade modulus, f, as
defined in equation 6-7:

f= (6-7)

Ey
z
where E; is the subgrade modulus (soil stiffness per unit length of pile) at a particular depth, and

z 1s the depth below grade.

Values of the coefficient f, which has units of force/unit volume, have been published for piles
embedded in sand carrying normal working loads®, as a function of corrected Standard
Penetration Test (SPT) blowcount or relative density (see figure 6-12). Values for piles in clay
soils are given in figure 6-13 (Lam et al., 1991). Average soil conditions for the upper five pile
diameters should be used when reading values from these charts, which are applicable for piles
up to 0.6 m (24 in) in diameter.

Given the coefficient f, and the bending stiffness of the pile, EI, lateral and rotational stiffness
can be read directly from the charts in figures 6-8 through 6-11 (Lam et al., 1991). Although the
charts assume no pile embedment, they do provide reasonable estimates of stiffness for shallow
embedments up to say 1.5 m (5 ft), in which case the soil above the pile top is neglected. An
additional set of design charts for piles with pinned heads (i.e., zero bending moment) is given in
figure 6-11. If the coefficient of variation in subgrade modulus, as shown in figures 6-12 and

® Terzaghi (1955); Murchison and O’Neill (1984)
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6-13, is used to derive the pile-head stiffness matrix from figures 6-8 through 6-11, the resulting
pile cap stiffness matrix is appropriate for cap deflections between 6 and 50 mm (0.25 and 2 in).

Deeper embedment increases the stiffness coefficients. Figures 6-14 through 6-16 give pile cap
stiffness coefficients for pile embedment depths of 1.5 m and 3 m (5 and 10 ft), based on a
subgrade modulus that increases linearly with depth. It can be seen from these figures that the
embedment effect on stiffness is larger for slender piles, and tends to diminish for stiffer piles.
The lateral stiffness is affected the most. For example, for a pile cap embedded in slightly
compact sand (f=2.7 MN/m’ [10 Ib/in’]), figure 6-14 shows an increase in embedment depth
from 0 to 1. 5 m (0 to 5 ft) can increase the lateral pile cap stiffness by 130 percent for rigid piles
and 230 percent for slender piles. For a depth increase from 0 to 3 m (0 to 10 ft), the stiffness
increases by 150 percent for rigid piles and 350 percent for slender piles.

These figures also illustrate that the effect of the embedment depth is greater in dense sands. For
example, for a 0.3 m by 0.3 m (12 in by 12 in) concrete pile (EI = 43 x 10° MPa [6.22 x 10° ksi])
embedded 1.5 m (5 ft), the lateral stiffness increases by a 160 percent in slightly compact sand
(f=2.7 MN/m’ [10 1b/in’]) and 260 percent in dense sand (f =270 MN/m’ [100 1b/in3]).

1200 T T T T T T T T T T T
g 800 Partially Restrained ]
©
©
o
9 -
©
2
©
— 400 —
Pile Diameter =1.2 m
Pile Modulus, E = 2.4 x 10" kPa
Pile Length, L=12 m
Soil Friction Angle, ¢ = 34° -
Coef. of Subgrade Modulus, f =16 MN/m?3
Reese’s p-y Criteria
0 ] ] ] ] ] ]
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Figure 6-7. Effect of boundary conditions on pile stiffness
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Figure 6-8. Lateral pile-head stiffness (fixed-head condition).
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Rotational Stiffness, K (in-Ib/radian)
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Figure 6-9. Rotational pile-head stiffness.
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Cross- Coupling Stiffness, Kgg (Ib)
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Figure 6-10. Cross-coupling pile-head stiffness.
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Lateral Stiffness for Free-Head Cond. (Ib/in)
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Figure 6-11. Lateral pile-head stiffness (free-head condition).
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6.2.2.2(c). Pile-Head Stiffness — Axial Loading

The axial stiffness of a pile head is generally assumed to be uncoupled from the stiffnesses in the
lateral and rotational directions. Axial load-displacement characteristics are also assumed to be
uncoupled from the lateral load-displacement behavior because much of the soil resistance to
axial loading comes from relatively deep elevations. As a result, these properties are relatively
insensitive to the characteristics of the shallower, soil-structure-interaction zone that influences
lateral loading. However, since the overall resistance to axial loading is derived along a
significant length of the pile (especially in the deeper soil strata), and the pile is under a
relatively large static dead load prior to the earthquake, a realistic determination of axial
properties requires an ability to account for heterogeneous soil layering as well as plastic
slippage in the upper part of the pile. As a result, linear, homogeneous analytical solutions
should not be used for axial loading calculations. Instead methods that account for both soil
layering and plastic slippage at the soil-pile interface should be used, such as the one described
below.

A graphical procedure that gives the axial stiffness coefficient and includes layering and slippage
(Lam and Martin, 1986), is illustrated in figure 6-17 for a 21.3-m (70-ft) long 0.3-m (1-ft)
diameter pipe pile embedded in sand with ¢ = 30° and consists of the following steps:

Step 1. Ultimate compressive capacity. Calculate the ultimate pile capacity from a site-
specific pile capacity analysis using conventional procedures for skin-friction and end-
bearing capacities for the different soil layers. When assigning values to the skin-
friction and end-bearing capacities, make allowance for the construction method (e.g.,
pre-drilling, driving), special conditions (e.g., consolidation due to surcharging,
corrosion), and dynamic soil behavior (e.g., cyclic strength degradation, soil
liquefaction).

Step 2. Rigid pile load—displacement curve. Develop the pile load-displacement curve based
on the estimated ultimate capacity and published skin-friction and end-bearing pile
displacement relationships. The resulting load-displacement curve in figure 6-17, which
was obtained from the sum of the skin friction and end-bearing capacities at each axial
displacement, will result in a pile-head load—displacement relationship for a pile that is
axially-rigid. This curve is a lower bound on the actual pile displacements.

Step 3. Flexible pile load-displacement curve. Calculate the axial displacement at the pile

head due to the compression of the pile under axial load but neglecting the surrounding
soil. This displacement is given by:

_QL i
8(: - AE (6 8)

where Q is the axial load, L is the length, and AE is the axial rigidity of pile.
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Step 4.

Obtain the flexible pile solution by adding J. from equation 6-8, to the rigid-pile load-
displacement curve in figure 6-17, at pile loads that correspond to the rigid pile load-
displacement curve. This curve is an upper bound on the actual pile displacements.

Actual load-displacement curve. As a first approximation, obtain the actual axial
load-displacement curve by averaging the curves from steps 2 and 3. The actual
solution is bounded by the rigid and flexible load-displacement solutions derived in
steps 2 and 3 and depends on the nature of the soil-pile system. Averaging the results is
a good place to start. For an end-bearing pile, the actual curve may be closer to the
flexible-pile solution. For a friction pile at small load levels, the upper portion of the
pile is compressed first, and thus the load-displacement curve will be closer to the rigid-
pile curve. At higher loads, slippage occurs along most of the pile and the solution
moves towards the flexible-pile curve.

300 T T
Total Pile ICapacity, Q, =278k
el | o
250
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3. I= QL/AE)
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Figure 6-17. Axial load-displacement graphical solution.
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Step 5. Axial pile stiffness. Calculate a value for the pile secant stiffness from the load-
displacement curve over the range of expected displacements, and use it to find the
equivalent axial stiffness coefficient for inclusion in the pile stiffness matrix. Expected
displacements may be found from the expected range of axial loads, which for a regular
highway bridge foundation would be in the range of 50 to 70 percent of the ultimate
pile capacity.

The above procedure may be used to obtain the corresponding uplift load-displacement curve by
ignoring end-bearing and using only skin-friction to evaluate capacity.

In an even simpler approximation, values for pile-head stiffness under normal loading (not
exceeding the capacity) may be expressed as a multiple of AE/L, with the constant, o, depending
on the relative amounts of skin friction and end bearing resistance that are mobilized (Gohl,
1993). For example, a value of o = 1 gives a lower bound to the stiffness (i.e. AE/L), and would
be appropriate for an end-bearing pile on rock with negligible skin friction. Values of o close to
2.0 would be reasonable for friction piles with negligible end tip resistance.

6.2.2.2(d). Pile Group Analysis

A group of piles may be modeled in a dynamic analysis of a bridge by either a series of
uncoupled springs or a fully coupled foundation stiffness matrix, as shown in figure 6-18. The
latter model is the most general and rigorous approach, and requires the determination of the
stiffness coefficients in a generalized 6 x 6 stiffness matrix for each pile. The matrix represents
the lateral and rotational (rocking) stiffnesses for and about the two horizontal axes, and their
cross-coupling terms. The vertical and rotational stiffnesses for and about the vertical axis, are
also included (Lam et al., 1998).

The buried pile cap represents an additional but very important component. As previously noted,
the pile cap is uncoupled from the piles to determine the lateral stiffness coefficients, which are
then added to the pile stiffness matrix. In many cases, the pile cap stiffness will be significantly
greater than the lateral stiffness of the pile group.

For a vertical pile group, the stiffness for the translational displacement terms (the two horizontal
and one vertical displacement terms) and the cross-coupling terms can be obtained by merely
multiplying the corresponding stiffness components of a single pile by the number of piles.
However, the rotational stiffness terms (the two rocking and torsional rotations) require
consideration of an additional stiffness component. In addition to individual pile-head bending
moments, a unit rotation at the pile cap will introduce displacements and corresponding forces at
each pile head (e.g., vertical forces for rocking rotation and lateral pile forces for torsional
rotation). These pile-head forces will work together among the piles and will result in an
additional moment reaction on the overall pile group. In most cases, the axial stiffness of the
piles will dominate the rotational or rocking stiffness of the group.

The above procedure does not account for ‘group effects’, which relate to the interaction

between closely spaced piles and the properties of the surrounding soil, particularly if nonlinear
behavior occurs. In general, pile spacings of less than three to five pile diameters are necessary
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Figure 6-18. Modeling approaches for deep foundations.

before the effects of pile interaction become significant in practical terms. Experimental data on
p-y multipliers for closely spaced piles in sand, indicate about a 20 percent loss for pile spacings
of three diameters’. Detailed discussion on group effects is given by Lam et al. (1998).

6.2.2.2(e). Pile Group Analyses — Moment-Rotation Capacity

The moment-rotation characteristics and the capacity of a pile footing depend on the following
factors:

e Configuration of the pile footing, including the number of piles and spatial dimensions, and
e Capacity of each pile for both compression and uplift loading.

This is illustrated in figure 6-19 by way of an example problem involving a typical pile footing
(Lam, 1994). The load-displacement curves for each individual pile in the pile group are shown
in figure 6-20. The pile is modeled as an elastic beam-column, and nonlinear axial soil springs
are distributed along the pile to represent the soil resistance in both compression and uplift. The
pile cap is assumed to be rigid. It can be seen from the figure that the ultimate soil capacities of
the pile for compression and tension are 800 and 400 kN (180 and 90 kips) per pile, respectively.
This assumes that the connection details and the pile member have sufficient strength to ensure
that the failure takes place in the soil. The pile is assumed to be 15 m (50ft) long, and have a
diameter of 0.3m (12in). It is a concrete pile, driven into a uniform medium sand, which has a
design load capacity of 400 kN (45 tons) per pile. The adopted ultimate capacity values (800 kN
[180 kips] compression and 400 kN [90 kips] uplift) are default values commonly assumed in
seismic retrofit projects for the 400 kN (45 ton) class pile. In the example, it is assumed that the
footing has been designed for a static factor of safety of 2.0, and the piles are loaded to 50
percent of the ultimate compression capacity before the earthquake.

" Brown et al. (1988); McVay et al. (1995)
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Figure 6-19. Pile footing configuration for moment-rotation study.

Figure 6-19 presents various capacity criteria for the pile footing. Under conventional practice,
the moment capacity of the pile footing would be 3,665 kNm (2,700 kip/ft). This capacity is due
to the assumption of a linear distribution of the pile reaction across the footing. The moment
capacity of 3,665 kNm (2,700 kip/ft) is limited by the ultimate compressive capacity value of the
most heavily loaded pile (800 kN [180 kip] per pile) while maintaining vertical equilibrium of
the overall pile group (i.e., for a static load of 4,800 kN [1,080 kips]). The lowest part of figure
6-19 presents the moment capacity that can be achieved from a nonlinear moment-rotation
analysis of the pile footing, in which the moment increases above the conventional capacity.
Nonlinear load-displacement characteristics of the pile are included to allow additional load be
distributed to the other less-loaded piles in the pile group. As shown, a maximum ultimate
capacity of 5,500 kNm (4,050 kip/ft), which is 50 percent above the conventional capacity, is
estimated by this nonlinear analysis.
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Figure 6-20. Axial load-displacement curve for single pile.

Figure 6-21 presents the cyclic moment-rotation solutions for the example discussed above. The
dotted line on the moment-rotation plot defines the monotonic loading path of the moment-
rotation relationship. Solutions for two uniform cyclic moment loads are presented: a lower
cyclic moment level of 3,665 kNm (2,700 kip/ft) corresponding to the conventional design
capacity, and a higher cyclic moment load of 5,500 kNm (4,050 kip/ft). As shown in the figure,
at the lower cyclic moment of 3,665 kNm (2,700 kip/ft), the moment-rotation characteristic is
almost linear, and both the moment-rotation characteristics and settlement will equilibrate to a
final value very quickly, i.e. within a few cycles of loading. However, at the higher cyclic
moment load of 5,500 kNm (4,050 kip/ft), progressive settlement of the footing is occurring and,
within about four cycles of loading, the footing settles almost 125 mm (5 in). The moment—
rotation relationship also indicates that some level of permanent rotation of the footing will likely
occur even if the load is symmetric between positive and negative cyclic moments. The potential
for the permanent rotation is associated with the change in the state of stress in the soil from a
virgin (unstressed) condition to the equilibrated state after cyclic loading, unloading, and
reloading. A similar analysis, using a static factor of safety of 3.0 (rather than 2.0)
corresponding to a dead load of 3,200 kN (720 kips), resulted in an ultimate moment capacity of
130 percent of the conventional capacity, and a reduced settlement of about 6 mm (0.25 in) under
loading cycles at the increased ultimate capacity level.

Considering the conservatism in the estimates of pile capacity (especially for compressive
loading), most existing pile footings probably have an static factor of safety for dead load greater
than 3.0. Hence, it can be speculated that, the potential for significant settlement or rotation of a
pile footing is not high, except on poor soil sites where cyclic degradation of soil strength can be
significant. Instead, the most likely cause of foundation failure will be some form of permanent
rotation of the pile group, if the size of the footing and the number of piles are inadequate.
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Figure 6-21. Cyclic moment-rotation and settlement-rotation solutions.
6.2.2.3. Drilled Shafts

Drilled shafts are large diameter piles (normally greater than 600 mm [2.0 ft] in diameter) that
are used to support high axial loads and overturning moments. They are constructed by drilling,
or auguring, a hole in the ground, which may then be lined to support the sides of the excavation.
When drilling is complete, a reinforcement cage is placed and the cavity filled with concrete.
Because installation is straightforward, with minimum disturbance to the site, and they have high
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load carrying capacity, drilled shafts are often advantageous over conventional small diameter
piles for many bridge configurations.

The analysis and design of a drilled shaft is, for the most part, similar to that for a conventional-
driven pile. Important differences exist, however, due to installation procedure, larger diameter,
and a small length-to-diameter ratio compared to typical smaller driven piles. Also, for bridges,
the structural arrangement of drilled shaft foundations can be different from that of a more
conventional foundation. Most bridges supported on drilled shafts are pile-extension type
structures involving a single shaft, rather than a group of shafts, as in the case of driven piles.
The lateral loads that act on the bridge deck are resisted by the induced shear and bending
moment on the drilled shafts, and the overall bridge response is relatively insensitive to axial
effects in contrast to pile footings. Where a drilled shaft foundation system consists of a single
shaft supporting a column, compressive and uplift loads on these shafts during seismic loading
will normally be within limits of load factors used for gravity loading. However, checks should
be performed to confirm that any changes in axial load do not exceed ultimate capacities in uplift
or compression. In contrast to driven piles in a group, no reserve capacity exists for a single
shaft; i.e., if ultimate capacity is exceeded, large deformation can occur. For a pile-extension
type structure, the cross-coupling between the lateral and rotational stiffnesses is significant and,
therefore, an uncoupled foundation spring model is not appropriate and a cross-coupled matrix
formulation should be used instead.

Various studies (Lam et al., 1998) have found that conventional p-y stiffnesses derived for driven
piles are too low (soft) for drilled shafts. This stiffer response is attributed to a combination of
higher unit side friction, base shear at the bottom of the shaft, and the rotation of the shaft. The
rotation effect is often implicitly included in the interpretation of lateral load tests, as most lateral
load tests are conducted in a free-head condition. A scaling factor to stiffen the p-y curves equal
to the ratio of shaft diameter to 600 mm (2.0 ft) is generally applicable (Lam et al., 1998). The
scaling factor is applied to either the linear subgrade modulus or the resistance value in the p-y
curves. This adjustment is thought to be also dependent on the construction method.

A drilled shaft may be represented by an equivalent cantilever beam in a dynamic analysis. The
beam is founded at a point of fixity, which is located by matching the beam stiffness to that of
the shaft (Lam et al., 1998). If a static pushover analysis is to be used for capacity evaluations, a
p-y curve analysis approach will provide more reliable estimates of moment and shear
distribution and the location of the depth to fixity may need to be revised.

Because the elastic modulus and effective cross-section of a concrete pile change with strain, the
flexural rigidity changes with applied load level. For large diameter concrete piles, minor
cracking develops at a relatively small moments and effective section properties should be used
when evaluating pile stiffness. In the absence of detailed information regarding steel
reinforcement and applied axial load, equivalent properties for the cracked section can be taken
at 50 percent of those for the uncracked section. This will be sufficiently accurate for most pile
analyses.

The depth of maximum moment for a drilled shaft will often be located 2 to 3 diameters below
the ground surface for dense and loose soils, respectively, if the shaft diameter and stiffness are
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the same as the column (Lam et al., 1998). For a cracked section with flexural rigidity equal to
50 percent of the uncracked section, the depth to the maximum moment is shallower, being on
the order of 1.5 to 2 diameters.

For most piles, the boundary conditions at the pile tip do not affect the pile performance because
they are sufficiently far from the structure and the piles can be considered as infinitely long piles
when the pile length is larger than 3 times a characteristic length, A, defined as (Lam et al.,

1998):
A= ﬂ 0.25
E

S
where EI,, is the flexural rigidity of the pile, and E; is the subgrade modulus of the soil.

For large diameter shafts, it is important to check the pile length, especially for soft soil
conditions, to determine the need to include the boundary conditions at the pile tip in the
analyses. Lower lengths are acceptable if the drilled shaft provides sufficient lateral stiffness.
Lateral load analyses using programs such as LPILE or the FHWA program COM624P would be
needed for such determinations.

In many instances, concrete pavement or traffic barriers are constructed around drilled shafts at
the ground level. Unless a gap is maintained around the shaft, the pavement can provide lateral
support to the pile, which may in turn influence the pile-head stiffness.

6.2.2.4. Abutments

Abutment walls and wingwalls can play a very beneficial role in the performance of a bridge
during an earthquake, because the back fills behind these walls can resist large inertial loads and
thus reduce ductility demands elsewhere in the bridge. The extent of this reduction depends on
the structural configuration (e.g. simple or continuous spans), load-transfer mechanism from the
bridge to the abutment system (e.g. integral or seat type abutments), effective stiffness and force
capacity of the wall-soil system, and the level of acceptable damage to the abutment that is
consistent with the performance criteria. The capacity of the abutments for the inertial load is
determined by the structural design of the abutment wall and the shear keys, if any, as well as the
resistance of the soil that can be mobilized.

6.2.2.4(a). Abutment Capacity — Longitudinal Direction

Under earthquake loading, the earth pressure action on abutment walls changes from a static
condition to one of two possible conditions, depending on the movement of the abutment walls,
the bridge superstructure, and the bridge/abutment configuration.

For seat-type abutments where the expansion joint is sufficiently large to accommodate the
movement between the abutment wall and the bridge superstructure (i.e., the superstructure does
not strike the wall), the earthquake-induced earth pressure on the abutment wall will be the active
pressure condition. However, when the gap at the expansion joint is too small to accommodate
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the relative movements, there will be a transfer of forces from the superstructure to the abutment
wall. As aresult, the active earth pressure condition is no longer valid and the earth pressure
behind the wall approaches a passive pressure condition due to loading from the bridge
superstructure.

For integral or diaphragm abutments as shown in figure 6-22, the abutment stiffness and capacity
under passive pressure must be defined as described below.

However, for high, seat-type abutment walls, earthquake-induced active earth pressures will
continue to act below the backwall if the backwall fails. These active pressures need to be
considered in checking wall stability. In these circumstances, backwall failure may be a desirable
condition so as to avoid backward tilt of the wall. This technique is commonly deployed for new
design and for the same reason, the backwalls of existing abutments might be modified to
encourage their ‘early’ failure. This retrofit measure is strongly recommended for bridges in
Seismic Hazard Levels IIT and V.

—

(= - |-

On Piles On Spread Footing Strutted Rigid Frame
Integral
BN
Cantilever Stub
Seat-type

Figure 6-22. Abutment types.
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For Seismic Hazard Levels III and IV, the resistance due to passive pressure in the soils behind
the abutment walls, will usually be mobilized by large longitudinal superstructure displacements.
For design purposes, static passive pressures may be used without reduction for inertial loading
effects in the abutment backfill. The passive pressure zone that is mobilized by the displacement
of the abutment, extends beyond the active pressure zone normally adopted for static service-
load design, as illustrated schematically in figure 6-23. Hence, the soil properties (compressive
strength, ¢, and internal friction angle, ¢) in the zone will control passive pressures.

Abutment stiffness and passive pressure capacity should be characterized by a bi-linear
relationship as shown in figure 6-24. For seat-type abutments, knock-off backwall details should
be used with superstructure diaphragms that are designed to accommodate passive pressures.
Passive pressures may be assumed uniformly distributed over the height of the backwall or
diaphragm. Thus, the total passive force per unit length of wall, P,, is:

Pp=pyH (6-9)

where p, is the passive pressure behind the backwall, and H is the wall height.

Approach Slab \/ Active Pressure Zone

Granular ///\\\
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Figure 6-23. Design passive pressure zone.
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Figure 6-24. Characterization of abutment capacity and stiffness.

6.2.2.4(b). Calculation of Best-Estimate Passive Force, P,

If the strength characteristics of compacted or natural soils in the passive pressure zone (total
stress strength parameters ¢ and ¢) are known, then the passive force for a given height, H, may
be calculated using accepted procedures. These procedures should account for the interface
friction between the wall and the soil. (A conservative value equal to 50 percent of the friction
angle of the backfill adjacent to the wall is recommended.) The strength properties used shall be
indicative of the entire passive pressure zone as indicated in figure 6-23. Therefore, backfill
properties adjacent to the wall in the active pressure zone may not be appropriate.

If default passive pressures are to be used for design, then the following values might be used:

1. For cohesionless, non-plastic backfill (fines content less than 30 percent), the passive
pressure, p,, may be assumed equal to H/10 MPa (H in meters) or 2H/3 ksf (H in feet).

2. For cohesive backfill (clay fraction > 15 percent), the passive pressure, p,, may be assumed
equal to 0.25 MPa (5 ksf) provided the estimated unconfined compressive strength is greater
than 0.20 MPa (4 ksf).

Alternatively, the approximate approach shown in figure 6-6 may be adopted.

6.2.2.4(c). Abutment Stiffness — Longitudinal Direction

For integral or diaphragm abutments, an initial secant stiffness, K¢ as shown in figure 6-24,
may be calculated as follows:

Ketn = b (6-10)
0.02H
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where it is assumed that the displacement Der where P, is mobilized equals 0.02H.

If computed abutment forces exceed the capacity, the stiffness should be reduced iteratively
(Kefr1 to Kegrn) until abutment displacements are consistent (within 30 percent) with the assumed
stiffness. For seat-type abutments, the expansion gap should be included in the calculation of
secant stiffness. Thus:

P

_ p _
Ko = (0.02H + D, (&-11)

where Dy is the gap width.

Where nonlinear or pushover analyses are conducted, values of P, and the initial estimate of Ker
should be used to define the bilinear load-displacement behavior of the abutment for the
assessment of capacity.

For partial- or full-depth seat abutment walls, where knock-off backwalls are activated, the
design of the remaining portion of the wall, and a stability check under the action of continuing
earthquake-induced active pressures, should be evaluated. For the ‘no collapse’ performance
criteria, and assuming conventional cantilever retaining wall construction, horizontal wall
translation under dynamic active pressure loading is acceptable. However, rotational instability
may lead to collapse and thus should be prevented.

The design approach is similar to that of a free-standing retaining wall, except that lateral forces
from the bridge superstructure should be included in equilibrium evaluations, as the
superstructure moves away from the wall. Earthquake-induced active earth pressures should be
computed using horizontal accelerations that are at least equal to 50 percent of the site peak
ground acceleration, which assumes that limited sliding of the wall has occurred during the
earthquake. A limiting equilibrium condition should be checked in the horizontal direction. To
ensure safety against potential overturning about the toe, a restoring moment of at least 50
percent more than the overturning moment should exist. If necessary, wall design (initially
based on a static loading condition) should be modified to meet the above condition.

For the case of seismic active earth pressures, the Mononobe-Okabe equations are often used.
These are based on Coulomb failure wedge assumptions and a cohesionless backfill. For high
accelerations and/or for backslopes, these equations lead to excessively high pressures that tend
to infinity at critical acceleration levels or backslope angles. For the latter conditions, no real
solution to the equations exist, implying that equilibrium is not possible (Das, 1999). For
example, in a horizontal backfill of sand with a friction angle of 40 degree, a wall friction of 20
degrees, and a peak acceleration of 0.4g, the failure surface angle is 20 degrees to the horizontal.
For a peak acceleration of 0.84g, the active pressure becomes infinite, implying a horizontal
failure surface.
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Figure 6-25. Trial wedge method for determining critical earthquake-induced active
forces.

Clearly, for practical situations, cohesionless soil is unlikely to be present for a great distance
behind an abutment wall and encompass the entire failure wedge under seismic conditions. In
some cases, free-draining cohesionless soil may only be placed in the static active wedge (say at
a 60° angle) with the remainder of the soil being cohesive embankment fill or even rock. Under
these circumstances, the maximum earthquake-induced active pressure should be determined
using trial wedges as shown in figure 6-25, with the strength on the failure planes determined
from the strength parameters for the soils through which the failure plane passes. This approach
will provide more realistic estimates of active pressure.
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6.3. GROUND DISPLACEMENT DEMANDS ON FOUNDATIONS
6.3.1. SOURCES OF DEMAND

The two principal sources of ground displacement demands on foundations are due to ground
settlement and lateral spreading during liquefaction. Both are discussed below.

6.3.1.1. Earthquake-Induced Settlement

Procedures for calculating the magnitude of earthquake-induced settlement in both saturated and
unsaturated sands are described in section 3.3 and appendix B, and are based primarily on the
Tokimatsu and Seed (1987) procedures. A methodology for estimating settlements of highway
embankment fills is also available in Part 2 of this manual.

Settlements should be estimated for each foundation component. However, the force demands
on the bridge due to settlement will be a function of size of the relative settlement between
adjacent piers and/or abutments, and the flexibility and/or articulation of the bridge.
Displacement demands will determine collapse potential due to the possible unseating of the
superstructure. The minimum seat widths defined in equations 5-1a and 5-1b, include an
allowance for possible ground rotation due to settlement, which may lead to unseating at the top
of the pier. Computed demands on the seats, due to footing rotation, should be checked against
these minima. Additional demands due to lateral spreading are discussed in the following
section.

Even though collapse may have been prevented due to adequate seat widths, differential
settlements may adversely affect performance criteria, and these should be assessed against
recommended tolerable limits.®

6.3.1.2. Liquefaction-Induced Lateral Spreads

Large rigid-body movements of abutments and piers (both sliding and tilting) can occur when a
bridge site liquefies and lateral spreading takes place. Such movements may cause catastrophic
damage to the piers and foundations and/or unseat the superstructure.

The Magsayay Bridge was damaged in the 1990 Luzon, Philippines earthquake due to
liquefaction (Hall and Scott, 1995). Figure 6-26 shows the collapse mode of four simply
supported spans, which was caused by about 2 m (6.5 ft) of lateral spread at the west abutment.
As the east abutment did not move, it is possible that a continuous deck may have prevented
collapse due to strut action.

¥ Cooke and Mitchell (1999); Part 2 of this manual
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Figure 6-26. Sketch of Magsaysay bridge showing earthquake damage.

Liquefaction also occurred at the Landing Road Bridge during the 1987 earthquake in
Edgecumbe, New Zealand (Berrill et al., 1997). In this case, the approach spans over the
riverbank were supported on concrete wall piers founded on battered prestressed concrete piles,
as shown in figure 6-27. Liquefaction-induced lateral spreads in the liquefiable sand layer were
of the order of 2 m (6.5 ft). Back analyses and observations from site excavations indicated that
the piles successfully resisted the passive pressures mobilized against the piers, although cracks
in the piles suggested that plastic hinges were on the verge of forming, as shown schematically in
figure 6-27.

In the 1995 earthquake in Kobe, Japan, widespread liquefaction occurred and field investigations
using borehole cameras and slope indicators showed that failures of piles in lateral spread zones
were concentrated at the interfaces between liquefied and non-liquefied layers, as well as near
pile heads. Lateral pile analyses using p-y interface springs together with pile deformations
induced by estimated ground displacement profiles were consistent with observed pile
performance, as can be seen in figure 6-28 (Tokimatsu and Asaka, 1998).

When the potential for liquefaction is identified and significant lateral spreading is expected, the
ability of the bridge to accommodate these movements needs to be assessed. This may require a
soil-foundation-structure-interaction analysis to be performed. If the bridge is unable to meet the
required performance criteria, retrofitting will be necessary assuming it is not feasible to relocate
the bridge to a less vulnerable site. Two retrofit options may be considered:
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1. Retrofit the foundation / bridge structural system to accommodate the estimated ground
movements. This may involve strengthening the foundation system and providing
articulation in the superstructure to accommodate the movements. The cost of this work may
be compared with the cost of the ground remediation option below.

2. Remediate the site to prevent liquefaction or minimize ground displacement demands. Such
methods are also discussed in chapter 11.
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Figure 6-28. Site and damage characteristics for a precast concrete pile subjected to a
lateral spread in the Kobe earthquake.

6.3.1.3. Slope Stability

The potential for earthquake-induced slope failures or landslides next to a bridge (where
landslide debris could damage the structure) or due to the instability of the bridge site itself
should be evaluated. Such failures may occur in rock or soil slopes, and may take the form of a
major landslide or limited slope movement. Methods of stability analysis and retrofit measures
are briefly summarized in chapter 11. Liquefaction-induced instability is addressed in section
6.3.1.2.
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CHAPTER 7: STRUCTURAL MODELING AND CAPACITY
ASSESSMENT

7.1. GENERAL

As noted in section 1.11 and again in chapter 5, bridge evaluation is essentially a two-part
process. A demand analysis is first required to determine the forces and displacements imposed
on a bridge by an earthquake. This is followed by an assessment of the capacity to withstand the
demand. This process is illustrated in figure 7-1. If the bridge has the capacity to withstand the
demand, retrofitting is not required, but if the capacity is less than the demand, a decision needs
to be made as to the extent of retrofitting that will be undertaken. Many evaluation methods
express their results as capacity/demand ratios; a ratio less than one indicates a need for
retrofitting.

Five evaluation methods (A - E) are presented in chapter 5, and several demand analysis methods
are also discussed. This chapter continues this discussion with sections on load path, bridge
modeling (stiffness, mass and damping), and combination of seismic force effects.

The remainder of this chapter describes methods for assessing the strength and deformation
capacities of bridge members (principally columns) for use in the evaluation methods described
above. The focus is on individual member behavior. Chapter 5 describes how this information is
used to assess the overall capacity of a bridge (Methods D1, D2 and E).

In some instances, preset rules are given as a pragmatic way of providing the required member
properties that are necessary for both capacity and demand analyses for an entire bridge. Where
simplified rules are given, it is with the intent to be reasonably (but conservatively) accurate and
simple (and thus economical) to apply. For new or unusual situations not covered by these
guidelines, member behavior models should be verified by experimental studies.

7.2. LOAD PATH FOR LATERAL FORCES

For a bridge to survive a major earthquake without collapse, a clear and straightforward load
path must exist from the superstructure (where the inertia forces act) to the substructure and
foundations. Furthermore, all members and components, including connections, in that load path
must be capable of resisting the imposed forces and deformations. These members and
components include slab-to-beam connections, beam flanges and webs, diaphragms, cross-
frames, bearing assemblies, anchor bolts, masonry and sole plates, columns, abutments, footings
and foundations.

Members and components in the load path form an earthquake resisting system in which the load
is attracted to each element, and its performance is determined by the strength and stiffness
characteristics of other elements in the path. Past earthquakes have shown that, when one of
these elements responds in a ductile manner, or allows movement, damage is limited. Most
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Figure 7-1. Evaluation methods for existing bridges showing relationship between demand
analysis and capacity assessment.

222



retrofit approaches deliberately introduce ductility into selected substructure members (usually
columns) for this reason.

Elastic methods of analysis may be used to calculate the forces in the load path; but if extensive
yielding occurs, the actual distribution of forces may be quite different from that calculated. A
more refined distribution may be found by calculating the forces in the columns and other
substructure elements assuming a sufficient number of hinges have formed to allow a collapse
mechanism to develop. Superstructure forces are then calculated from the substructure values,
including an allowance for overstrength (section 7.6).

However, in lieu of this, the simpler elastic distribution of forces may be used, so long as the
applied forces are in equilibrium with the inelastic substructure forces. The eccentricity of the
superstructure inertia force from the center of substructure resistance should be considered in this
analysis.

The analysis and seismic evaluation of the diaphragms and cross-frames should consider
horizontal supports at an appropriate number of bearings. Slenderness and connection
requirements of bracing members that are part of the lateral force resisting system should comply
with the recommendations given for main members.

Elements not in the seismic load path will also deform during an earthquake, and should be
checked to ensure they have sufficient capacity to maintain their load resistance.

In lieu of refined analysis, a conservative load path should be assumed. For example, in bridges
with concrete decks that provide horizontal diaphragm action, or with a horizontal bracing
system in the plane of the top flange, the lateral loads applied to the deck may be assumed to be
transmitted directly to the bearings through the end cross-frames. The development and analysis
of the load path is then similar to that used for wind loading.

Where the bridge deck cannot provide horizontal diaphragm action and there is no lateral bracing
in the plane of the top flange, lateral loads applied to the deck should be distributed through the
intermediate cross-frames to the bottom lateral bracing or the bottom flange, and then to the
bearings under the end cross-frames, in proportion to their relative rigidity and the respective
tributary mass of the deck.

A continuous load path is necessary for the transmission of the superstructure’s inertial forces to
the substructure. Concrete decks have significant rigidity in their horizontal plane, and in short-
to-medium span slab-on-beam bridges, their response approaches rigid body motion. Therefore,
the lateral loading of the intermediate cross-frames is minimal, consisting primarily of local
tributary inertia forces from the beams themselves.

It is unlikely that all bearings will see their peak load simultaneously, particularly in the
transverse direction. Uneven engagement of side-bar restraints in steel bearings is likely to occur
and, if so, some bearings will attract high concentrations of transverse load and others will see
negligible loads. Member loads within the cross-frames will then be significantly different from
those assumed, and this redistribution should be considered when evaluating cross-frame
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members. For the same reason, caution should be exercised when evaluating bearing details
including transverse restraints and anchor bolts. This problem is less likely to occur with
elastomeric bearings that are bolted to their masonry and sole plates.

7.3. MODELING RECOMMENDATIONS FOR BRIDGE STRUCTURES

Mathematical models used for dynamic analysis should include the strength, stiffness, mass, and
energy dissipation characteristics of the structural members and components of the bridge.

Depending on the method of dynamic analysis, different approximations may be used for
modeling these quantities. One-dimensional, beam-column members are sufficient for the
earthquake analysis of most regular bridges,' and grid or finite element models are usually not
necessary. Joint size should be included in these models. The advantage of these simple models
(sometimes referred to as spine models or stick models) is that they permit rapid interpretation of
results and a quick check on load path and equilibrium.

Irregular bridges' include those with skew and horizontal curvature, and three-dimensional
models should be used in these cases to more carefully represent the load path, particularly at
piers and abutments. Short columns or piers may be modeled as a single element, but tall
columns should have two or more elements. This is particularly true if the piers have significant
mass as in the case of a concrete bridge, or are framed systems as in the case of a steel tower.

It is not necessary to model bridges with multiple segments as one complete bridge. Each
segment (also called a longitudinal frame or simply a frame) should have sufficient capacity to
resist the inertial loads generated within that segment and may be analyzed as a freebody or
stand-alone structure. However when the segments have large differences in their modal periods,
out-of-phase motion may occur and the frames may adversely interact with each other, causing
impact and/or unseating at the hinges.

To account for these effects, the number of segments that should be included in a model depends
on the ratio of the fundamental periods. For bridges in which the period ratio of adjacent frames
is less than 0.70 (shorter period divided by longer period), it is recommended that the model be
limited to five frames. The first and fifth frames in the model are considered to be boundary
frames, representing the interaction with the remainder of the structure. The response of the
three interior frames can then be used for evaluation. For bridges with frames that have period
ratios between 0.70 and 1.0, less than five frames may be used in the model if desired. For a
bridge with more than five frames, several different models are required to be analyzed.

Response of a bridge in two orthogonal horizontal directions should be determined in the seismic
analysis and the results combined to determine demand forces and deformations (see
section 7.4).

If the bridge is located within 10 km (6 mi) of a known active fault, the response in the vertical
direction should also be determined and combined with the horizontal response. These bridges
should also be subjected to a site-specific study to determine both the horizontal and vertical

' Regular and irregular bridges are as defined in AASHTO, 1998 and 2002.
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ground motions for use in the above analyses. Explicit analysis for vertical motions need not be
carried out for regular bridges located more than 10 km (6 mi) from an active fault. For irregular
bridges, such as those with long flexible spans, C-shaped piers, or with other large eccentricities
in the load path for vertical loads, an analysis in the vertical direction should be included (see
section 7.5).

7.3.1. DISTRIBUTION OF MASS

Modeling the mass of a bridge should consider the degree of discretization and the expected
motion during an earthquake. The number and location of the displacement degrees of freedom
in a bridge model determine the way mass is represented and distributed throughout the
structure. As most of the mass of a bridge is in the superstructure, four to five elements per span
are generally sufficient to represent the superstructure. For spine models of superstructures, the
beam elements have the same neutral axis as the superstructure and rigid links are then used to
locate the mass centroid relative to the neutral axis of these elements.

For single column piers, C-shaped piers, or other unusual configurations, the rotational mass
moment of inertia of the superstructure about the longitudinal axis should be included.

The inertia of live loads need not be included in the seismic analysis. However, the probability
of a large live load being on the bridge during an earthquake should be considered when
evaluating bridges with high live-to-dead load ratios, including those bridges which are located
in metropolitan areas where traffic congestion is likely.

7.3.2 DISTRIBUTION OF STIFFNESS AND STRENGTH

The mathematical model should represent the stiffness of individual structural elements
considering material properties and section dimensions. When an elastic analysis is used to
determine the response of an inelastic structure, significant approximations are necessary. The
most important assumption is that stiffness may be based on an equivalent linearized value. For
inelastic columns, common practice is to use cracked section properties for concrete members
and full section properties for steel members. This value for stiffness is sometimes called a
tangential stiffness. However, for seismic isolators, abutments, and foundation soils, stiffness is
calculated from the maximum expected deformation. This value is then known as a secant
stiffness. The distribution of forces from an elastic analysis should be carefully reviewed to
verify that the results are consistent with the expected nonlinear behavior of the earthquake
resisting elements.

For Method D2, the Structure Capacity/Demand Method (Pushover or Nonlinear Static Method)
described in section 5.6, the mathematical model should use strength values based on expected
material properties. For nonlinear dynamic analysis, the model should use the actual stiffness
and strength values of the hysteretic elements under seismic loads.
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7.3.2.1. Substructures

The stiffness of structural steel members should be based on elastic properties. For reinforced
concrete piers, stiffness should be based on cracked section properties, as explained in this
section.

Analytical methods for seismic demand generally use stiffness values that are representative of
deformations close to the deformations at yield. At these levels of deformation, even prior to
yield, reinforced concrete elements crack. The effect of cracking on stiffness depends on the
cross-section, longitudinal reinforcement ratio, axial load, and amount of bond slip. The cracked
flexural stiffness of a reinforced concrete member can be obtained by moment—curvature
analysis of the cross-section, with modifications for bond-slip. In many cases, it is impractical to
compute the effective stiffness in this manner, and instead, effective stiffness quantities are
assumed based on component rigidity values such as those shown in table 7-1.

Table 7-1. Component rigidities.

Component Flexural Shear Axial
Rigidity Rigidity Rigidity
Reinforced concrete columns, beams and caps 0.5 Eclg 0.4 Ec Ay EcAg
where cracking (but not hinging) is expected
Prestressed concrete beams, caps and piles Ecl 0.4 Ec Ay EcAg
where cracking is not expected 9
Concrete columns, piles and walls where plastic M. D' 0.2 EcAg 0.5 EcAg
hinging is expected .
2ey
Note: E. = elastic modulus of concrete,
Ig = moment of inertia using gross dimensions,
Aw = shear area of column or beam,
Ag = cross-sectional area of column or beam using gross dimensions,
Mn = nominal moment capacity of column or beam,
D’ = distance between outer layers of longitudinal reinforcement, and
gy = yield strain of steel reinforcement.

From table 7-1 it is noted that for flexurally-dominated regions, where plastic hinging is
expected to occur at the ends of the member, the effective flexural rigidity, Ecl.s may be
determined from the ‘theoretical’ yield curvature given by:

— 28}’ — Mn

D’ E ¢

0, (7-1)

gy = yieldstrain=1f;/E,,
yield stress (theoretical value, i.e., specified value),

h
Il
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E; = elastic modulus of steel,

D' = center-to-center distance between the outer layers of longitudinal reinforcement in a
rectangular section normal to axis of bending, or pitch circle diameter of the
longitudinal reinforcement in a circular section, generally assumed to be 80 percent
of overall beam depth or overall column diameter, and

M, = nominal yield moment (theoretical yield strength) of the member (see section 7.5).

Thus the effective flexural rigidity of a severely cracked structural concrete column is:

MDD’
Belyp=—"— (7-2)
€y

This rigidity will generally be somewhat less than 0.5 El, (I, is the moment of inertia of the gross,
uncracked section), which is a commonly assumed value for reinforced concrete members, when
only a moderate amount of cracking and no plastic hinging is expected.

Table 7-1 also lists effective values for the shear and axial rigidity of cracked and uncracked
reinforced concrete beams and columns with and without plastic hinges. In addition, the torsional
stiffness of a cracked reinforced concrete column may be taken as 20 percent of the uncracked
value.

For a displacement capacity assessment (pushover method), the strength of structural steel
components in the model should be based on their expected plastic capacity. The flexural
strength of reinforced and prestressed elements should be based on the expected material
properties of the steel and concrete. The objective here is to determine the displacement at
which the inelastic components reach their deformation capacity. The deformation capacity is
usually expressed in terms of a maximum plastic rotation of hinge zones. The maximum
deformation capacity is the sum of the deformation at yield and the plastic deformation (see
equation 7-31).

The stiffness of other elements that are not subjected to inelastic response and damage should be
based on elastic properties, including the effects of concrete cracking. The stiffness of pier caps
should be included in the model. Pile caps and joints in reinforced concrete substructures may
be assumed to be rigid.

7.3.2.2. Superstructures

The stiffness of the superstructure should be consistent with the load path (section 7.2) including
consideration of composite behavior between girders and decks, and effective width of the
superstructure components that are monolithic with piers.

For a stick model of the superstructure, the stiffness can be represented by equivalent section
properties for axial deformation, flexure about two axes, torsion, and possibly shear deformation
in two directions. The calculation of the section stiffness should represent reasonable
assumptions about the three-dimensional flow of forces in the superstructure, including
composite behavior.
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The effects of skew can be neglected in the model of the superstructure. However, for large
skew angles, the geometry of the connection between superstructure and piers must be included.

For reinforced concrete box girders, the effective stiffness may be based on 75 percent of the
gross stiffness to account for cracking. For prestressed concrete box girders, the full gross
stiffness should be used. The torsional stiffness may be based on a rational shear flow without
reduction due to cracking.

The flexural stiffness of the superstructure taken about a transverse axis should be reduced near
piers when there is a moment transfer between the superstructure and pier because of shear lag
effects. The reduced stiffness should be used in modeling the superstructure.

7.3.3. IN-SPAN HINGES

Two different models are used to represent expansion bearings and in-span hinges. First, a
compression model is used that assumes the joint at the bearing or hinge is closed and can
transfer longitudinal forces. Then, a tension model is used that assumes the joint or hinge is
open and cannot transfer longitudinal forces. The stiffness of restraining devices, such as cable
restrainers or shock transmission units, is included in the tension model. Two separate analyses
are run, one for each model, and the larger value for a particular force or deformation is used in
design.

The use of compression and tension models is expected to provide a reasonable bound on forces
(compression model) and displacements (tension model). A compression model need not be
considered for expansion bearings if calculations show that longitudinal forces cannot be
transferred through the superstructures at the bearing.

7.3.4. DAMPING

Energy dissipation in a bridge, including that developed by the footings and abutments, may be
represented with sufficient accuracy by viscous damping. The selection of an effective viscous
damping ratio depends on the type of dynamic analysis and the configuration of the bridge. In an
elastic response spectrum analysis, this ratio is based on the energy dissipation due to small-to-
moderate deformations of the members and soil.

Damping may be neglected in the calculation of natural frequencies and associated mode shapes.
The effects of damping should be considered when the dynamic response for seismic loads is
considered. This is usually done by scaling the earthquake response spectrum for the correct
amount of damping.

Suitable damping values may be obtained from field measurements of induced free vibrations or

from forced vibration tests. In lieu of measurements, the following values may be used for the
equivalent viscous damping ratio:
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e Concrete bridges: five percent.
e Welded and bolted steel bridges: two percent.
e Timber bridges: five percent.

For a single-span or two-span bridge with abutments that are expected to develop significant
passive pressure in the longitudinal direction, a damping ratio of up to 10 percent may be used
for the longitudinal vibration modes.

Equivalent viscous damping may be used to represent the energy dissipated in the cyclic loading
of members beyond yield, but only when a secant stiffness model is used for the entire bridge.
For single-degree-of-freedom models, the equivalence can be established within a satisfactory
degree of accuracy. For bridges with seismic isolation or with fuses and knock-off walls, only an
approximate equivalence can be established. Equivalent viscous damping should not be used to
represent inelastic energy dissipation for any other model or method of dynamic analysis.

7.3.5.  PERMANENT GROUND MOVEMENT

In general, the effect of gross soil movement and liquefaction should be included in the analysis.
However, the need for sophisticated modeling of foundations and abutments depends on the
sensitivity of the structure to foundation movements and the degree of conservatism that can be
tolerated in the calculated forces. When gross soil movement or liquefaction is possible, and an
analysis is required, the model should represent the change in support conditions and additional
loads imposed on the substructure due to soil movement.

When the results of a seismic analysis are expected to be sensitive to foundation properties, these
properties should be bounded between upper and lower limits of strength and stiffness and
multiple analyses carried out. Strength and stiffness values should, however, be consistent with
the expected deformations of the soil and the goals of the analysis. The sensitivity of results to
the assumptions made about these properties may then be used to direct site investigations for the
bridge under consideration.

See also chapter 11, which describes retrofitting measures for bridges on hazardous sites.

7.4. COMBINATION OF SEISMIC FORCE EFFECTS

7.4.1. SEISMIC LOADING IN ONE DIRECTION

Maximum response quantities for use in design, due to seismic loading in one direction, should
be based on a combination of modal responses in that direction. The preferred method for this
combination is the Complete Quadratic Combination (CQC) method (section 5.4.2.2), because it

combines modes with closely-spaced periods more rigorously than other modal combination
rules.
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7.4.2. SEISMIC LOADING IN TWO OR THREE ORTHOGONAL DIRECTIONS

When combining the responses of two or three orthogonal directions, the design value of any
quantity of interest (displacement, bending moment, shear or axial force) should be obtained
either by the ‘square root of the sum of the squares’ (SRSS) rule or the 100-40 percent
combination rule.

The SRSS rule is the most appropriate one for combining the contribution of orthogonal and
uncorrelated ground motion components into a single design force. The method is especially
recommended if the vertical components of the ground motion are being used in combination
with the horizontal components (Button et al., 1999). However, the familiar 100-30 percent
combination rule is also suitable, particularly if the second component is increased from 30 to 40
percent. This option is, however, more conservative than the SRSS combination rule.

These two alternative combination rules may be summarized as follows.

e SRSS Combination Rule — the design value is the SRSS combination of the response quantity
from each of the orthogonal directions:

M, =/(M])? +(M")? + (M) )? (7-3)

where My s M- , M, are the x-components of moment calculated from a transverse,
longitudinal and vertical analysis, respectively.

e 100-40 percent Combination Rule — the design value is obtained from the largest value given
by the following three load cases.

Load Case 1 (LC1) — 100 percent of the absolute value of the response resulting from the
analysis in one orthogonal direction (transverse) is added to 40 percent of the responses
resulting from analyses in the other two orthogonal directions (longitudinal and vertical):

M =M, +0.4M| +0.4M"

Load Case 2 (LC2) — 100 percent of the absolute value of the response resulting from an
analysis in one of the other orthogonal directions (longitudinal) added to 40 percent of the
responses resulting from analyses in the other two orthogonal directions (transverse and
vertical):

M =04M; + M| +0.4M

Load Case 3 (LC3) — 100 percent of the absolute value of the response resulting from an
analysis in one of the other orthogonal directions (vertical) added to 40 percent of the
response values resulting from analyses in the other two orthogonal directions (transverse and
longitudinal):
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M =0.4M; +04M| + M

The response to be used in design is given by the largest value from these three load
cases,

1e., M; = maximum of [ MXLCI, MXch, MXLC3] (7-4)

If the seismic loading is applied in only two orthogonal directions (longitudinal and transverse),
the above rules still apply, but M, is set equal to zero, and Load Case 3 need not be calculated
1e., M, = 0.

7.4.3. COMBINATION OF RESPONSE QUANTITIES FOR BIAXIAL DESIGN

When the biaxial response of a member is important (e.g., for circular columns), it is necessary
to find the maximum resultant moment on the column section and the corresponding axial load.
This is not easy because the maxima of the three components (i.e., axial force, P, and bending
moments about two local axes, My and My) are not likely to occur at the same time. A
sophisticated approach to finding the critical combination is difficult to justify for most bridges,
and a simpler approach may be used. Again two choices, based on the SRSS combination rule
and the 100-40 percent rule, are available. They are as follows.

For the SRSS combination, the two components to be combined, My and M, are first found from
equation 7-3 and then a 100-40 percent rule is used to find a vector sum. There are two possible
vector sums and the maximum is taken as the moment resultant Mr. This moment is then used
with the maximum positive or negative axial force to evaluate the column.

1e.,

Mg = maximum of [\/MXZ +(0.4M, )2 , or \/(O.4Mx ) +M? } (7-5)

and Mg is used with the maximum axial load of = P to evaluate the column.

For the 100-40 percent combination rule, the My and My components from each load case are
combined to obtain the vector sum, and the maximum moment of the three load cases is taken as
the moment resultant Mg. This moment is then used with the maximum positive or negative axial
load to evaluate the column.

1e.,

Mg = maximum of N(Mia )2 +( ML )2 , \/(Mch )2 (ML )2 or \/(MLC3 )2 (e )2}

y X y X

and Mg is used with the maximum axial load of = P to evaluate the column.
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7.4.4. VERTICAL ACCELERATION EFFECTS

A limited study of the effect of vertical accelerations on the behavior of bridges indicates that
these effects can be significant (Button et al., 1999). This is particularly true for some response
parameters (such as superstructure moments and shears, and column axial forces) and certain
bridge types (such as those with long flexible spans, C-shaped piers, or with other large
eccentricities in the load path for vertical loads). The study was based on vertical response
spectra developed from recorded ground motions in the western United States (Silva, 1997).
Response spectra for vertical ground motions are discussed further in section 2.7.

Until more is known about the characteristics of vertical ground motions in the eastern United
States and those areas affected by subduction zones, such as in the Pacific Northwest,
recommendations for design should be primarily cautionary and optional. However, vertical
acceleration effects may be significant and should be assessed for important bridges. For this
purpose, the following recommendations may be helpful.

The impact of vertical ground motion may be ignored if the bridge is greater than 50 km (30 mi)
from an active fault. If the bridge site is within 10 km (6 mi) of an active fault, then a site-
specific study is required if the response of the bridge could be significantly and adversely
affected by vertical ground motions. In such cases, response spectra and acceleration time
histories should be developed for use in the response analysis of the bridge. For vertical
response forces, the linear analysis should use the CQC modal combination method and the
SRSS directional combination method.

If the bridge is more than 10 km (6 mi) but less than 50 km (30 mi) from an active fault, a site-
specific study should be performed to evaluate the effects of vertical ground motion.

In lieu of a dynamic analysis that explicitly includes the effect of vertical ground motion, the
following variations in column axial loads and superstructure moments and shears should be
included in the evaluation of the columns and superstructure to account for the effects of vertical
ground motion.

e (Column axial loads = (1 + Cy) axial forces due to dead load.

e Superstructure bending moments = (1 + Cy) bending moments due to dead load.

e Superstructure shears = (1 + Cy) shear forces due to dead load.

In the above bullets, Cy is a dead-load multiplier and recommended values are given in table 7-2.

For superstructures, Cy is specified at both a mid-span location and a pier. Linear interpolation
may be used to determine values of Cy for points between these two locations.
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Table 7-2. Dead load multipliers (C,) for bridges subject to vertical acceleration for rock sites.

Distance from Fault (km), D
Member Force / Moment D> 40
0<D<10 | 10<D<20 | 20<D<30 | 30<D<40 B
Pier axial force 0.7 0.3 0.2 0.1 0.1
Superstructure shear force at pier 0.7 0.4 0.2 0.1 0.1
Superstructure bending moment at pier 0.6 0.3 0.2 0.1 0.1
Superstructure shear force at mid-span 0.1 0.1 0.1 0.1 0.1
Superstructure_ bending moment at 14 0.7 0.4 03 0.2
mid-span
Note:

The dead load multipliers given above are in addition to the dead load. Thus the actual ‘load factor’ is

1.0 plus/minus the tabulated values.

Button et al., 1999

7.5. MEMBER STRENGTHS

It is difficult to calculate the precise capacity of a bridge because the actual strength of concrete
and steel may vary considerably from their specified values. Furthermore, deviations from
specified dimensions due to construction tolerances and simplifying assumptions made in design
can lead to both under- and over-capacity in the field. However, it is possible to define different
levels of member strength, which are then used in various types of calculations for capacity
assessment of a complete bridge. Four strength levels are defined as follows:

e Nominal strength, S,
The nominal strength of a member is obtained from failure theory for a section of the
member and is based on assumed section geometry and specified material strengths. Other
strength levels are usually related to the nominal strength.

e Design strength, Sy
The design strength of a member allows for approximations in calculations and variations in
material strengths, workmanship, and dimensions. Each of these may be within tolerable
limits, but in combination, they may result in a capacity that is less than the nominal
strength. A strength reduction factor (¢) is used to relate the design strength to the nominal
strength, where ¢ is always less than unity. (The resistance factors in the A4SHTO LRFD
Specifications (1998) or the current LRFD specification may be used here.)

ie., Sa=¢ Sy (7-7a)
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o Expected strength, S,
The expected strength takes into account the fact that the material strengths are generally
greater than the specified strengths. Expected strengths can be found from routine testing of
material samples taken from existing bridges, but if these are not available, they are based
on previous experience with the same materials in other bridges. An expected strength
factor (¢.) is used to relate the expected strength to the nominal strength, where ¢ is
always greater than unity.

ie., Se = e Sa (7-7b)

Values for ¢. may be obtained by taking material samples in the field and testing for actual
strength, or by taking values from the mill certificates provided by the supplier at the time
of construction, if these are still available in the bridge file. In the absence of such data, ¢.
may be taken as 1.2 and 1.3 for steel and concrete, respectively.

e QOverstrength, S,
Overstrength takes into account all possible factors contributing to a strength increase
above the nominal value. These include but are not limited to:

- Steel strength higher than the specified yield strength,

- Additional steel strength due to strain hardening at large deformations,

- Concrete strength higher than specified,

- Section sizes larger than assumed,

- Axial compression in flexural members due to lateral restraint,

- Additional reinforcement placed for construction purposes and unaccounted for in design,
Conservative assumptions made in the derivation of the equations for nominal strength.

An overstrength factor (¢,) is used to relate the overstrength to the nominal strength, where
d, is always greater than unity.

ie., So = b0 Sh (7-7¢)
7.6. MEMBER ACTIONS IN PIERS USING CAPACITY PRINCIPLES

Capacity design principles are used to calculate member actions in bridge piers due to plastic
hinging. This process is described in this section for both single-column and multi-column piers
and for extensions to drilled shafts and piled bents are also given. These procedures are the same
as those given in Article 7.2.2 of the AASHTO Standard Specifications (AASHTO, 2002). A
worked example may be found in appendix A of the AASHTO Guide Specifications for Seismic
Design of Highway Bridges (AASHTO, 1983).

7.6.1 SINGLE COLUMN PIERS

Column shear forces and moments in the superstructure, pier caps, and footings should be
calculated for the two principal axes of a column and in the weak direction of a pier as follows:
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Step 1. Determine the column overstrength moment capacities (sections 7.5 and 7.7.1.2). For
reinforced concrete or structural steel columns, apply an overstrength factor (¢,) of 1.4
to the nominal moment, and use a column axial load equal to the sum of the axial load
calculated from an elastic analysis and the column dead load. Column overstrength
moments should be distributed to the connecting structural elements.

Step 2. Using the column overstrength moments, calculate the corresponding column shear
force(s) that satisfy static equilibrium. For columns that have flares that are integral
with the superstructure, the shear should be calculated as the larger of:

1. The value obtained from the overstrength moments at the top of the flare and
bottom of the column immediately above the top of the footing, using the clear
height from top of footing to underside of pier cap, and

2. The value obtained from using the overstrength moments at the bottom of the flare
and top of the footing, with the column height reduced to the distance between
them.

This method is satisfactory for most columns, but may be unconservative for shear when the
column contributes a significant portion of the total mass of the bridge.

If the footing of a column is significantly below ground level, consideration should be given to
the possibility of a plastic hinge forming below ground level. In such a case, the hinge may not
form directly above the footing as assumed in Step 2 above, due to restraint provided by the
overlying soil. If this can occur, the estimated length of the column between plastic hinges
should be used in Step 2 to calculate the shear force.

For pile bents or drilled shafts, the length of the column between plastic hinge locations should
again be used. Assume that hinges below ground level occur no lower than two pile/shaft
diameters below the mud line.

In summary, column forces corresponding to plastic hinging in a single column are:

e Axial forces using unreduced maximum and minimum axial load from elastic analyses, plus
dead load.

e Bending moments as calculated in Step 1.

e Shear forces as calculated in Step 2.

7.6.2. MULTI-COLUMN PIERS

The forces in piers with two or more columns should be calculated both in the plane of the pier
and perpendicular to the plane of the pier. Forces perpendicular to the plane of the pier should

be calculated as for single columns in section 7.6.1 above. Forces in the plane of the pier should
be calculated as follows:
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Step 1. Determine the column overstrength moment capacities. Use an overstrength factor (¢,)
of 1.4 for both reinforced concrete and structural steel to obtain these moments. Set the
axial load equal to the dead load.

Step 2. Using the column overstrength moment capacities, calculate the corresponding column
shear forces. Sum the column shears in the pier to determine the maximum shear force
for the pier. Note that if a partial-height wall exists between the columns, the effective
column height is taken from the top of the wall. For flared columns and foundations
below ground level, see Step 2 in section 7.6.1. For pile bents, the portion of pile from
the pile cap to a length of two diameters below the mud line should be used to calculate
the shear force.

Step 3. Apply the pier’s shear force to the center of mass of the superstructure above the pier,
and, using static equilibrium, calculate the axial forces in the columns due to this force
when the column overstrength capacities are reached.

Step 4. Combine these column axial forces with the dead load axial forces, and calculate
revised column overstrength moments. With the revised overstrength moments,
calculate the column shear forces and the maximum shear force for the pier. If the
maximum shear force for the pier is not within 10 percent of the value determined in
Step 2, use this maximum pier shear force and return to Step 3.

In summary, column forces corresponding to plastic hinging in individual columns in the plane
of a pier are:

e Axial forces using the maximum and minimum axial load and dead load, plus or minus the
axial load determined from the final iteration of Step 3.

e Column overstrength moment capacities corresponding to the maximum compressive axial
load specified in Step 1 with an overstrength factor of 1.4 for reinforced concrete and
structural steel.

e Shear forces corresponding to the final column overstrength moments in Step 4 above.

7.7. STRENGTH CAPACITY OF BRIDGE MEMBERS

Guidelines for determining the capacity of bridge members in terms of strength are given in this
section for use when assessing the strength capacity of complete bridges or bridge substructures
as required in Methods D1 and D2 of chapter 5. Guidelines for determining displacement
capacity are given in the following section (section 7.8).

In particular, procedures are given for calculating the following:

e Flexural strength of reinforced concrete columns and beams (section 7.7.1):

- Expected flexural strength (7.7.1.1),
- Flexural overstrength capacity (7.7.1.2), and
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- Flexural strength of columns with lap-splices in plastic hinge zones (7.7.1.3).

e Shear strength of reinforced concrete columns and beams (section 7.7.2):
- Initial shear strength (7.7.2.1), and
- Final shear strength (7.7.2.2).

e Shear strength of reinforced concrete beam-column joints (section 7.7.3):
- Maximum beam-column joint strength (7.7.3.1), and
- Cracked beam-column joint strength (7.7.3.2).

7.7.1. FLEXURAL STRENGTH OF REINFORCED CONCRETE COLUMNS AND BEAMS

Several types of member flexural strength are required for a detailed capacity assessment of a
bridge. These include the:

o Expected flexural strength based on material expected strength factors and equation 7-7b.
e Flexural overstrength based on member overstrength factors and equation 7-7c.

e Expected flexural strength of columns with lap-splices located in potential plastic hinge
zones, based on expected strength factors.

7.7.1.1. Expected Flexural Strength

The flexural strength of members (either with or without axial loads) is determined based on
monotonic behavior, where strains are assumed to vary linearly across the section, and the
stresses are related to strains through material property laws. If a moment-curvature analysis is
undertaken, then it is possible to define the expected yield strength and determine the maximum
overstrength capacity and deformation capacity. However, for most situations, this effort is not
justified and simplified methods, as described below, are used.

The expected flexural strength (at theoretical yield) should be based on a modified form of the
nominal strength calculations required in the A4SHTO LRFD Specification (AASHTO, 1998). A
rectangular stress block for unconfined concrete and elasto-plastic behavior for steel is assumed.
The following assumptions are made:

e Maximum concrete strain at the outermost concrete fiber is 0.003.

e Average concrete stress in the effective compression zone is 0.85f".., where f'.. is the
expected concrete strength.

e Expected yield stress of the longitudinal reinforcement (fy.) is 300 MPa (43.5 ksi) and 450
MPa (65.3 ksi) for Grade 40 and Grade 60 steel respectively, in lieu of material tests on

samples taken from the bridge.

e Effective depth of the concrete stress block is a = c,
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where c is the neutral axis depth, and 3; = 0.85 for f.. <30 MPa (4.3 ksi) and B; = 0.65 for

ce —

f;e > 60 MPa (8.7 ksi). Linear interpolation is used for B; if 30 MPa < f;e <60 MPa (4.3
ksi< f,, <8.7ksi).

The expected flexural strength (M,) is calculated using a plastic analysis approach as given
below (Mander et al., 1998b):

' = _pt [

2
Pe Py
M, _ My 1 - fee Ag fee Ag (7-8)
fieAgD |, AGD Py __Po
fce Ag fce Ag

= axial stress ratio based on gravity load and seismic actions,

fy

(S

- = axial tensile capacity ratio of the column based on the expected material
C

€

properties,

=0.425B, = axial load capacity ratio at the maximum nominal (balanced) moment on the

section,
fo. D' P, 1-x
ye b 0
shape Pt = +— 5
fCG D fceAg 2

stress block factor (< 0.85),

pitch circle diameter of the reinforcement in a circular section, or the out-to-out
dimension of the reinforcement in a rectangular section, generally assumed to be equal
to 80 percent of overall diameter of column, D,

shape factor:

0.32 for circular sections,

0.375 for square sections with 25 percent of the reinforcement placed in each face,
0.25 for walls with strong axis bending, and

0.50 for walls with weak axis bending.

factor related to the centroid of the stress block:

0.6 for circular sections, and

0.5 for rectangular sections.

7.7.1.2. Flexural Overstrength Capacity

In any method of capacity assessment that is based on a collapse mechanism, it is necessary to know
the upper bound on flexural capacity, i.e., the flexural moment overstrength capacity, M, , of the
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columns, piers, and piles that form the primary load resisting mechanism. Three different
approaches are described below for the calculation of M.

Method 1. A compatibility section analysis is made to calculate the flexural overstrength
capacity, My, taking into account the expected strengths of the materials, the properties of
confined concrete, and the strain hardening effects of the longitudinal reinforcement.

Method 2. The flexural overstrength capacity, My, is estimated by scaling the expected strength
using an empirical factor, e.g., My, = 1.4 M., where M is the expected flexural strength.

Method 3. The flexural overstrength capacity, M, is estimated from a sectional plastic analysis
using the properties of confined concrete and the ultimate tensile strength for the stress in the
longitudinal reinforcement. (Mander et al., 1998a). In this method, M, is given by

vPe _ Pbec ?
Mpo _| Moo ||} fo Ag fo Ag (7-9)
chgD f. AD 'Pto } ?bcc

f, Ag f, Ag

where:

€

= column axial stress ratio based on gravity loads and seismic actions,

fLA,
Pto fSu . . . .
—>—=—p—7 axial tensile capacity ratio of the column,
fCAg C
PbCC — Acc — . . . .
—-=0.50p—=< = axial load capacity ratio at the maximum confined (balanced) moment on
c Ag Ag
the section,
Mbo =K fs_uz + Pbcc 1_Ko
' - shape Pt — '
f.AD f, D f.A, 2
D' = pitch circle diameter of the reinforcement in a circular section, or the out-to-out
dimension of the reinforcement in a rectangular section (normal to the axis of
bending), generally assumed to be equal to 80 percent of overall diameter of column,
D (or overall depth of beam),
fou = ultimate tensile strength of the longitudinal reinforcement
= 1.5 f;c unless determined otherwise by coupon tests,
o, = stress block factors for confined concrete defined below,
A = area of confined concrete core, and
A, = gross section area.

Stress block factors o, 3 are as follows:
o = ratio of average concrete stress in compression zone to confined concrete strength
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= 0.85+0.12(K-1)*,

K = strength enhancement factor due to the confining action of the transverse
reinforcement, and is given below for circular and rectangular sections
= '/ e,
f;c = confined concrete strength, and
B depth of stress block

0.85+0.13(K — 1)°%.

For circular sections, the confined strength parameter (K) is given by Mander et al. (1988):

K =2254 [1+7.94 LY
fce fCC

v 1 . . .
f, = 5 keps fyn = lateral stress supplied by the transverse reinforcement at yield,

where:

4 S . .
Py = % = volumetric ratio of spirals or circular hoops to the core concrete,
S
(1-xs/D" ) . .
ke = ﬁ = confinement effectiveness coefficient for spirals and hoop steel,
" Pec

x = coefficient with values of 0.5 and 1.0 for spirals and hoops, respectively,
s = spacing of spirals or hoops, and
D" = diameter of transverse hoop or spiral (measured to the centerline of the hoop).

For rectangular sections, the confined strength parameter (K) is obtained from figure 7-2 which

uses the x- and y- confining stresses ( f éX and f é;y respectively) to give K (Mander et al., 1988;

Paulay and Priestley, 1991). Stresses féx and f{;y are defined as follows:

fix =ke Py fyn 1 the lateral confining stress in the x-direction,

'

£ =ke Py fyh is the lateral confining stress in the y-direction,

Asx . . . : o
Py = ﬁ is the volume ratio of transverse hoops or ties to the core concrete in x-direction,
s
_ Asy . . . . . .
py= e is the volume ratio of transverse hoops or ties to the core concrete in y-direction, and
S

ke = confinement effectiveness coefficient for rectangular sections with hoops or ties:
= (.75 for rectangular columns, and
= 0.6 for rectangular wall sections.

fin = yield stress of the transverse hoops,

D" = width of column normal to x-direction (measured to the centerline of hoops or ties),
and

b" = width of column normal to y-direction (measured to the centerline of hoops or ties).
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Figure 7-2. Confined strength ratio (K) for reinforced concrete members.

7.7.1.3. Flexural Strength of Columns with Lap-Splices in Plastic Hinge Zones

The flexural strength of a column is reduced when the longitudinal steel is lapped in the plastic
hinge zone, which is a common occurrence near the base of columns in older bridges. As a first
approximation, the reduction in strength is assumed to depend solely on the length of the

splice, liap, compared to the minimum required value. The reduced moment (M) is then given by:

M = M (ligp / Is)  but not greater than M, (7-10)
where:
M. = expected flexural strength defined in section 7.5,
Iy = theoretical lap-splice length and is determined from:
f
l, =04—==d,, (7-11)
Vi
d, = diameter of the longitudinal reinforcing bar in the lap,
fie = expected yield strength (MPa) of the longitudinal reinforcement in the lap-splice
zone, and

f;e = expected strength (MPa) of concrete surrounding the lap-splice zone.
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7.7.2.  SHEAR STRENGTH OF REINFORCED CONCRETE COLUMNS AND BEAMS

The shear resistance of cracked structural concrete members is reduced by load reversals and
increasing plastic hinge rotations. As a consequence, two shear strength states are defined:

1. Vjthe initial shear strength, and

2. Vgthe final shear strength.

The difference between the two states is due to deterioration in the concrete as the cyclic loading
progresses with a corresponding reduction in the concrete contribution, V., to the shear capacity.
This contribution diminishes due to the presence of widely-spaced tensile cracks and yielding of
the longitudinal bars. Expressions for the initial and final shear strengths are given in the
following sections.

7.7.2.1. Initial Shear Strength, V;

Initial shear strength, Vj, is given by:

Vi=Vi+V,+ Vg (7-12)
where:
Vs = contribution to the shear strength provided by rebar truss action,
V, = contribution provided arch (strut) action, and
V.= contribution provided by diagonal tension field in the concrete.

Each of these contributions is described below.

The shear resistance provided by truss action in the reinforcing steel is given by:

"

D
Vs=Ay fyh TCOt 0 (7-13)

where:
A, = shear area provided by the transverse hoops:
= 2 Ay, for rectangular columns, and
= 1 Ay, / 2 for circular columns.
Apn= area of one spiral or hoop bar,

fyn = yield stress of the transverse hoops or spirals,
D" = diameter of transverse hoop or spiral (measured to the centerline of the hoop),
s = center-to-center longitudinal spacing of the transverse hoop steel,

0 = angle of the principal crack plane (Kim and Mander, 1999) and given by

0.25

1.6p A

tan 0 = 16p,A, >tana, (7-14)
AptAg
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A = fixity factor:
= 2 for fixed-fixed column conditions, and
= 1 for fixed-pinned conditions.

A. = effective shear area (assumed as 80 percent of the gross area, A, for rectangular
and circular sections),
pt = ratio of the total area of longitudinal reinforcement to the gross section area
= Ay/ Aga
py = volumetric ratio of transverse steel:

= A,/ bys for rectangular columns, and
= py/2 =2 App/sD" for circular columns.

A, = area of transverse shear steel,
by = center-to-center spacing of transverse shear steel across width of rectangular
column,
tan o = corner-to-corner strut angle:
= jd/L,
jd = internal lever arm of the concrete compression member, and
L = length of the column.

The shear resistance provided by the arch (strut) action is given by:

\Y4 :% P tan o (7-15)

p

where A is the fixity factor defined above, P is the axial load on member (compression only),
and tan o is the corner-to-corner strut angle defined above.

The shear resistance provided by the diagonal tension field in the concrete is:
Va=03/f, A (7-16)

where A is the effective shear area equal to 0.8A,.
7.7.2.2. Final Shear Strength, V¢
The final shear strength is given by:
Ve=V+V,+ Ve (7-17)
In this equation, Vs and V,, are as defined above, while V. is the final shear strength carried by the

concrete, which is reduced to allow for plastification, cracking, and cyclic loading effects. This is
given by:

Ve =0.05/f A. (7-18)

Ci
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7.7.3.  SHEAR STRENGTH OF BEAM-COLUMN JOINTS

The shear strength of beam—column joints can be assessed in a manner similar to column
elements. A principal stress approach is usually adopted, as this is a major determinant in joint
performance. A beam—column joint will remain essentially elastic and uncracked, providing that

the principal tensile stress in the joint is less than 0.29 (f;e) MPa. When the principal tensile
stress exceeds this level, diagonal cracking of the joint can be expected. The joint strength will
be limited to a maximum principal stress of 0.42 (f;e) MPa, at which point, full diagonal

cracking of the joint will have developed. If the joint shear demand arising from the flexural
overstrength capacity exceeds this limit, then the joint is said to be shear-critical and the
structural performance will be governed by the reduced joint strength. The shear strength of the
beam-column joint is therefore given by:

Vi =vj Ajn (7-19)

in which Ajj is the area of the beam-column joint in a horizontal plane, and v; is the average joint
shear stress acting on the joint. The latter can be found from a Mohr’s circle analysis for principal
stresses in a joint subject to the combined actions of f,, f, and v; as follows:

v, =p; =i (£, +£,)+ 28 f, (7-20)
where:
f, = average axial stress on the joint (compression is negative),
fn = average horizontal axial stress on the joint (has a zero value unless the joint has
horizontal prestress, or similar, applied), and
p¢ = major principal tension stress (tension is positive). This term dominates

performance of the joint; recommended values are given in following sections.
7.7.3.1. Maximum Beam-Column Joint Strength, V;;

The maximum joint shear capacity is achieved when full diagonal cracking develops. This occurs
when the principal tensile stress in the joint is given by:

p, =0.42 /(f..) MPa (7-21)

where f'.. is the expected concrete strength in MPa. This principal stress is used to calculate Vj;
using equation 7-20.

7.7.3.2. Cracked Beam—Column Joint Strength, Vij;

The residual joint shear capacity is maintained after the strength has deteriorated. This occurs
when the principal tensile stress in the joint is given by:
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p, =0.29/(f..) MPa (7-22)

where f;e is the expected concrete strength in MPa. This principal stress is used to calculate V¢
using equation 7-20.

7.8. DEFORMATION CAPACITY OF BRIDGE MEMBERS

A displacement capacity evaluation of a bridge, or pushover analysis (Method D2, chapter 5),
should be able to track the nonlinear relationship between load and deformation for the columns
and beams as the lateral load is monotonically increased from an initial elastic condition to
failure. This requires the estimation of the capacity of each of the critical structural members,
from first yield until collapse, and at intermediate limit states. Therefore, member performance
needs to be found in terms of force versus deformation, moment versus rotation, or shear force
versus distortion.

Cap beams, columns, footings and piles may be modeled as line elements with concentrated
plastic hinges at their ends. Other models, such as those with distributed plasticity, distributed
flexibility, or general-purpose nonlinear finite element approaches may also be used, provided it
can be demonstrated that their theoretical response agrees with experimental results from
members similar to those being modeled.

Guidelines for determining the deformation capacity of bridge components are given in this
section for use in calculating the strength-deformation capacity of bridge members as required in
the structure capacity/demand methods described in chapter 5 (Methods D1 and D2).

In particular, procedures are given for calculating the following:

e Plastic curvatures, rotations and drift angles (section 7.8.1).

e Deformation-based limit states (section 7.8.2). There are eight of these.

e Neutral axis depth in columns and beams (section 7.8.3).

7.8.1 PLASTIC CURVATURES AND HINGE ROTATIONS IN A CANTILEVER BEAM
7.8.1.1. Deflections and Plastic Curvature, ¢,

The ultimate displacement, A,, of a cantilever column under a lateral (shear) load, F, is given by:

Ag=Ac+ A, (7-23)

where A, is the elastic component of displacement, and A, is the plastic component of
displacement.

Each of these two components is described below.
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For the elastic component, A.:

_ FI?
) 3EcIeff

(7-24)

where L is the length from the fixed end to the free tip (or the inflection point of a fixed-fixed
beam-column element), and E I is the effective flexural rigidity (equation 7-2) that reflects the
degree of cracking in the member.

When the plastic strength of the member (F,, M,), is reached A, = Ay, and the nominal yield
displacement is given by:

EI2 M. I?
A= oo L, g2 (7-25)
3E . 3ELg 3

where M, is the plastic moment capacity and ¢y is the nominal yield curvature given by
modifying equation 7-1 such that:

o 2e, 2f (7-26)
y D' - ESD'
For the plastic component, A;:

where L, is the equivalent plastic hinge length, and ¢, is the plastic curvature as defined below.
The equivalent plastic hinge length is given by the semi-empirical equation:
L, =0.08L + 4400 ¢, d, (7-28)

where d, is the diameter of the longitudinal tension reinforcement, and L is the shear span or
effective height (i.e., L = M/V).

If the column has been jacketed as part of the retrofitting process, then the equivalent plastic
hinge length is modified to give:

Ly = Lyap + 8800 £, dy (7-29)

where Ly, 1s the clear gap between the edge of the jacket and the bottom of the pier cap or top of
the footing.
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The plastic curvature capacity depends on the failure mode and is highly dependent on the
quantity of transverse reinforcement that is present. Values of ¢, for several deformation-based
limit states are given in section 7.8.2. ¢p can be expressed in terms of the ultimate (total)
curvature ¢, as follows:

Op = Pu—dy (7-30)
7.8.1.2. Plastic Hinge Rotation, 0,

The analysis in section 7.8.1.1 for deformation is in terms of absolute displacement quantities. It
is often more convenient to express deformation behavior in relative terms, i.e., drift which is the
ratio of lateral displacement to column height, and is the same as the angular rotation of the
member chord. Thus, in terms of drifts (or rotations):

0,=0,+6, (7-31)
where the elastic drift at yield is given by:
A 1 2 L
0 = _ Y = L="¢g — 7-32
y L 3 q)y 3 y Dv ( )
and the plastic drift is given by:
0, =dp Ly (7-33)

The elastic component of the total drift is related to the member slenderness (L/D’) and the
plastic drift is given by the plastic hinge rotation, which in turn is related to the plastic curvature
within the hinge zone.

7.8.2. CHARACTERIZATION OF DEFORMATION-BASED LIMIT STATES

The plastic rotational capacity of a member should be based on the governing limit state for that
member. As shown in the previous section, this rotation may be found using equation 7-33. The
governing limit state is the state that has the least plastic rotational (or plastic curvature)
capacity. Plastic curvatures (and therefore plastic rotations) for the following limit states are
developed in this section and summarized in table 7-3:

e Compression failure of unconfined concrete.

e Compression failure of confined concrete.

e Compression failure due to buckling of the longitudinal reinforcement.

e Longitudinal tensile fracture of reinforcing bar.
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Low cycle fatigue of the longitudinal reinforcement.

Failure in the lap-splice zone.

Shear failure of the member that limits ductile behavior.

Failure of the joint.

Table 7-3. Values of plastic curvature corresponding to various limit states
in reinforced concrete columns and beams.

Column or Beam Limit State Plastic Curvature, ¢p'? Equation
. . : e
Compression failure, unconfined 0 = g 734
concrete p c y
8011
Compression failure, confined concrete | ¢, = c-d) -0, 7-35
c —
Buckling of longitudinal b 0 ¢ 7-37
uckling of longitudinal bars = e -
g of long T eed) ®
85 max
Fracture of longitudinal reinforcement o, = ﬁ -0, 7-39
-c
Low-cycle fatigue of longitudinal 2e, 2g, 240

reinforcement

% G-y D

Lap-splice failure:
(a) long / confined lap-splices

See low cycle fatigue
op = (Mlapq) + 7)oy

Section 7.8.2.6a

(b) short / unconfined lap-splices 7-46
Shear failure: ¢, =0
(a) brittle V -V 7-48
(b) semi-ductile O =[5 —=—L1+2|0
P vV, -V, Y 7-49
Joint or connection failure: _
(a) weak joint / strong column 6p=0.04 rad Section 7.8.2.8a

(b) semi-ductile

V, -V,
0 =| 4|10
p VJ]_va y

7-51

Notes: 1. Hinge rotation 6, = ¢, L, where L, is length of plastic hinge
2. Notation is defined in section 7.8.2.
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7.8.2.1. Compression Failure of Unconfined Concrete

The plastic curvature corresponding to compression failure in unconfined concrete is given by:

0, === -0, (7-34)

C

where €, is the ultimate concrete compression strain for concrete, which should be limited to
0.005 for unconfined concrete, and c is the depth from the extreme compression fiber to the
neutral axis. The location of the neutral axis is defined in section 7.8.3.

7.8.2.2. Compression Failure of Confined Concrete
For concrete confined by transverse hoops, cross-ties, or spirals, the compression strain is limited

by first fracture within the confining steel. While this type of failure depends on the cyclic load
history, a conservative estimate of the plastic curvature can be obtained from:

€
Op =70 (7-35)
p ( c—d u) y
where:

¢ = depth from the extreme compression fiber of the cover concrete (which is
expected to spall) to the neutral axis,

d" = distance from the extreme compression fiber of the cover concrete to the
centerline of the perimeter hoop (thus, ¢ — d" is the depth of confined concrete
under compression), and

€u = ultimate compression strain of the confined core concrete, as given by:

14p, f, €
£, = 0.005+——Px n (7-36)
€u = strain at the maximum stress of the transverse reinforcement,

fyn = yield stress of the transverse steel,

ps = volumetric ratio of transverse steel, and

f;c = confined concrete strength.

For bridge columns that have confined concrete details, it is unlikely that this failure mode will
govern, as low cycle fatigue is a more likely controlling mechanism. This is because the axial
load in bridge columns is relatively low, and the transverse reinforcement is primarily required to
provide restraint against buckling of the longitudinal reinforcement.
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7.8.2.3. Buckling of Longitudinal Bars

If a compression member has inadequate transverse reinforcement and the spacing of the spirals,
hoops, or cross-ties, s, in potential plastic hinge zones exceeds six longitudinal bar diameters
(i.e., s > 6dy), then local buckling at high compressive strains in the longitudinal reinforcement is
likely. The plastic curvature of this failure mode can be determined from:

_ %
(c—d)

0, 0, (7-37)

where d’ is the distance from the extreme compression fiber to the center of the nearest
compression reinforcing bars, and € is the buckling strain in the longitudinal reinforcing steel.
If 6d, < s < 30ds, the buckling strain may be taken as twice the yield strain of the longitudinal
steel, i.e.,

e, =" (7-38)

7.8.2.4. Fracture of the Longitudinal Reinforcement

Tensile fracture occurs when the tensile strain reaches a critical level, as given by €gmax. This
failure mode is only likely under near-field impulse-type ground motions where there is
essentially a monotonic (pushover) response. The plastic curvature in this case is given by:

&€, max _ -
o, “d-0) o, (7-39)

where d is the depth to the outer layer of tension steel from the extreme compression fiber, and c
is the depth to the neutral axis.

The tensile strain €g,x should be limited to a value less than or equal to 0.10.

7.8.2.5. Low Cycle Fatigue of Longitudinal Reinforcement

Since earthquakes induce cyclic loads in bridges, low cycle fatigue failure of the longitudinal
reinforcement is possible. This is especially so if the column is well confined and other types of
failure, as described above, are prevented. The plastic curvature that leads to a low cycle fatigue

failure is given by:

o 2e,, 2g,
P (d_dv) - D'

(7-40)
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where:

D’ = distance between the outer layers of longitudinal steel in a rectangular section
(d —a’), or the pitch circle diameter of the longitudinal reinforcement in a circular
section,

€,p = plastic strain amplitude, as given by:
€ap = 0.08 (2N;)?? (7-41)

N¢ = effective number of equal-amplitude cycles of loading that lead to fracture, which
can be approximated by:

N¢=3.5(T,)""? (7-42)

provided that: 2 < N¢< 10, and
T, = natural period of vibration of the bridge.

7.8.2.6. Failure in the Lap-splice Zone

It is common to have a lap-splice zone at the base of a column where the starter bars from the
footing or pile cap are lapped with the flexural reinforcement of the column. This is generally
also the location of the plastic hinge zone. The presence of the lap-splice within the plastic hinge
may lead to two different behavior modes, which depend on the length of the lap-splice that is
provided, liap, compared to the required length, given by:

f (54
1, =04 y, d, (7-43)
JEL
where d, 1s the diameter of the longitudinal reinforcing bar in the lap, fy. is the expected yield

strength of the longitudinal reinforcement in the lap-splice zone, and f,;e is the expected strength
of concrete surrounding the lap-splice zone (MPa).

7.8.2.6(a). ‘Long’ or Confined Lap-splice, l;,, > I

Some lap-splice zones in existing bridge columns were designed as tension splices and generous
lap lengths were provided by some 40 bar diameters or more. It is possible that if the bond
between the reinforcing steel and column concrete is satisfactory, the effective plastic hinge is
reduced in length and behavior is then governed by low cycle fatigue of the longitudinal bars.

From equation 7-28, it follows that the effective plastic hinge is concentrated at the beginning of
the lap and is given by:

L, = the minimum of | (8800g,ds,) or (0.08L + 4400gdy) | (7-44)

Equation 7-33 may be used to assess the rotational capacity of a long lap-splice.

251



7.8.2.6(b). ‘Short’ and Unconfined Lap-splice, lj,p < I,

Many lap-splices in bridge columns were designed as compression splices with a lap of 20 bar
diameters or less. Initially, such a lap-splice may function quite well and be capable of
sustaining the flexural strength capacity of the column. However, under the effect of earthquake-
induced cyclic loading, the bond in the lap-splice zone deteriorates and the moment capacity of
the hinge is reduced.

For a short and unconfined lap-splice zone where l;,, < 15, the component has a reduced ductility
that depends on the curvature ductility of the member. The effective plastic hinge length can be
taken as:

L, = Liyp (7-45)

The lap-splice-limited plastic curvature capacity is given by:

Op = (Wiapo T 7) Oy (7-46)

where:
¢y, = yield curvature, and
Wiapo = curvature ductility at the initial breakdown of bond in the lap-splice zone:
= 0 when M < M., where M; is given by equation 7-10; i.e., when the lap-splice
strength (M) is less than the expected flexural strength (M,), the deterioration in
strength commences as soon as the moment reaches M; and
= curvature ductility in the member when it reaches an ultimate strain of
0.002, when M, < M, < My, 1.e., when the strength of the lap-splice (M)
exceeds the expected flexural strength (M,), but is less than the flexural
overstrength (M,,), strength deterioration can still be expected but will be
delayed.

7.8.2.7. Shear Failure

If the shear strength of the member is less than the shear demand (based on its flexural strength),
the plastic rotation will be limited. Two limiting cases are: (a) brittle shear, and (b) semi-ductile
shear. These cases are based on the shear strength relative to the flexural strength. The shear
demand (Vy,), based on flexure, is given by:

V=M, /L (7-47)

where M; is the expected plastic moment capacity, and L is the distance to the inflection point
from the point of maximum moment in the member.
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7.8.2.7(a). Brittle Shear, V; <V,

When the initial shear strength (V;) is less than or equal to the shear demand (V,,), the member is
considered to be ‘shear-critical’ and will fail in shear in a brittle manner. Since the member has
no ductility capacity,

0p=0 (7-48)
7.8.2.7(b). Semi-ductile Shear, Vy<V,, < V;

If the shear demand, based on flexure, lies between the initial (V;) and final shear strength (V¢) of
the member, the member has limited ductility capacity given by:

o=t -

where ¢y is the yield curvature, V; is the initial shear strength (as defined previously) which is
maintained until a curvature ductility of three is reached after which deterioration commences,
and Vs the final (residual) shear strength that is maintained when the curvature ductility
exceeds eight.

However, if Vy, < Vi, the shear demand is less than the final shear strength of the member and
the rotational capacity is limited by flexure and not shear.

7.8.2.8. Joint or Connection Failure
If the shear induced in a joint between a beam and a column is less than the shear strength of the
joint, the joint will remain elastic, and the ductility of the beam-column system will be governed

by the plastic hinges in the beam and column.

Conversely, if the shear demand exceeds a certain critical level of principal stress in the joint, the
joint may fail and the ductility of the beam-column system will be limited.

Although damage (in the form of plastic rotations) will take place in the joint itself, it is difficult
to model such behavior. Instead, it is more convenient to modify the response of the adjoining
plastic hinges in the columns. The analysis therefore can proceed in a manner similar to the case
of a shear-critical column, as described earlier.

The horizontal shear in the joint (Vj,) is caused by flexure in the column and is given by:

th = Mp / hb (7'50)

where M, is the expected plastic moment flexural strength of the column, and hy, is the depth of
the cap beam at the joint.
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7.8.2.8(a). Weak Joint and Strong Column, Vj; < Vj,

When the joint shear strength (V;;) is less than the horizontal shear in the joint due to flexure in
the column (Vjy), joint performance will influence column behavior. The joint strength will
deteriorate at the onset of full cracking (i.e., when the principal tensile stress in the joint reaches

or exceeds 0.42 (f;) until a plastic rotation of 6, = 0.04 rad occurs (i.e., when the principal

tensile stress in the joint is 0.29 (f;) . The plastic rotation, which actually occurs in the joint,

may be assumed to occur within the column’s plastic hinge zone.
7.8.2.8(b). Semi-ductile Shear, Vir < Vi, <V

When the column causes a shear demand that lies between the initial and final shear strength of
the joint (i.e., Vir < Vi, < Vj), the joint has limited ductility capacity, which can be calculated
from the curvature ductility of the member as follows:

Vi — Vi
(I)p = (4 (ﬁ} + 2] (I)y (7-51)

where 0y is the yield curvature, Vj; is the initial shear strength of the beam-column joint (as
defined previously) which is sustained until a curvature ductility of three is reached after which
deterioration commences, and Vit is the final (residual) joint shear strength that is sustained when
the curvature ductility exceeds seven.

However, if Vjs> Vj;, the shear strength is greater than the flexural demand, and the rotational
capacity is limited by beam or column flexure and not joint shear.

7.8.3. NEUTRAL AXIS DEPTH IN COLUMNS AND BEAMS

In several of the above failure modes, it is necessary to find the neutral axis depth for a given
value of strain, usually in an extreme fiber. This can be done either by a moment-curvature
analysis, or by a plastic section analysis. The moment-curvature analysis generally requires
detailed computational modeling of the entire section and is more exact. The plastic section
analysis is based on equilibrium of the section and several simplifying assumptions, however, its
accuracy is adequate for purposes of this manual.

For rectangular sections that are doubly reinforced, the neutral axis depth ratio is given by:

[ P, J"'( thfy/f;J
£ A 1-2d7D
Lf_\c’e , (7-52)
D o +2Y pt fy/fc
1-2d/D
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For circular sections, the neutral axis depth ratio is given by:

where:

50.725

_ .
P, +0-59t7(1 2c/D)
f.A, f. \1-2d'/D 753

1320

Ole
=~

depth to neutral axis,

overall depth of section,

axial load on the section,

expected concrete strength,

expected yield strength of the longitudinal reinforcement,

gross cross-section area,

depth from the extreme compression fiber to the center of the compression
reinforcement,

volumetric ratio of the longitudinal reinforcement,

concrete stress block parameters as previously defined in section 7.7.1.2, and
reinforcing steel configuration factor:

0.5 for square sections with steel placed symmetrically around the perimeter,
0.0 for rectangular beam sections with steel lumped at the outer (top and bottom)
faces,

0.0 for wall section bending about the weak (out-of-plane) axis, and

1.0 for wall sections bending about the strong (in-plane) axis.
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CHAPTER 8: RETROFIT MEASURES FOR
SUPERSTRUCTURES, BEARINGS, AND SEATS

8.1. GENERAL

This chapter discusses measures for retrofitting a bridge from the bearing seats up to and
including the superstructure. The most common and serious seismic deficiencies are often at the
bearings and bearing seats, and can potentially lead to a loss of support and collapse of the
bridge. The focus of early seismic retrofitting efforts was on correcting these deficiencies, and
this continues to be a significant part of current retrofitting practice. Retrofit measures include
restraining devices, bearing seat extensions, bearing strengthening, and bearing replacement.
Other weaknesses in the superstructure are also of concern. For example, the superstructure
must be capable of transferring its inertial load to the substructure without compromising the
stability of the beams. Control of plastic hinging in the superstructure will also be a concern in
some cases. In addition, there are several retrofit measures for superstructures that can be used
to reduce or redistribute load to the substructure. These methods include the use of special
energy dissipating devices or isolation bearings, reduction of superstructure dead load, and
provisions for superstructure continuity.

The following sections discuss some of the most common retrofit measures in greater detail.
Many of these measures have been used extensively and have evolved to their current state over
time, while others have had only limited use or are concepts developed as part of recent research
efforts. The measures presented are not intended to cover all possible situations, and variations
of these concepts may be possible and, perhaps, necessary for some applications.

8.2. BRIDGE DECKS AND GIRDERS

This section discusses retrofitting measures that are applicable to bridge decks and girders. It
does not include a discussion of cable and bar restrainers, which are covered in section 8.4.

8.2.1. LATERAL LOAD PATH ENHANCEMENT

Retrofitting may be required to assure that inertial forces in the superstructure are effectively
transmitted to the bearings and substructure. These measures are particularly applicable to steel
girder bridges where a substantial portion of the mass is in the concrete deck slab and the girders
and cross frames of the superstructure that may be inadequate to transmit the corresponding
inertial forces to the substructure. In many cases, they are also applicable to pre-cast concrete
girder bridges, which can experience the same deficiencies.

8.2.1.1. Strengthening of Deck to Girder Connection
Many older steel girder bridges are not designed for composite action and therefore do not have a

positive connection between the deck slab and the girders. This could result in a separation of the
deck from the girders during a strong earthquake. In many cases, this may be tolerable if it does
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not result in the formation of a collapse mechanism, and may improve overall performance if it
protects other vulnerable structural elements from damage. In other cases, however, it may be
desirable to strengthen the deck-to-girder connection. This situation could occur when
unacceptable movement of the deck is expected, when a higher level of seismic performance is
required, or when a positive deck-to-girder connection is a component of a larger seismic retrofit
strategy. Figure 8-1 shows one method that has been used in the past to improve the deck-to-
girder connection.

¢ Girder \ Existing Concrete Deck

Two rows of threaded
rods at a specified pitch
for entire length of the
girders.

Drill and bond (epoxy
cartridge) into existing
concrete deck. Stagger

as shown below. /
rﬁg C Girder
o o |

O O @)

Figure 8-1. Deck to girder connection retrofit.

8.2.1.2. Diaphragm Strengthening or Stiffening

Many existing diaphragms in steel or pre-cast concrete beam bridges were not designed for high
seismic loads and are not strong enough, or sufficiently ductile, to transfer the inertial forces
from the deck into the bearings. This may protect the bearings from damage, but could also
jeopardize the transverse stability of the beams if deformation of the diaphragm is large enough.
If it is not practical to make diaphragms strong enough to resist loads elastically, brittle or non-
ductile diaphragm failure modes could occur. This would include shear failure of bolted or
riveted connections or inelastic buckling of compression members within the diaphragm.
Generally, this will require strengthening or bracing of the diaphragm in such a way as to make
axial yielding in a diaphragm member the principle mode of failure.
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If existing riveted or bolted connections are not strong enough to resist the loads applied to them,
then retrofitting might include removal of the existing rivets or bolts and replacement with
stronger connectors (e.g., higher grade material or larger diameter bolts). When only bolts are
used in a connection, their ultimate strength as bearing connectors may be used. The use of
welds should also be considered if the weldability of the existing steel is acceptable and the
direction of applied stress is conducive to a welded connection. Welds may be considered to
complement the strength of existing rivets and bolts if capacity design principles are used to
design the connection, and the rivet or bolt design strength is strain-compatible with the welds.
This could be the case if the design capacity of the existing bolts is limited to that of a friction-
type connection.

A method of increasing the inelastic buckling strength of a diagonal member is shown in figure
8-2. This method involves the addition of a relatively stiff member, such as a steel tube, to brace
the existing diaphragm member against buckling. Slotted bolt holes are used to connect the
bracing member so that it does not add to the yield strength of the existing diaphragm member.
This is important, because the diaphragm will be subject to load reversals during the earthquake,
and some members will act in both tension and compression. Yielding of these members will
limit forces in other elements of the diaphragm and result in ductile behavior. This phenomenon
is illustrated in the free body diagram for a typical diaphragm shown in figure 8-3.

Axial yielding of mild steel members in the diaphragm can be relatively ductile if inelastic
buckling is prevented. However, it is important to consider the displacement ductility of the
entire lateral force resisting system (diaphragms, girders, bearings, piers and foundations) in
determining the adequacy of the critical diaphragm member. This can be accomplished by
performing a two-dimensional, nonlinear, static ‘pushover’ analysis of the system with a target
displacement equal to 150 percent of the displacement from an elastic analysis in which the
stiffness of all elements is considered. With this analysis, it is suggested that the design may be
considered satisfactory for collapse prevention if no brittle or non-ductile failures are indicated
(e.g., fracture of the net section at the connections) and axial elongations of diaphragm
components limit relative transverse displacement at the top of the girder to two percent of the
girder height.

8.2.1.3. Energy Dissipating Ductile Diaphragms

A seismic retrofit strategy that replaces existing end diaphragms in the steel superstructure with
specially detailed ductile end diaphragms may provide a desirable energy dissipation mechanism
in the structure in the transverse direction. These ductile diaphragms can be specially designed
and calibrated to yield before the substructure elements (foundation and bearings). This strategy
may be adopted when the substructure elements have limited ductility and cannot be relied upon
to achieve a stable ductile response (e.g., stiff wall piers). Ductile diaphragms should be capable
of dissipating energy in a stable manner without strength degradation during cyclic deformation.
Various types of systems capable of stable passive seismic energy dissipation may be adopted for
this purpose. Among these are eccentrically braced frames (EBF)', shear panel systems (SPS)?,

! Malley and Popov, 1983; Kasai and Popov, 1986
? Fehling et al., 1992; Nakashima, 1994

259



and steel triangular-plate added damping and stiffness devices (TADAS)®. TADAS devices are
popular in building applications and have been studied for bridge applications®. Although
concentrically braced frames can also be ductile, they may not be desirable because they may be
stronger than calculated, and their hysteretic curves may exhibit pinching and some strength
degradation. Typical energy dissipating, ductile diaphragms are shown in figure 8-4.
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Figure 8-2. Steel girder diaphragm retrofit.

3 Tsai et al.,1993
4 Zahrai and Bruneau, 1998, 1999
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Figure 8-3. Diaphragm free body diagram.

The ductile diaphragm approach may not be effective when the substructure is significantly more
flexible than the superstructure. Therefore, bridges with wide piers, wall piers, or other stiff
substructure elements of similar limited ductility, are candidates for the implementation of this
system. Ductile diaphragms can also be designed to yield before the bridge piles, thus preventing
the development of damage below ground where it is difficult to inspect following an
earthquake. Recent studies have provided methods to account for the effect of substructure
flexibility’ on the ductility demands of ductile diaphragms. This is reflected in the recommended
response modification factor (i.e., R-factor) for design of ductile end diaphragms recommended
by equation 8-1:

5 Alfawakiri and Bruneau, 2000
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where L is the ductility capacity of the end diaphragm itself, which should not be taken to be
greater than four, Kpgp is the stiffness of the ductile end diaphragm, and Kgsyg is the stiffness of
the substructure.

Typically, increased substructure flexibility results in higher ductility demands in ductile end
diaphragm systems. The capacity of the ductile system, or device, should not be exceeded for
the maximum expected lateral drift of the bridge at the diaphragm location. A drift limit of two
percent of the girder height is recommended until further experimental evidence is provided to
demonstrate that higher values may be acceptable.
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Inertia forces due to the mass of the pier cap will not be reduced by ductile end diaphragms, and
must be resisted by the substructure. Refined analyses should consider this condition if the mass
of the pier cap is a significant portion of the total superstructure mass.

Ensuring an adequate load path within the superstructure can enhance the effectiveness of ductile
end diaphragms. In general, a continuous path is necessary for the transmission of the
superstructure inertia forces to the substructure. Concrete decks have significant rigidity in their
horizontal plane, and in short-to-medium steel beam spans, their response approaches rigid-body
motion. Therefore, the lateral loads resisted by the intermediate diaphragms are minimal, and
the load path for seismic loads is effectively through the deck and the end diaphragms to the
bearings.

It is important to note that the contribution of girders to lateral stiffness at the end diaphragms
can be significant and should not be neglected. For this reason, ductile diaphragms are typically
more effective in longer span bridges, and may be of limited benefit for very short span bridges.
The retrofit design should consider the combined stiffness and strength of end diaphragms acting
in conjunction with the girders (including the effect of the girder’s bearing stiffeners) in
establishing the diaphragm's strength and therefore the design forces for capacity protected
elements such as bearings.

Ductile energy dissipating elements in the end diaphragms should be laterally braced at their
ends to prevent out-of-plane instability. It is recommended that these lateral supports and their
connections be designed to resist six percent of the nominal strength of the beam flange. To
prevent lateral torsional buckling of beams in the end diaphragms, the unsupported length of

by

5

meters and f is the yield strength of steel in MPa.

these beams should be typically limited to 200 , Where by is the width of beam flange in

The energy dissipating ductile end diaphragm concept is relatively new and has yet to be
implemented in practice. However, considerable research related to these members has been
conducted®, which has demonstrated the effectiveness and validity of the design methods

described above. Further information is given in the recommended provisions for seismic design
developed for the NCHRP 12-49 project (ATC/MCEER 2003).

8.2.1.4. Girder Strengthening

Girders may be subjected to high transverse bending stresses in the vicinity of the bearings
during an earthquake. This will be most critical when diaphragms are not provided or when
diaphragms consist of horizontal beam type elements located some distance above the bearings.
In these cases, the principal resistance to transverse bending is that provided by web stiffeners at
the bearings, which may be inadequate for this purpose. If stresses and distortions are too high,
the ability of the girder web to support dead load may be compromised. Supplemental braces as
shown in figure 8-5 may be used to prevent transverse distortion of the girders, or bearing
stiffeners may be strengthened as shown in figure 8-6.

6 Zahrai and Bruneau, 1998 and 1999; Sarraf and Bruneau, 1998a and 1998b
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Figure 8-5. Girder bracing retrofit.

8.2.2.  PROVIDING LONGITUDINAL CONTINUITY

Several retrofit measures other than cable or bar restrainers are available for providing
superstructure continuity in the longitudinal direction during an earthquake so that seismically
induced forces can be better shared between the supports. Some of these methods are discussed
below.

8.2.2.1. Web and Flange Plates

It is often possible to tie steel beams together using web plates as shown in figure 8-7. It may be
necessary to use shims to get the web splice plates to align properly with the beam webs. If the
plates are located at an expansion joint, bolt holes may be slotted to provide for thermal
expansion and contraction of the superstructure. This retrofit measure also provides for vertical
support of one of the girders if it becomes unseated. To prevent bolt failure due to vertical and
horizontal impact loading and misalignment or slotting of the bolt holes, bolts should be
designed as bearing
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connectors with large factors of safety (i.e., two or greater). Also, relative transverse movement
of the beams should be restrained to prevent tearing of the web.

8.2.2.2. Superstructure Joint Strengthening

It is often possible to make a structure continuous for live load across existing joints without
significantly affecting its ability to accommodate changes in temperature. This is true if the
bridge is relatively short or if the joint in question involves fixed bearings on both sides of the
joint. This can be done by removing a portion of the deck on either side of the existing joint,
connecting the girders together with splice plates at the flanges, and reconstructing the deck so as
to be continuous. This retrofit method is illustrated in figure 8-8. This method requires
verification of the ability of the girders to accommodate the resulting negative moments that will
occur under service load conditions.
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8.2.3.  REDUCTION OF DEAD LOAD

It is sometimes possible to reduce dead load on a bridge superstructure. Although this will often
decrease the natural period of vibration, and therefore result in a slight increase in the spectral
acceleration, the net effect will be to reduce the displacement and ductility demands on the
bridge. This reduction in seismic demand may be enough to improve seismic performance.
Removal of heavy concrete barrier rails and accumulated overlays of asphalt concrete or other
materials, or replacement of a heavy concrete deck with light weight concrete or other material,
are some of the options that may be considered.

8.2.4. STRENGTHENING OF CONTINUOUS SUPERSTRUCTURES

It is generally not desirable to allow extensive plastic hinging to occur in a superstructure that is
integral with the substructure, since the superstructure is usually not designed to behave in a
ductile manner. To prevent this, the superstructure can be strengthened to restrict plastic hinging
to the piers. This is preferable since piers are more easily retrofitted for ductility enhancement.
Figure 8-9 illustrates how this can be done for a concrete box girder structure that lacks
significant positive moment capacity near a support. Additional retrofitting would be required if
the negative moment capacity of the superstructure was also inadequate. To prevent excessive
torsion from developing in the pier cap near the column, retrofitting should be done
symmetrically about a column within a width equal to the width of the column plus twice the
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Figure 8-9. Retrofit of concrete box girder for flexural capacity.

depth of the superstructure for box girders and solid superstructures, or the width of the column
plus the depth of the superstructure for stringer-type superstructures.

8.3. BEARINGS, ANCHORAGES AND PEDESTALS

When the superstructure can become dislodged from its bearings, the designer has several
options to consider. If the seat that supports the bearings is wide enough and the superstructure
can drop only a short distance, it may acceptable to allow the bearings to fail as long as a
collapse mechanism is avoided and the resulting level of performance is acceptable. If the height
of the vulnerable bearings is large, it is usually advisable to retrofit the structure. This can be
done by strengthening the existing bearings, replacing them with new bearings, or providing an
elevated seat extension (i.e., a catcher block) that will maintain the grade of the superstructure in
the event of bearing failure. This section deals with bearing strengthening and replacement.
Catcher blocks are discussed in section 8.4
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Bearing types that have fared poorly in past earthquakes are shown in figure 4-3. Although
different bearings have different configurations, failure will usually occur at the connection
between the bearing and the girder, at keeper plates, at the connection between the bearing and
the masonry plate, or at the anchor bolts that connect the masonry plate to the support. In some
cases, bearings will be mounted on concrete pedestals that must also be considered as a possible
cause for bearing failure. Steel rocker bearings are particularly vulnerable to damage during an
earthquake. Figure 8-10 shows the nomenclature for two typical steel bearing types.

New or strengthened bearings and their restraining components should be capable of resisting the
longitudinal, transverse, and vertical forces obtained by analysis.

Tall Rocker Bearing

Sole Plate
. Pintle
Hole for Anchor Bolt
. Masonry Plate

. Rocker/Bolster
Keeper Plate

Wing Plate
Stiffener Plate

Web Plate

©oNOaR~®ODN S

Tall Fixed Bearing

Figure 8-10. Steel bearing nomenclature.
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8.3.1.  STRENGTHENING OF EXISTING BEARINGS

Strengthening is not usually the preferred retrofit measure for steel rocker bearings because of
their poor maintenance history, and replacement may be preferred instead. But there may be
cases where strengthening is the best option, in which case the focus should be on those
components of the bearing that are most likely to fail. Note that if bearings are strengthened,
failure and/or yielding may shift to other locations within the structure - usually the piers. The
designer should verify that yielding at this new location is acceptable, and that there is sufficient
strength and/or ductility to achieve the desired performance of the bridge.

8.3.1.1. Expansion Bearings

Expansion bearings are intended to allow free movement in the longitudinal direction and
usually have keeper plates, pintels, anchor bolts, or some other mechanism, to prevent transverse
movement and resist transverse loads. Retrofitting to increase the strength of these connections is
frequently necessary to meet minimum force requirements and prevent loss of support in the
transverse direction. Care should be taken that these measures do not impede the longitudinal
movement of the bearing and inadvertently restrict longitudinal expansion.

8.3.1.1(a). Sole Plate to Girder

Sole plates are usually connected to girders with bolts or rivets, which often lack the shear
capacity required to prevent the sole plate from breaking loose from the girder during an
earthquake. This deficiency can be overcome by replacing existing bolts and rivets with stronger
bolts. If this does not provide sufficient strength, it may be possible to use a supplemental
connector plate that will put the bolts in double shear as shown in figure 8-11. These new bolts
must be designed to resist both tension and shear simultaneously, and the flange and sole plates
must be capable of resisting these forces.

Another retrofit measure is to provide for an extended range of transverse movement of the beam
on the bearing. The details used for this retrofit will depend on the details of the bearing, but one
method that was proposed for bearings tested in the laboratory is shown in figure 8-12 (Mander
et al., 1996a). In this case, keeper plates are allowed to fail. The steel catcher bars that are
welded to the sole plate would accommodate the resulting sliding of the bearing on the sole
plate. Transverse movement is limited to half the width of the bearing. In this case, vertical legs
extending downward from the catcher bars resist extreme movement provided vertical
accelerations are not excessive.
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8.3.1.1(b). Bearing to Masonry Plate

Steel rocker bearings provide very little resistance to movement in the longitudinal direction.
Recent laboratory testing has shown that it is possible to retrofit this type of bearing to increase
resistance to displacement beyond a predetermined range (Mander et al., 1996¢). This allows
freedom of movement for thermal expansion and contraction of the superstructure, but resists
excessive movement due to an earthquake. This is done by welding steel wedges to the bearing
plate as shown in figure 8-13. The edges of the wedge plate should be sealed to prevent the entry
of moisture and thus eliminate potential corrosion between the wedges and the bearing plate.
The resulting increase in longitudinal resistance, Fy, is given as a function of the bearing dead
load reaction, P, and the angle of the wedges, o, per equation 8-2.

Fn=P tan o (8-2)

In the transverse direction, the connection between bearing and bearing plate is sometimes
provided by pintles that engage holes in the rocker. In other cases, keeper bars or anchor bolts
provide resistance to transverse force. Any of these transverse force-resisting devices can fail in
shear and result in unacceptable transverse movement of the superstructure. The type of retrofit
selected to prevent excess transverse movement will depend on the configuration of the bearing.
One possible method is shown in figure 8-14.
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8.3.1.1(c). Masonry Plate to Substructure

Masonry plates are usually connected to the substructure with anchor bolts cast into concrete
bearing seats. These bolts must resist both shear and tension when the bearing is subjected to
transverse forces, and if they should fail, the resulting sliding of the bearing may cause excessive
displacement of the superstructure. The capacity of the masonry plate to resist these forces can
be increased by adding more anchor bolts, which may require making the plate larger. This can
be done by drilling and grouting new anchor bolts into the concrete bearing seat and connecting
these new anchor bolts to the existing masonry plate. One method for doing this is shown in
figure 8-15.
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Figure 8-15. Retrofit to increase anchor plate capacity.
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8.3.1.2. Fixed Bearings

In the case of fixed bearings, horizontal forces are resisted in both the longitudinal and transverse
direction. There are several locations within a bearing assembly where failure can occur.
Usually, the sole plate-to-beam connection, keeper bars, and masonry plate-to-substructure
connection are the weakest points. In some cases, bearings are mounted on concrete or masonry
pedestals that may fail during an earthquake.

8.3.1.2(a). Sole Plate to Girder

There is very little difference between retrofitting a sole plate-to-beam connection for a fixed
bearing than for an expansion bearing. The primary difference is that the connection in a fixed
bearing must carry large longitudinal as well as transverse forces. See section 8.3.1.1(a) and
figures 8-11 and 8-12 for suggested retrofit measures.

8.3.1.2(b). Masonry Plate to Substructure

Anchor bolts on fixed bearings are usually subjected to simultaneous tension and shear during an
earthquake. This makes it more difficult to retrofit the masonry plates by simply adding more
anchor bolts. An alternative method is bearing encasement, which can also be used to increase
the strength of concrete and masonry pedestals. One approach (Mander et al., 1996c¢) is to place
a steel shell around the portion of the bearing to be encased, up to the pivot point of the bearing.
The concrete within the shell is anchored to the bearing seat by dowels that are drilled and
bonded into the existing concrete. If insufficient length exists to fully develop the dowels in the
new concrete encasement, they may be welded to the steel shell. A typical retrofit detail is
shown in figure 8-16.

Another method of bearing embedment is shown in figure 8-17. This will prevent shear failure
and toppling of the bearings. In addition, if the spans are unseated from the bearings, the
concrete cap will limit the vertical drop. The concrete cap can also act as a shear key and an
anchorage for vertical motion restrainers.

8.3.2. BEARING REPLACEMENT
8.3.2.1. Conventional Bearings

Replacement is the preferred retrofit measure for bearing types that have performed poorly in
past earthquakes. This is because seismically vulnerable bearings also have a history of
maintenance problems. But many of the newer bearings have smaller vertical dimensions than
the ones they are replacing, and it will be necessary to compensate for the difference in height as
part of the retrofit. This may be done by using either a steel pedestal (figure 8-18) or a concrete
pedestal (figure 8-19). In the latter case, the pedestal can be constructed to a higher elevation
between beams to provide a transverse shear key and vertical motion restrainers may be
anchored into the pedestal.
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Figure 8-18. Bearing replacement retrofit using steel pedestal.
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Wherever possible, the replacement bearings at expansion and fixed ends of a girder should be of
the same type so that the girder end rotations are similar and symmetry is preserved.

8.3.2.2. Replacement with Seismic Isolation Bearings

Use of isolation bearings as a seismic retrofit measure may have the dual benefit of replacing a
vulnerable bearing while also protecting other structural components from damage. More than
150 bridges in the U.S. have been successfully retrofitted using this method.

Seismic isolation bearings may be used to reduce the response of a bridge during an earthquake.
This is done by increasing the fundamental period of vibration of the bridge, which in most cases
will reduce the accelerations in the superstructure and the inertia forces transmitted to the
substructure. At the same time, the relative displacements between the superstructure and the
substructure increase; these are kept to acceptable levels by the energy dissipating characteristics
of the bearing. An analysis should be performed to determine the magnitude of these forces and
displacements to assure that the capacity of the bridge will not be exceeded.

Isolation bearings should be stiff under service conditions, and flexible under seismic loads.
This is because the isolators should be able to resist service loads with only a minimum amount
of movement, but soften at higher amplitudes to give the required flexibility that will effectively
isolate the bridge during an earthquake. This usually means that the force-deflection
characteristics of these devices will be nonlinear. In most isolators, these nonlinear
characteristics are also used to provide hysteretic energy dissipation.

Isolators currently being used for bridges include both rubber- and friction-based systems. The
majority of bridge applications in the United States are rubber-based and the principal type is the
lead-filled elastomeric bearing’. Friction-based systems, principally the friction pendulum
bearing, have also been used in a number of bridge applications and are gaining in popularity.
Both rubber- and friction-based isolation bearings have been used extensively in other countries.
Seismic isolation can be provided by conventional elastomeric or sliding bearings, when used in
conjunction with separate energy dissipation devices. An example of such an isolator is the
EradiQuake bearing. Examples of isolation bearings are listed in table 8-1 and illustrated in
figures 8-20 through 8-22. Energy dissipating devices are discussed further in section 8.4.3.

A number of these isolation systems have been evaluated in the HITEC® program on behalf of
Caltrans and FHWA (HITEC, 1999a). These include elastomeric, sliding and rolling bearings
that are capable of resisting the types of loadings experienced in bridges. Summaries of test
results for eight of these systems are available through HITEC (HITEC, 1998a through h,
inclusive).

7

Buckle 2003
¥ Highway Innovative Technology Evaluation Center, ASCE Civil Engineering Research Foundation, Washington
DC
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Figure 8-20. Lead-filled elastomeric isolation bearing.

Figure 8-21. Friction-pendulum isolation bearing.
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Figure 8-22. Eradiquake isolation bearing.

Table 8-1. Basic characteristics of typical isolation bearings for bridges.

. Flexible Energy Rigidity for
Bearing Type Element Dissipation Service Loads
Lead-filled Standard Plastically deformed S
. . . . Elastic stiffness of lead core
elastomeric bearings | elastomeric bearing lead core
Flat slider with low

. . friction coefficient . No slip until friction coefficient

Eradiquake bearings o Friction
and uniaxial exceeded

polyurethane springs

Friction-pendulum Spherical slider with . No slip until friction coefficient
: o - Friction
bearings low friction coefficient exceeded

Note: Some of the above hardware is patented or proprietary and is only available through licensed suppliers.

The selection of isolator type is an important decision, since both short-term and long-term
performance characteristics are important. In the short-term, resistance to wind and braking
loads without excessive displacement requires rigidity at small deformations, as noted above.
However, the same device must also permit thermal expansion to occur in the superstructure
without overstressing the substructure. In the long-term, reliability of performance is essential.
It may be decades before the design earthquake occurs, and over this period of time, the isolator
properties must remain stable. In this regard, the ideal isolator is maintenance free, does not
require precise field tolerances to operate successfully, and is constructed from materials that are
chemically inert and resistant to atmospheric pollutants and de-icing salts.

283




All isolation systems should satisfy rigorous testing requirements and quality control standards.
The physical properties of many isolators vary with temperature and this can be important in
areas subject to low temperatures. Guidance on suitable testing requirements, including low-
temperature performance testing, is provided in AASHTO, 1999. Properties likely to exist under
field conditions should be used in analysis.

Bridges that already have bearings at every pier and abutment are good candidates for seismic
isolation because isolator installation is relatively straightforward. In cases where a shallow-
profile bearing such as an elastomeric pad is being replaced, there may be insufficient headroom
to make a direct exchange with an isolator. Extra effort will then be required to create the
necessary space to install the device. This is unlikely to be the case when replacing steel
bearings, and in some cases, the reverse situation will be true, requiring the use of a pedestal (see
section 8.3.2.1).

Isolation may also be used to retrofit an integral bridge, since the columns may be cut directly
under the pier cap to create a space for the isolators.

When a bridge is isolated, it must be free to move in any horizontal direction in order for the
isolation to be effective. This is not usually a problem in the transverse direction; but in the
longitudinal direction, special care is necessary at the abutments. This is because the clearance
at existing expansion joints for most abutments will be insufficient to accommodate the expected
movements under seismic loads. If the clearance is not increased, impact between the
superstructure and the backwall will most likely occur. The resulting damage to the backwall is
unlikely to cause collapse or close the bridge for any period of time since temporary repairs can
be implemented quickly and access restored. This leads to an approach of not providing the
required clearance at the time of retrofitting, but waiting until the wall is damaged in an
earthquake. When the wall is repaired, adequate clearances can be provided for future
earthquakes. While this approach is not recommended for new bridges, it has merit in retrofit
situations.

The backwall can also be modified at the time of retrofit. One way to do this is shown in figure
8-23. A sacrificial knock-off element is incorporated into the top of the wall, and can be
replaced if dislodged in an earthquake. Impact is still likely to occur in the longitudinal direction,
but the consequences are minor. Another option is to provide for a much larger clearance so that
impact does not occur. In this case, the gap must be bridged with an expansion joint. This may
be the ideal solution from a structural response point-of-view, but may not be the most
economical one since road joints that can accommodate large opening and closing movements
are expensive and difficult to maintain.
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8.3.3.  STRENGTHENING OF SUPERSTRUCTURE TO SUBSTRUCTURE
CONNECTIONS

Some integral bridges employ concrete hinges (also called Freyssinet hinges) for the connection
between the superstructure and the substructure. These hinges allow rotational movement in the
longitudinal direction, but resist transverse rotation. They also generally resist shear forces in
both directions. These hinges may be located either at the top or bottom of piers and abutments
as is shown in figure 8-24. When the steel reinforcing is inadequate to resist the shear forces in
either direction, or the moments in the transverse direction, retrofitting may be necessary. A
method that can be used to increase the shear resistance of these hinges is shown in figure 8-25.
It involves coring a hole through the joint and inserting a steel pin such as a thick-walled pipe.

Another method of increasing the transverse moment resistance of a hinge is shown in figure
8-26. This method uses supplemental tie-down piles and a prestressed concrete cap beam to
strengthen a concrete hinge at the bottom of a single column pier that is deficient in transverse
overturning capacity.

Methods used to strengthen these types of hinges will vary based on the configuration of the
bridge being retrofitted. The design forces should be determined from an analysis of the
structure. In many cases, these forces are dictated by plastic capacity elsewhere in the bridge, for
example, the moment capacity at the opposite end of the column to the hinge. The designer must
also check that the retrofit allows the bridge to perform adequately under service conditions.
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Figure 8-24. Freyssinet hinge.

84. EXPANSION JOINT RETROFIT

This section presents several methods for preventing loss of support at expansion joints during
earthquakes. Two basic retrofitting approaches are discussed. The first provides additional
displacement capacity, and the second reduces the displacement demand. These approaches may
be used alone or in combination to prevent failure due to loss of support.

8.4.1. BEARING SEAT EXTENSIONS

Increasing the seat width increases the displacement capacity at an expansion joint, often without
affecting the dynamic characteristics of the bridge. Two ways of doing this are discussed below.

8.4.1.1. Concrete Seat Extensions and Catcher Blocks

Seat extensions are used when too many restrainers would be required to limit movement at an
expansion joint to 67 percent of the available seat width (see section 8.4.2.1 (f)). By using seat
extensions to increase the range of movement, a smaller number of restrainers can be used. If
installed at abutments, these extensions should preferably be supported directly on the footing, as
shown in figure 8-27.
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Figure 8-27. Abutment seat extension.

Extensions that are anchored to the vertical face of a concrete abutment or pier, with dowels or
anchor bolts, must be designed to carry the large vertical and horizontal forces that will be
imposed if the bearings fail. These include the impact of the falling superstructure and the
horizontal forces from the earthquake. When these forces are eccentric to the dowels and anchor
bolts, the resulting moments must be considered in designing the anchorage to the abutment or
pier. When feasible, post-tension the seat extensions to the substructure.

When the bridge is supported on high bearings, the seat extension should be elevated to just
below the level of the beams. If these so-called ‘catcher blocks’ are used, consideration should
be given to future inspection and maintenance of the bearings. One approach is to use a
removable steel assembly for the raised portion of the seat extension. An oversized sole plate
that is fastened below the bottom flange of the girder has also been used with some older
bearings. There must be sufficient clearance for this plate to avoid impact or interference with
the seat extension.
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If bearing seats are extended, their width should be increased to the minimum seat width
recommended in section 5.2.1. These widths reflect the possibility of large relative movements
at the bearings resulting from the overall inelastic response of the bridge, possible independent
movement of different parts of the substructure, and out-of-phase rotation of abutments and piers
resulting from traveling surface wave motion.

The following load cases should be used to design the seat extensions:
1. Vertical load equal to twice the dead load reaction.
2. Vertical load equal to the dead load reaction plus a horizontal load due to the earthquake.

The first case considers vertical forces only and is intended to account for the large impact forces
that can result when the superstructure drops from the bearings onto the seat. The second case
considers both the horizontal and vertical loads that can develop when the superstructure is
resting on the bearing seat extension and is still being subjected to earthquake ground motions.
Depending on the type and amount of traffic likely to be present on the bridge at any time,
consideration should also be given to including a portion of the live load in the vertical load for
both of these load cases. The horizontal earthquake loading should be equal to the lesser of the
dead load reaction times, the spectral acceleration coefficient, or the dead load times the
maximum feasible coefficient of friction between the girder and seat extension.

8.4.1.2. Pipe Extenders

For seats at in-span expansion joint hinges, pipe extenders may be used to increase seat width
capacity. A typical detail is shown in figure 8-28. These extenders may also be used as
transverse shear keys.

As for seat extensions, pipe extenders are used when too many restrainers are required at an in-
span hinge to limit movement to 67 percent of the available seat width (see section 8.4.2.1 (f)).

By using pipe extenders to increase the range of movement, a smaller number of restrainers can
be used.

Pipe extenders will be subjected to both vertical gravity loading and transverse earthquake
loading. This will result in both flexural and shear stresses within the pipe as well as complex
stresses within the concrete diaphragm in which the pipe is anchored. Caltrans has conducted
field tests of 200 mm (8 in) diameter double extra strong pipe extenders and found that failure
occurs in the pipe at an ultimate load of approximately 1070 kN (240 kips) and an extension of
200 mm (8 in). Based on these findings, it is recommended that shear capacity be limited to

930 kN (210 kips) for resolved vertical and horizontal shear and 800 kN (180 kips) for shear in
either of the orthogonal directions. These values are for a normal joint, and horizontal shear
capacity will be reduced in skewed joints. Despite these findings, it is good practice to limit seat
extender capacity to 445 kN (100 kips) unless space limitations prevent it (Caltrans, 1996).

Calculated shear demands on multiple pipe extenders should be increased by 130 percent to
account for potential misalignment of the extenders. Consideration should also be given to the
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participation of existing concrete shear keys in resisting transverse shear. For the load case in
which transverse shears are high and the expansion joint opening is relatively low, existing
transverse shear keys can be engaged. If the pipe extenders engage before the concrete shear
keys, then the ductility of the pipe extenders will permit the eventual participation of the shear
keys during a strong earthquake. If the shear keys engage first, they are likely to experience
brittle failure before the pipe extenders take up load, and therefore would not contribute to the
ultimate shear resistance at the expansion joint.

Figure 8-28. Pipe seat extenders.
8.4.2. RESTRAINERS

Many of the bridge failures observed in earthquakes prior to and including the 1971 San
Fernando earthquake in southern California resulted from loss of support of the superstructure at
the bearing seats. Such failures usually cannot be repaired and result in the demolition and
reconstruction of the collapsed spans. Because of the catastrophic consequences of loss of
support, and the perception that they could be easily prevented at relatively low cost, early
retrofitting programs focused on preventing such failures. These programs, which were first
undertaken by Caltrans, involved the addition of longitudinal restrainer cables and bars to limit
relative movements at expansion joints.

Subsequent earthquakes showed that longitudinal restrainers may have prevented loss of support

at expansion joints in some cases, but were unable to prevent serious damage or even collapse in
many others. Bridges that had been retrofitted with restrainer cables failed in both the 1989
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Loma Prieta and 1994 Northridge earthquakes. Many of these failures resulted from flaws in the
design of the restrainer assemblies themselves. Restrainers ruptured, anchorage plates pulled
through concrete diaphragms, swaged fittings pulled away from cables, and anchorage nuts had
apparently worked loose from the ends of cable units. Similar failures of Japanese restraining
devices were observed during the 1995 Kobe earthquake.

Restrainer failures drew attention to the need to carefully design restrainer systems. Restrainers
must not only be stiff enough and strong enough to prevent joints from separating, but the
remainder of the bridge must be able to resist the forces developed in restrainers (Selna and
Malvar, 1987). The number of restrainers in a typical Caltrans multi-cable unit was subsequently
limited and strengthening was required to prevent punching shear failures of concrete
diaphragms in the expansion joints of continuous box girder bridges. Restraining devices may
also transmit higher forces to other bridge components such as bearings and columns, and may
cause their failure if not properly designed.

On the other hand, dynamic analysis of bridge and restrainer systems has demonstrated that a
large number of restrainers is often required to limit joint movement to acceptable levels,
particularly for high seismic loadings. In some of these cases, it is almost physically impossible
to place the required number of restrainers in the bridge. In other cases, the required number of
restrainers could severely overstress components elsewhere in the bridge.

Due to the need to limit restrainer forces to protect other structural elements on the one hand, and
the need to increase restrainer forces to accomplish their intended purpose on the other,
restrainers alone may not be the best retrofitting solution in many cases. Alternatives that should
be considered, either alone or in conjunction with restrainers when a loss of support failure is
possible, include seat extensions, bearing strengthening, and bearing replacement with
conventional or isolation bearings.

8.4.2.1. Longitudinal Joint Restrainers

Longitudinal joint restrainers are intended to limit the relative displacement at expansion joints
and thus decrease the chance of a loss of support at these locations. When bearing anchor bolts
and similar details are inadequate to prevent a loss of support at fixed bearings, longitudinal
restrainers can also be used to transfer the longitudinal inertia force of the superstructure into the
substructure. Because most restrainers can carry only tension forces, it will be necessary to
provide restrainers at both ends of the span in such cases.

Restrainers should be designed to resist the maximum calculated force within their elastic range.
Two symmetric restrainers per joint will minimize eccentric movement of the joint. An adequate
gap should be provided to permit normal in-service movements. For joints located at piers,
restrainers should provide a direct and positive connection between the superstructure and the
pier, unless the pier caps are wide enough to prevent a loss of support at the end of the span and
the anticipated maximum movement of the superstructure will not cause excessive damage.

Steel cables and bars acting in direct tension have been the most frequently used method for
restraining expansion joints against excessive movements. These devices do not dissipate
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significant amounts of energy because they are intended to remain elastic. Cable and bar
restrainers may allow the ends of girders to be damaged by pounding, but the damage will
usually be reparable and not extensive enough to allow the spans to lose support. Although
cables and bars are not ideal restrainers, they are relatively simple to install and are an
economical means of preventing a catastrophic failure during an earthquake.

There is no established rule for choosing between cables and bars. Often cables have the
economic advantage, since shorter lengths are possible for a given amount of joint movement. In
addition, cables are flexible and able to accommodate transverse and vertical movements. If bars
are used, transverse and vertical restrainers may be required to prevent shear and flexural
distortion in the bars.

8.4.2.1(a). Restrainer Cables

The single restrainer cable unit is the fundamental component used in most restrainer cables.

The most commonly used restrainer cable consists of a galvanized 19 mm (0.75 in) diameter
steel cable that is identical to the type commonly used to anchor guard railing. The cable has
galvanized, cold-swaged fittings and 25 mm (1 in) diameter ASTM A-449 threaded studs at each
end. Washers and nuts use a special thread locking system consisting of a cleaner, primer, and
anaerobic adhesive to prevent the nuts from working loose over time.

Spring washers and cable yield indicators can be added to the basic restrainer cable unit. The
washers are designed to keep tension in the cable while allowing movement due to temperature
effects. The yield indicators provide post-earthquake evidence that the cables have been
stressed. Once these indicators have yielded, there will be additional restrainer slack, or free
movement, before they become effective again. Details of a typical Caltrans restrainer cable unit
are shown in figure 8-29.

An individual restrainer cable has a cross-sectional area of 143 mm?” (.222 in”) and a minimum
breaking strength of 205 kN (46 kips). For load and resistance factor design purposes, cables are
assumed to have a tensile capacity of 174 kN (i.e., 0.85 x 205 kN) (39.1 kips; i.e., 0.85 x 46
kips). A cable is more flexible than a steel bar of equivalent length and cross-sectional area.
When cables are initially tensioned, they undergo a conditioning in which individual wires
within the cable shift to form a more compact shape. In the case of restrainer cables, this results
in an effective modulus of elasticity of approximately 69,000 MPa (10,000 ksi). Once this
conditioning has taken place, a modulus of elasticity of 124,000 MPa (18,000 ksi) can be used.

Cable length is defined as the distance between the anchored end of a cable unit and the point of
no movement on the cable. In the case of looped restrainers, this point will be near the center of

the loop.

A complete description of these cable units is given in the Caltrans Standard Specifications,
section 75-1.035 — Bridge Joint Restrainer Units (Caltrans, 1995).
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Caltrans has conducted research to study the performance of cable under repeated cycles of
loading near or beyond the yield stress. The graph shown in figure 8-30(a) was developed by
loading 2.9 m (9.5 ft.) long specimens to 0.85f,; for 15 cycles, and then to failure. On the first
cycle of loading, the cable underwent a conditioning in which slack in the strands was taken up.
On subsequent loadings, the specimen elongated approximately 38 mm (1.5 in) before yield.
Total elongation after the initial conditioning was approximately 115 mm (4.5 in) prior to failure.

In a second series of tests, specimens were loaded by applying 25 mm (1 in) increments of
displacement up to failure. Between each displacement increment, the specimen was unloaded
to zero tension. Typical results from these tests are shown in figure 8-30(b). The wire rope
failed at 127 mm (5 in) of elongation, which is slightly less than that demonstrated by the first
series of tests.

When a large number of cables are required to limit displacements to an acceptable level, it is
usually necessary to use multi-cable assemblies. These assemblies simplify the anchorage of a
large number of restrainers and minimize congestion at the joint. Caltrans has used a standard
multi-cable unit in many retrofitting projects involving concrete box girder bridges. A detail of
this restrainer assembly is shown in figure 8-31. Installation requires access to the interior cells
of the box girder on both sides of an in-span expansion joint. It is generally preferable to cut
access openings through the soffit slab since this will have the least effect on traffic during
construction. These access holes are typically left in place and covered with a metal plate that
can be removed if access to the restrainers is necessary at some time in the future. Access
through the deck slab is possible, but will interfere with traffic.

Laboratory testing of the early designs of these restrainer assemblies demonstrated that the
ultimate capacity of multi-cable assemblies was limited by a punching shear failure of the anchor
plates through the concrete diaphragm. To prevent this type of failure, it is often necessary to
strengthen the diaphragms using cast-in-place concrete bolsters.

8.4.2.1(b). High Strength Bar Restrainers

Galvanized ASTM-A 722 high strength bars have also been used as longitudinal earthquake
restrainers. These bars are less flexible, but more ductile, than standard restrainer cables.

Because the goal of restrainer design is to keep restrainers within the elastic range, the added
ductility is not considered a major advantage, and the reduced flexibility requires the use of
longer bars or a larger restrainer slack to provide for the same range of movement as cables. If
this is not done, then a larger restrainer design force is required and this in turn leads to a greater
number of bars. Therefore, bars are used far less frequently than cables.
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Bars should also comply with ASTM A-722 supplementary requirements, which require a
minimum elongation of seven percent in 10 bar diameters. The modulus of elasticity of high
strength bars may be assumed to be 200,000 MPa (29,000 ksi). Table 8-2 provides other basic

design properties for a number of standard bar sizes.

Table 8-2. Basic design properties for typical high strength bar sizes.

Diameter Area gtl:::a:ﬁ Yield Strength| Yield Force

mm (in) mm? (in?) MPa (Esi) MPa (ksi) kN (kips)
25 (1) 549 (0.85) 1030 (150) 827 (120) 703 (102)
32 (1%4) 807 (1.25) 1030 (150) 827 (120) | 1030 (150)
35 (1%) 1020 (1.58) 1030 (150) 827 (120) | 1310 (190)

Galvanizing can cause field problems during the installation of high strength bars. Both threaded

bars and smooth bars with threaded ends have been used in the past. Threaded bars are

galvanized after being threaded. Therefore, the bar ends must be hot-brushed immediately after

galvanizing. Even then, placement of end nuts can be difficult. Smooth bars are usually

threaded after being galvanized. After installation, the ends are coated with zinc-rich paint.
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Neither galvanizing nor threading compromise the strength or the anchorage requirement of
either type of bar. If any damage to the galvanizing occurs, zinc-rich paint must be applied to the
affected area.

Another problem is that standard locking devices are not always effective on threaded bars.
Steps must be taken to prevent lock nuts from vibrating off such bars. Restrainer devices used in
easily accessible areas should have bolt threads peened after installation, to prevent loss of
components to vandalism.

Bars longer than 9 m (30 ft) should be avoided for two reasons: stock lengths are usually 9 m (30
ft), and it is difficult to galvanize bars longer than this length.

8.4.2.1(c). Bumper Blocks

An alternative method for restricting the relative longitudinal movement of the superstructure is
to use bumper blocks. These devices are usually connected to the bottom flanges of girders and
project downward to engage the substructure and thus restrict movement. This retrofit method is
illustrated in figure 8-32.

a4 Steel Girder B N

Bumper Block

Figure 8-32. Bumper block retrofit.
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8.4.2.1(d). Anchorage of Restrainers

Restrainers must be physically attached to the existing bridge and care should be taken that, in
doing so, critical components are not weakened or overloaded. Anchorage takes the form of
steel brackets, anchor plates and looping of the cable through holes drilled or cored into existing
members. To prevent damage to the cables, they should not be bent to a radius less than 100 mm
(4 in). A number of restrainer anchorage schemes are shown in figure 8-33. All of these
connections should be designed for a force equal to 125 percent of the nominal breaking strength
of the restrainers. In addition, structural members subject to brittle failure should be capable of
resisting this same force. Restrainers should be placed symmetrically to minimize the
introduction of eccentricities. The consequences of a premature restrainer failure should also be
carefully considered. For example, the restrainer detail shown in figure 8-34 may be undesirable
because, in the event of a premature failure of one of the cables, the resulting eccentric load
could tear the web out of the girder and cause a serious loss of structural capacity, unless the web
has been adequately reinforced to prevent such a failure. Both restrainer connections and
existing structural elements should be capable of resisting the eccentricities caused by variations
in the restrainer forces of at least 10 percent of the nominal ultimate restrainer capacity.

Concrete diaphragms or walls that provide anchorage for restrainers should be capable of
resisting a punching failure. If not, they should be strengthened to resist a force equal to 125
percent of the nominal breaking strength of the restrainers. As previously mentioned, this type
of strengthening is often required at expansion joint diaphragms. The size of plates to resist
punching shear can be selected from the chart in figure 8-35.

8.4.2.1(e). Design and Construction Issues

Longitudinal restrainers should be oriented along the direction of expected movement. If piers
are rigid in the transverse direction, as shown in figure 8-36, the superstructure will move
primarily along the longitudinal axis of the bridge and restrainers should be placed accordingly.
However, in a skewed bridge with transversely flexible supports, significant superstructure
rotation can occur. In this case, restrainers will be more effective if placed normal to the
expansion joint, as shown in figure 8-37. This arrangement should only be used when
movements that could shear the restrainers are minimal.
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Figure 8-34. Undesirable restrainer detail.

When an expansion joint exists at a pier, restrainers at the expansion joint should provide a
positive connection to the pier, as shown in figure 8-38. This detail will tend to prevent the
bearings from becoming unseated. Since each of the restrainers can only resist movement in one
direction, and because closure of the expansion joint will transfer the inertia forces of one span to
the adjacent span, each restrainer must resist the inertia forces of both spans in conjunction with
other load-resisting elements. Depending on the configuration of the restrainers at adjacent
expansion joints, it is possible that the inertia forces of other spans should also be included. Note
that the restrainers are connected to the bottom flange in figure 8-38. While this will prevent the
possibility of tearing the web, it will also reduce vertical clearance under the bridge.

Consideration should also be given to minimizing access difficulties during construction and
maintenance. For example, in box girders, the number of bays in which restrainers are placed
should be kept to a minimum.

Many retrofit techniques for bearing and expansion joints will require coring of existing
concrete. When coring is to be used, there are at least two issues that should be considered. The
first is the clearance required for coring equipment. The minimum distance between the center
of a cored hole and an adjacent surface should be 75 mm (3 in). For holes larger than 150 mm (6
in), the edge of the hole may be flush against the adjacent surface. In addition, cored holes
should be located so that a minimum of 1.2 m (4 ft) of clearance exists on at least one side from
the centerline of the hole. These clearances are shown in figure 8-39.
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Figure 8-35. Resistance of concrete wall to punching shear.
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The second issue is the potential for interference with primary reinforcing steel, expansion joint
hardware, and prestressing tendons. Special care should be taken to avoid cutting structurally-
critical reinforcement and prestressing bars, or large multi-wire or multi-strand tendons, in post-
tensioned bridge components. If the type of prestressing system used cannot be determined from
the “as built” plans or construction records, bars and large tendons should be assumed.
Construction personnel should be alerted to the presence of these elements so that appropriate
precautions can be taken in the field. When possible, drilling should be specified instead of
coring, since there is less potential for damaging reinforcing or prestressing steel.

The response of a bridge that has been retrofitted with restrainers is nonlinear, even if the
columns and foundations remain elastic. This is because restrainers at expansion joints are
initially slack and intended to engage only after some movement has taken place. The restrainers
are also essentially tension-only devices and are ineffective while the joints are closing.
Furthermore, the impact that occurs at joint closure is a highly nonlinear problem that cannot be
solved rigorously by simplified means.
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Because restrainer behavior is very nonlinear, an accurate analysis of restrainer forces can only
be obtained from a nonlinear dynamic analysis of the entire bridge. Since this is impractical in
most cases, approximate static analysis procedures are commonly used to evaluate the need for,
and design of, restrainers. These procedures generally yield better results than those obtained
from an elastic dynamic analysis. When restrainers are required, the restrainer force capacity
should be determined according to the procedures described in section 8.4.2.1(g).

For all single span bridges and bridges in Seismic Retrofit Category B (section 1.10), a dynamic
analysis is not necessary and the design force is given by Methods A1 and A2 (section 5.2).
Restrainers should develop this force capacity before movement, equal to 67 percent of the
available seat width as shown in figure 8-40, is exceeded. In areas of low seismicity, it may be
desirable to restrain joints having narrow seats by using short, stiff restrainers designed to
function below their yield capacity. The stiffness of the restrainers will result in small joint
movements, while restrainer forces will be kept to reasonable levels because of the low
seismicity. However, for the purpose of designing restrainer anchorages and evaluating the
effect of restrainers on other structural members, design forces should be assumed to be 125
percent of the nominal restrainer breaking strength.

100 mm
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‘ | Seat Width -

Note: The 100 mm dimension shown
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allowable seat width. A larger or

= S smaller dimension may be required.
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estimated opening.

Seat

A
A4

Figure 8-40. Available seat width.

Section 8.4.2.1(f) describes a simplified method for evaluating the need for restrainers in multi-
span simply supported bridges. Simplified methods for verifying the number, size, and length of
restrainers is presented in section 8.4.2.1(g). Both iterative and non-iterative methods are
described. Although these methods are not rigorously correct, they yield acceptable results in
most cases. The two restrainer design methods given below were developed principally for
restrainers at in-span expansion joints in continuous superstructures, but can be adapted to
simply-supported spans by considering every span to be a ‘frame’ (DesRoches and Fenves
1998).

Both restrainer design methods are based on limiting joint movement to 67 percent of the
available seat width, as shown in figure 8-40, which may call for a large number of restrainers in
some cases. When this occurs, increasing the available seat width and allowable restrainer
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displacement will reduce the number of restrainers. Seat extenders may be used to increase the
available seat width. Increasing the length of restrainers or increasing the restrainer slack will
increase the allowable restrainer displacement.

8.4.2.1(f). Evaluation of the Need for Restrainers for Simply Supported Spans

The following procedure may be used to determine the adequacy of the connection between the
span and substructure, and to determine the unrestrained displacements of the structure. If the
connection is adequate and the unrestrained displacements are less than 67 percent of the
available seat width, no restrainers are required. If the connection is not adequate and the
unrestrained displacements are more than 67 percent of the available seat width, restrainers
should be designed using the procedures described in section 8.4.2.1(g).

In this evaluation, it is necessary to distinguish between fixed and expansion bearings, and to
consider the location of the bearing. The evaluation procedure varies for bearings located at
abutments, end-span piers, and the remaining piers. In all cases, an equivalent single degree of
freedom (SDOF) system is analyzed to determine bearing forces and bearing displacements. The
following paragraphs define the procedures for determining the adequacy of the connection and
bearing seat for each case in which one of the spans supported at a pier has fixed bearings while
the other span at this pier has expansion bearings. These procedures could be adapted to interior
piers with two sets of expansion bearings or two sets of fixed bearings by modifying the
participating masses and stiffness of the equivalent SDOF system, as required.

Fixed Bearings at Abutments — The SDOF system for this case assumes the span is moving away
from the abutment. Therefore, the stiffness of the unrestrained system is derived from the
nonlinear behavior of the bearing. The bearing is initially very stiff and, therefore, the equivalent
maximum elastic force applied to the bearing is simply the weight of the span multiplied by the
peak ground acceleration, which may be assumed to be given by 0.4 F,S; (see figure 1-8). If the
equivalent elastic force exceeds the capacity of the bearings, then the bearings are assumed to
fail and it will be necessary to check the resulting bearing displacement. This is done using an
iterative procedure in which the bearing is assumed to have a perfectly elastoplastic force-
displacement relationship. Therefore, the effective bearing stiffness in the SDOF model is
reduced until the resulting bearing force equals the capacity of the bearing. This stiffness
represents the secant stiffness on the force displacement diagram of the bearing at maximum
displacement. No corresponding increase in damping should be assumed. The resulting
maximum displacement is compared to the available seat width to determine whether or not
restrainers are required. This case and procedure are illustrated in figure 8-41.

End-Span Fixed Bearings at Piers — In this case, the SDOF system is derived by assuming the
unrestrained span is moving toward the abutment. Therefore, in addition to the stiffness of the
bearing, the stiffness of the column and foundation must be considered. If displacements are
large enough to close the gap between the span and the abutment, then the abutment stiffness
will also play a role in the seismic response of the bearing. This case and a model of the
assumed SDOF system is shown in figure 8-42.
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earing (Kb)
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| / _ Superstructure (M) +

Restrainer (Kr)

Abutment (Ka)

F = Fixed Bearing
E = Expansion Bearing

Structure

Ka
Kr

Model

Figure 8-41. SDOF model for end-span fixed bearing at abutment.

As previously described, the procedure first involves finding the maximum equivalent elastic
force in the bearing to determine if the bearing will fail. Initially, only the stiffness of the
column and foundation is considered. If the resulting displacements are smaller than the gap at
the abutment, bearing forces are compared with bearing capacity to determine if a bearing failure
will occur. If the displacement at the abutment is larger than the gap, the stiffness of the SDOF
system must be adjusted to consider the stiffness of the abutment. This is done iteratively by
first assuming a value for the abutment stiffness and adjusting that stiffness until there is force
and displacement compatibility at the abutment. The force displacement curve for the abutment
is assumed to be bilinear once the gap is closed, as shown in figure 8-43. Abutment stiffness in
the SDOF model is assumed to correspond to a chord from the at-rest point to the point of force
and displacement compatibility on this curve (Point A). Once the correct abutment stiffness has
been identified, the bearing force is compared with bearing capacity to determine if yielding of
the bearing will occur.
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Figure 8-42. SDOF model for an end-span fixed bearing at pier.
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Figure 8-43. Force displacement relationship for abutment.
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If the bearing yields, it will be necessary to perform a new analysis to assess whether the bearing
seat is adequate to prevent unseating of the span. In this case, the equivalent bearing stiffness
will be included in the SDOF system (see figure 8-42). Because of the nonlinear behavior of the
bearings and the abutment, a trial and error procedure will be required to determine the combined
secant stiffness of the two elements. Since force and displacement compatibility must be
achieved in both the bearings and the abutment simultaneously, it will be necessary to adjust the
combined stiffness of both elements until such compatibility is achieved. To accomplish this, the
forces and displacements in each element derived from the SDOF analysis must be tracked and
their combined stiffness adjusted accordingly. The analysis converges on the correct solution
when these forces correspond to the combined forces from the assumed force and displacement
curves at the displacement derived from the same analysis. Once this has been achieved, the
relative displacement at the pier bearing seat may be calculated as the force in the bearing
divided by the assumed bearing stiffness. This relative displacement must be less than 67
percent of the available bridge seat to provide an adequate factor of safety against unseating of
the span.

Fixed Bearings at Interior Spans — The SDOF model and analysis procedures used for this case
are similar to those used for an end span fixed bearing at a pier, except that the participation of
the abutment is not included. It is recommended that the mass include the pier cap mass and
tributary column mass (may be assumed to be one-third of the column mass), in addition to the
mass of the span.

Expansion Bearings at Abutments — The analysis of expansion bearings is limited to determining
relative displacements. At abutments, this displacement is determined by considering the
displacement of the end span. Since the critical response occurs when the span moves away
from the abutment, only the mass of the span and the effective stiffness of the adjacent pier,
foundation, and fixed bearing are considered. The methods for determining effective stiffness
are similar to those used in previous cases. Because the abutment in this case is assumed not to
move with respect to the ground, the movement of the span and the relative movement at the
abutment are assumed to be equal.

End Span Expansion Bearings at Piers — For the case of an expansion bearing located at a pier
that supports an end span, the critical response involves the pier moving out from under the
bearing. Because the abutment end of the span is assumed to remain fixed relative to the ground,
the maximum relative displacement at the pier can be determined by finding the maximum
relative displacement at the top of the pier. In this case, it is assumed that the adjacent span has
fixed bearings at the pier in question. The displacement at the top of this pier is determined by
considering the response of a SDOF system consisting of the mass of the adjacent span and the
equivalent stiffness of the pier, foundation, and fixed bearing system. The relative displacement
at the top of the pier is determined by dividing the inertia force at the top of the column by the
stiffness of the column and foundation system.

Expansion Bearings at Interior Spans — This case differs from the previous case in that the span
with the expansion bearings can move independently of the pier supporting it. Therefore, in
addition to calculating the movement at the top of the pier, it is also necessary to determine the
movement of the span. This is done by modeling the span as a SDOF system with a mass equal
to the span and an equivalent stiffness equal to the adjacent pier, foundation, and fixed bearing
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system. The displacement at the top of the supporting system is determined as in the previous
case.

Once these displacements are determined, they are combined using the Complete Quadratic
Combination (CQC) rule (section 5.4.2.2) to find the maximum relative displacement. The
application of the CQC rule is given in equation 8-3:

D, =D} +2p;, D, D, + D} (8-3a)

D; is the maximum displacement of the span,
D, is the maximum displacement at the top of the pier,

86 (1+)B
(1-B%) +4EB(1+B)
€ s the equivalent viscous damping ratio, and
B is the ratio of the vibration frequencies (mode 1 to mode 2).

P, = (8-3b)

Whenever the above analyses indicate the need for restrainers, the restrainers should be designed
(i.e., number, size, length, and slack) using the methods described in section 8.4.2.1(g). This
should be done by assuming that the bearings have failed and can no longer resist horizontal
forces. Only the restrainers should be assumed to contribute to the lateral strength and stiffness
of the system. In addition, restrainer design forces should be modified by a skew factor of
1/cosa, where o is the skew angle.

8.4.2.1(g). Restrainer Design Methods

The number of 19 mm (0.75 in) diameter restrainer cables required to limit the relative
displacement of expansion joints is dependent on many factors (DesRoches and Fenves, 1998).
One of the most critical parameters is the ratio between the longitudinal periods of vibration of
adjacent frames or spans that are being restrained. Simplified methods are valid only within
specific ranges of this parameter.

When the ratio of the periods (smallest period to largest period) is 0.3 or less, a rigorous
nonlinear dynamic analysis of the bridge must be used to reliably calculate the number and
length of restrainers that are required. This procedure requires computer software that is not
readily available, nor is it easy to use. In addition, the number of restrainers required is often so
large that it is difficult or impossible to fit them into the bridge. Therefore, restrainers are not
recommended for bridges with small seat widths when the ratio of the periods of adjacent frames
or spans is less than 0.3. Other retrofit measures should be considered in this case.

Comparison of simplified methods with nonlinear dynamic analysis results show that many of
the existing design methods are not reliable at low period ratios. For example, the current
Caltrans method (Caltrans, 1989) underestimates the required number of restrainers for period
ratios below approximately 0.6, but grossly overestimates the number of restrainers required for
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period ratios above this level. The current AASHTO method estimates a number of restrainers
that is independent of the period ratio. This is less than the number of restrainers estimated by
nonlinear dynamic analysis for period ratios under approximately 0.5, and more than the number
of restrainers estimated for higher ratios of the periods.

Two new design methods have recently been developed (DesRoches and Fenves, 1998) which
are more applicable to retrofitted structures than the previous methods. For ratios of periods
between 0.3 and 0.6, an iterative method is recommended. This procedure may require several
iterations to converge to the correct solution. For ratios greater than 0.6, a single-step simplified
method is available that requires less design effort than the first. Both methods are described
below and illustrated in examples 8-1 and 8-2.

The Iterative Method

This method utilizes the substitute structure method (Gulkan and Sozen, 1974) to determine the
required number of restrainers. The span or frame properties that are used in this procedure are
the frame stiffnesses, K, and K,, frame masses, m, and m,, and target displacement ductility of
the frames, . The properties of the restrainers are the length L,, modulus of elasticity E, yield
stress f,, and restrainer slack Dy. All analysis is performed using the applicable design spectra.
The procedure includes the following steps:

Step 1. Calculate Maximum Allowable Expansion Joint Displacement
Step la. Calculate the elongation capacity of a restrainer, D,, as follows:
D, =Dy + Dy (8-4)

where D; is the maximum permissible restrainer elongation, Dy is the restrainer
elongation at yield (equation 8-5), and Dy is the slack in the restrainer system.

The yield elongation is given by:
D, =f)L/E (8-5)

where fj is the yield stress of restrainer, L, is the restrainer length, and E is the initial
modulus of elasticity of restrainer (before initial stretching).

The restrainer slack, Dy, 1s the clearance provided to accommodate thermal expansion
and other non-seismic effects.

Step 1b. Compare the available expansion joint seat width with the maximum
permissible restrainer elongation, D,.

If the maximum permissible restrainer displacement, D, is greater than 67 percent of the

available seat width D, (see figure 8-40), there is an insufficient safety factor against the
expansion joint becoming unseated before the restrainer capacity is reached. In this case,
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either the seat width must be increased or D, must be reduced by one or more of the
following:

e Shortening the restrainers.
e Decreasing the restrainer slack.
e Reducing the stress in the restrainers to a value less than yield.
Step 2. Compute the Unrestrained Relative Expansion Joint Displacement, Deqo
The unrestrained relative expansion joint displacement (Dcqo) can be obtained using the
CQC rule defined in equation 8-3. The frame displacements, D, and D,, are determined

from the following, based on the design spectrum corresponding to the effective damping
coefficient given by equation 8-7:

2
chf-
D, :( 27[2 j ES, (Teff’é;eff) (8-6)
where T =2n M~ o Y and K. :E.
l K. gk oM

The effective damping coefficient, &, may be estimated as:

1—%&—0%@1
£, =005+ V¥ (8-7)

T

When design spectra are not available for ., the value of F,S; for five percent damping,
[FvSi]o.0s, may be modified by a coefficient ¢4 to obtain values at Eggy.

That is
[FvSi]eetr = ca [FvSi]o.os (8-8a)

where:
1.5

c,=——— 405, 8-8b
¢ 408 +1 (8-85)

If Doy <0.67 of the available seat width (D,s), no restrainers are required.

If Dy > 0.67D,,, restrainers must be provided, in accordance with step 3.
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Step 3. Estimate the Initial Restrainer Stiffness

The initial estimate of restrainer stiffness required to limit expansion joint displacement is
obtained from the incremental stiffness expression given in equation 8-9:

K - K (D, -D,)
D

€qo

(8-9)

where:
K _ I<eff11<effZ _ K1K2 8 10
effod - ( - )
I<effI + I<eff2 M (Kl + K2 )

Step 4. Calculate Relative Expansion Joint Displacement from Modal Analysis

The maximum relative expansion joint displacement is determined from a two-degree-of-
freedom (2DOF) modal analysis of the frames using the restrainer stiffness determined in
step 3. This 2DOF system is shown in figure 8-44. The relative displacement of the
expansion joint is obtained from the CQC, and is given by:

eq;

D,, =D, +D2 +2p,,D,, D, 8-11)

where:

8JEE, (€ +BE,)B"
(1-B2) +48,8.8(1+B) +4(E7 +82) B

P = (8-12)

Deqi = Pisa (Tefﬁa aefﬁ) (8_13)

T

P = “)i}T[ﬂ({a}T {d)i }) = participation factor for mode "i" (8-14)
{o.} [Kl{o:]

= frequency ratio (mode 1 to mode 2),

i} = mode shape for mode ‘1’,

] = mass matrix of a two frame system,

]=  stiffness matrix of a two frame system with restrainers, and

al' =[],

o

Note that in equation 8-12, p;» may be calculated using the formula provided in equation
8-3b if the effective damping coefficient, &, is equal for both frames.
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Solution of the above equations first requires that the equations of motion for the 2DOF
system be solved. This can be accomplished by computer analysis or by hand
calculations.

If D, > D,, go to step 5 and then back to step 4. Otherwise, go to step 6 and calculate the
required number of restrainers.

Step 5. Calculate the Incremental Restrainer Stiffness Required to Limit Expansion Joint
Displacement

The incremental restrainer stiffness is:

(Des, =)
K, =K, + (Keffmd K, )D— (8-15)
qu
Steps 4 and 5 are repeated until D, <D..
Step 6. Calculate the Number of Restrainers
Once the required restrainer stiffness is calculated, the number of restrainers is
determined by:
K.D
N, =—— (8-16)
f A,

where A, is the area of one restrainer, which for typical 19 mm (0.75 in) diameter cables
is 143 mm? (0.22 in?).

A restrainer design example using the iterative method is given in example 8-1.

The Single Step (Simplified) Method

The single step method is reliable only when the ratio of the periods is greater than 0.60 and the
ratio of restrainer displacement capacity to initial unrestrained displacement, (), where n =
D./Deqo), 1s between 0.20 and 0.50. If these criteria are not met, the iterative method should be
used. The following steps are required in the single-step method.
Step 1. Calculate Maximum Allowable Expansion Joint Displacement

Same as Step 1 for the iterative method.

Step 2. Compute Unrestrained Relative Expansion Joint Displacement

Same as Step 2 for the iterative method.

314



Restrainer Stiffness (Ky)

Frame 1 Mass (my)

Frame 2 Mass (m ,)

.

L1

AR

L1

Frame 1 Stiffness ( K1)

Frame 2 Stiffness (K,)

Structure

Model

Force at Expansion Joint

Linearized Restrainer ——_ |
Stiffness (K )

Gap

Restrainer Stiffness
(Only in Tension)

Deformation (x,-x ;)
Restrainer Slack - s

| — Stiffness in Compression

Linearization of Hinge

Figure 8-44. 2DOF model for the iterative method.
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Step 3. Calculate Required Restrainer Stiffness

2
K, =K, {0.50+0'50—“} (8-17)
moc /r]
where K, is given by equation 8-10 and n = L
eq0
Step 4. Calculate Number of Restrainers
K D
N, =—— (8-18)
f A,

Examples of restrainer design using the single step method are given in examples 8-2 and 8-3.
8.4.2.2. Transverse Restrainers

8.4.2.2(a). General

Transverse restrainers are necessary in many cases to keep the superstructure from sliding off its
supports should the bearings fail in the transverse direction. Particularly vulnerable conditions
exist when any of the following conditions exist:

e High concrete pedestals are used as bearing seats under individual beams.

e Bearing seats are narrow and highly skewed.

e Steel rocker bearings are relatively tall.

e Transverse distance between the edge bearing and the edge of the seat is small.

Whenever transverse movement might lead to a loss of support, transverse restraint should be
provided as a retrofit measure.

8.4.2.2(b). Shear Keys

Concrete shear keys that are doweled into the bridge seats can be used to resist transverse
movement at supports. These keys may be placed between beams and outside the edge beams if
there is sufficient room, and should be designed to carry the expected forces elastically.
Transverse diaphragms or cross frames at these locations should be strong enough to transmit the
design force. Shear keys can sometimes be incorporated in new bearing pedestals. An example
of a transverse concrete shear key is shown in figure 8-45.
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Figure 8-45. Transverse shear keys.
8.4.2.2(c). Keeper Brackets

Transverse restrainers can sometimes be added as part of a bearing retrofit. These restrainers
take the form of supplemental keeper brackets that must be designed to carry loads elastically. If
sufficient deformation of the beams can take place to engage all of the brackets, they may be
considered to be 100 percent effective. If not, some engineering judgement must be used to
allow for variable gaps that could cause one bracket to be overloaded with respect to others at the
same support. An example of a keeper bracket used in a bearing retrofit is shown in figure 8-46.

8.4.2.2(d). Steel Pipe Restrainers

Another method that has been used to provide transverse restraint in concrete structures employs
a double extra-strong steel pipe filled with concrete that passes through the joint (see figure
8-47). This design assumes that the pipe bears against the walls of the cored hole. The full
concrete compressive strength may be used in well-reinforced expansion joint diaphragms.
However, the full strength of acute corners at highly skewed joints should not be relied upon to
resist the full shear force, because such corners can easily break off.
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Figure 8-47. Steel pipe restrainers.
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EXAMPLE 8.1: RESTRAINER DESIGN BY ITERATIVE METHOD

A six-span bridge divided into two, three-span segments as shown in the figure below. Design restrainers
for the expansion-joint seat where the two segments meet. Calculate the number and size of the
restrainers required using the iterative method.

Assume the following:
Seat width, N
Concrete cover on vertical faces at seat, d.
Restrainer yield stress, f,
Restrainer modulus of elasticity, E
Restrainer length, L, 5.4 m (18 ft)
Restrainer slack, D, 25 mm (1in)
Response spectrum for site: figure 1-8

305 mm (12 in)

50 mm (2 in)

1,214 MPa (176 ksi)
69,000 MPa (10,000 ksi)

Short period coefficient, F,Sg = 1.75
Long period coefficient, F,S, = 0.70
Target displacement ductility of the frames, u = 4

Frame stiffnesses, K; and K, 357 and 89.3 kN/mm, respectively
(2040 and 510 K/in, respectively)

22.3 MN (5000 K)

Frame weights, W, = W,

25 mm
ﬂ (1in)

W = 22.3 MN (5000 kips) W, = 22.3 MN (5000 kips)

K= 357 kN/mm (2040 kips/in)
K,=89.3 MN (510 kips/in)

STEP 1. CALCULATE ALLOWABLE EXPANSION JOINT DISPLACEMENT
D, = 95 + 25 = 120 mm (4.7 in)
Das = 305 — 25 — 100 = 180 mm (7.1 in)

2/3D,s =D, OK
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STEP 2. COMPUTE EXPANSION JOINT DISPLACEMENT WITHOUT RESTRAINERS

The effective stiffness of each frame modeled as a substitute structure is:

Ko, = Kq/ = 357/4 = 89.3 kN/mm (510 kips/in)

Ko, =Ko/l =89.3/4 = 22.3 kN/mm (128 kips/in)

Therefore, the effective natural period of each frame is given by:

Teff =27 W1 =27r w:1_0390
1 0Ky  19800-89.3

T, =21 W, - ZR\/M =2.0 sec
2 e, 9800 22.3

The effective damping and design spectrum correction factor is:

0.95
FW_O.OS\/E 1——0'35 ~0.05-2
=0.05+ =0.05+ =0.19
Cert T 3.142
Cy = L+O.5 =0.67
408 +1

Therefore, the frame deflections are calculated as follows:

2
D, = e, 9¢4S, (Ter,.0.05) = _10 2-9800-067-07:116 mm (4.6 in)
" 2n da7al el 2.3.142 B '

D, = Tet 2 s.(T.. .0.05) =29 i 9800-0.67-0.35 = 232 9.2i
2~ o ng a(efo’- )—m . -U. -U. = mm(.|n)

The relative displacement of the two frames can now be calculated using the CQC combination of the two
frame displacements as given by equation 8-3. In this case the frequency ratio, 3, is 2.0.

o, = 822 (1+5)p 2 _ 8-(0.19) . (1+2).272
12 (1_62)2+4§ZB(1+B)2 (1_22)2+4'(0.19)2'2'(1_’_2)2
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Because D4 and D, are of opposite sign, equation 8-3 becomes

Deq, = D2 —2p;,D,D, +D,? = 1162 ~2.0.21-116 . 232+ 232> = 237 mm (9.3in)

>2/3D,s = 120 mm.

Therefore, restrainers are needed.

STEP 3. DETERMINE FIRST ESTIMATE OF RESTRAINER STIFFNESS

K _ KefﬂKeffz _89.3-22.3
oMot~ Ko, +Korp  89.3+22.3

=17.9 kN/mm (102 kips/in)

Kot (Deg, ~Dr)  17.9-(237-120)

0 D 237

€qo

= 8.84 kN/mm (53.5 kips/in)

STEP 4. CALCULATE RELATIVE EXPANSION JOINT DISPLACEMENT FROM MODAL ANALYSIS

Solve Modal Equations:

{KGTQK“’ - ]{¢}= ol {rm O}“’}

o Keff2 + Kr0 0 my

981 -884], ., , [228 0
{—8.84 31.1}{(1’}_ meff[ 0 2.28}“’}

sec? oft sec?
T, = 2n/413.2 = 1.73sec, Ter, = 2m/V439 = 0.95sec

=it ()
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Calculate Participation Factors:

228 0 |[1
b _ {0} [M]{1} {013 1'00}{ 0 228 {1} 0.13

1—{¢1}T[K]{¢1}({3}T{¢1} :{0.13 1.00}{98.1 —8.84}{?:;3} ({_1 1}{1.00

-8.84 31.1 0

H =0.074 sec?

228 0 1
o _ 10} M1 (100 ““3}[ 0 2.28} 1}

o el 013y %, _8'84}{1'00}[{1 1| oozzsee

-8.84 31.1 |[-0.13

Calculate new relative displacement at expansion joint:
Deg, =P19csS, (1.73,0.05) = 0.074 - 9800-0.67 - 0.405 =197 mm (7.7 in)
Deq, =P29¢4S, (0.95,0.05) = —0.022 - 9800-0.67 - 0.737 = —106 mm (4.2 in)

B = 173/095 = 1.8

2 3/2
b, = 8(0.19)“ - (1+1.8)-1.8 - 027

(1-1.822 +4-(0.19)? - (1.8) - (1+1.8)?

Deq = \/(197)2+(—106)2+2(O.27)(197)(—106) = 197 mm (7.8in)

Because Dgq > D;, Continue to Step 5

STEP 5. CALCULATE NEW RESTRAINER STIFFNESS

D, -D _
+K, )("E‘)—r) =8.84+(17.9+ 8.84)%

eq
= 19.2kN/mm (110 kips/in)

Key = Kr0 + (Keff

mod

STEP 4. SECOND ITERATION

Wiy, =15.4 é w5, = 48.1 o

1
2
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T

€

7, =160sec, T

€

SEHY ORIV

P, =0.054 sec?, P, =-0.017 sec?

i, =0.91sec

De,, =0.054-9800-0.67-0.438 = 156 mm (6.1in)

D., =-0.017-9800-0.67-0.769 = -88mm(3.5in)

€q;

B = 1.60/0.91=1.77

2 3/2
- 8(0.19)% -(1+1.77)-1.77 _ 029

(1-1.77%)2 +4-(0.19)2 - (1.77)- (1+1.77)?

Deg = (156)*+(-88)*+2.0.29-156-(~88) = 155mm (6.1in)

Since Deq > Dy, Continue to Step 5
STEP 5. CALCULATE REQUIRED RESTRAINER STIFFNESS
K= 19.2+(17.9+19.2)(155-120)/155 = 27.6 kN/mm (158 kips/in)

STEP 4. THIRD ITERATION

1

——, % =523
2 ety

sec sec

1
2

WGy, =16.5

Ten, =1.95sec, Ty, =0.87 sec

d=aop = o]
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P, =0.044 sec?, P, =-0.014 sec®

Deq, =0.044-9800-0.67-0.452 = 131mm (5.21in)

D,,, =-0.014-9800-0.67-0.805 = -73mm (2.9in)

B =1.60/0.91=1.78

2 . 3/2
o = 8(0.19)% -(1+1.78)-1.78 _ 029

(1-1.78%)2 +4-(0.19)% - (1.78) - (1+1.78)?

Dy = \/(131)2+(—73)2+2.o.29.131.(—73) = 130 mm (5.1in)

Since D¢q > Dy, Continue to Step 5

STEP 5. CALCULATE REQUIRED RESTRAINER STIFFNESS

K= 27.6+(17.9+27.6)(130-120)/130 = 31.1kN/mm (178 kips/in)
STEP 4. FOURTH ITERATION

1 2
. R, =54.1
sec sec

1
2

Wiy, =16.8

Terr, =1.53 sec, Tg, =0.85 sec

l={ooof 1| e

P, =0.041sec?, P, =-0.013 sec?
Deq1 =0.041-9800-0.67-0.458 = 122mm(4.8in)

D., =-0.013-9800-0.67-0.824 = -68mm (2.7in)

€q,
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B=1.53/0.85=1.8

2 4 g3/2
o = 8(0.19)2 -(1+1.8)-1.8 _ o028

(1-1.8%2) +4-(0.19)? - (1.8)- (1+1.8)

Doy = \/(122)2+(—68)2+2-0.28~122-(—68) = 122mm (4.8in)

Deq = Dr, Say OK - Continue to Step 6

STEP 6. CALCULATE NUMBER OF RESTRAINERS
K, =31.1kN/mm (178 Kips/in)

KD, 31.1.0.120

= = =215 Use 22 — 19 mm restrainer cables
F/A,  1214.0.000143
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EXAMPLE 8.2: RESTRAINER DESIGN BY THE SINGLE-STEP (NON-ITERATIVE) METHOD
(SIMPLIFIED)

A six-span bridge has two, three-span segments as shown in the figure below. Restrainers are to be
designed for the hinge seat where the two segments meet. This is the same bridge as in example 8-1.
Calculate the number and size of the restrainers required using the single step (simplified) method.

Assume the following:
Seat width, N
Concrete cover on vertical faces at joint, d.
Restrainer yield stress, f,
Restrainer modulus of elasticity, E
Restrainer length, L, 5.4 m (18 ft)
Restrainer slack, D, 25 mm (1 in)
Response spectrum for site: figure 1-8

305 mm (12 in)

50 mm (2 in)

1,214 MPa (176 ksi)
69,000 MPa (10,000 ksi)

Short period coefficient, F,Sg = 1.75
Long period coefficient, F,S, = 0.70
Target displacement ductility of the frames,u = 4

Frame stiffnesses, Ky and K; 357 and 89.3 kKN/mm, respectively
(2040 and 510 K/in, respectively)

22.3 MN (5000 K)

Frame weights, W, = W,

25 mm
“ (1in)

305 mm
(12in) ~ "1

W, = 22.3 MN (5000 kips) W, = 22.3 MN (5000 kips)

K= 357 kN/mm (2040 kips/in)
K,=89.3 kN/mm (510 kips/in)

STEP 1. CALCULATE ALLOWABLE EXPANSION JOINT DISPLACEMENT

Restrainer elongation at yield.

D, - f,L/E = 1,214 MPa (5,400 mm) / 69,000 MPa = 95 mm (3.7 in) (Eq. 8-5)
D; =Dy + Dis =95 mm + 25 mm = 120 mm (4.7 in)

Dass=N-gap—-2d, =N -25-2d; =305 mm —25 mm — 2 (50 mm) = 180 mm (7.1 in)

Therefore D, =2/3 Dy = (180 mm) = 120 mm

D, =120, 2/3 D, =120
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And if D,<2/3D,s = restrainer design is feasible for given properties.

D, = 1o %Das =120

STEP 2. COMPUTE EXPANSION JOINT DISPLACEMENT WITHOUT RESTRAINERS, D.q

The effective stiffness of each frame is:

Ker, =Ky/n =357 KN/mm/4 = 89.3 kN/mm (510 k/in)
Ker, =Ko /i =89.3KN/mm/4 =22.3 kN/mm (128 k/in)

Therefore, the effective natural period of each frame is given by:

T =21 Wy _ 2n 223 (1200) KN =1.0 sec See STEP 2 in the lterative Method
1 9K, 9800 mm/sec?(89.3 KN/mm)
T =21 Wo 2n 223 Mlz\l (1000) =2.0 sec
? IKerr, 9800 mm/sec?(22.3 KN/mm)
The effective damping coefficient is:
1_0}5_0.05& 1095 0 oc s
Eo =0.05+ = 0.05+ —2 =0.19

The design spectrum correction factor is:

1.5

=——2 _105=067
40E . +1

Cq
(Eq. 8-8b)

Therefore, the frame deflections are calculated as follows:

2 2
Ters 1.0sec 2 .
D, =( ZnJ gc4F,S; (Tem,o.os):[mj 9800 mm/sec?(0.67)(0.7)=119 mm (4.6 in)  (Eq. 8-6)

For Ty, =2 S, = —?81 207 _ 35

eff, 2

2 2
Teft 2.0sec? .
D, = ( ;n J 9C4S, (Ter,,0.05) = [m 9800 mm/sec?(0.67)0.35 = 236 mm (9.3 in)

The relative displacement of the two frames can now be calculated using the CQC combination of the two
frame displacements, as obtained from equation 8-3a. In this case, the frequency ratio, 3, is 2.0.
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82, (1+B)B 2 B 8.(0.19)%-(1+2).2°2 _ 203

P12 = 2 - 2
2 2 2 2 2
(1-B2) +484B(1+B)"  (1-2%) +4-(0.19)"-2:(1+2) (Eq. 8.3b)
Deq, = D2 +2p,,DD, +D,? = \[119% +2(0.203)-119(236)+ 2367 = 285mm (11.2 in) (Eq. 8-3a)
Since 23045 = 120 mm and Deqo > 2/3 Dgs =120 mm (4.7 in), restrainers are needed.

But Tess1/Tesrp = 1.0/ 2.0 = 0.5 is less than 0.6

N =D/Deqo = 120 / 285 = 0.421 is within range 0.2 and 0.5,

and therefore the single step (non-iterative) method cannot be used for this bridge, since the ratio of the
periods exceeds the allowable range.
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EXAMPLE 8.3: RESTRAINER DESIGN BY THE SINGLE-STEP (NON-ITERATIVE) METHOD

A six-span bridge has two, three-span segments as shown in the figure below. Restrainers are to be
designed for the hinge seat where the two segments meet. This is the not same bridge as in example 8-2;
frame stiffnesses have been changed, the hinge seat is smaller and the restrainer cables are shorter.
Calculate the number and size of the restrainers required using the single step (non-iterative) method.

Assume the following:
Seat width, N
Concrete cover on vertical faces at joint, d.
Restrainer yield stress, f,
Restrainer modulus of elasticity, E
Restrainer length, L, 2.0 m (9.8 ft)
Restrainer slack, D, 25 mm (1in)
Response spectrum for site: figure 1-8

250 mm (10 in)

50 mm (2 in)

1,214 MPa (176 ksi)
69,000 MPa (10,000 ksi)

Short period coefficient, F,Sg = 1.75
Long period coefficient, F,S, = 0.70
Target displacement ductility of the frames,u = 4

Frame stiffnesses, K; and K, 357 and 150 kN/mm, respectively
(2040 and 914 K/in, respectively)

22.3 MN (5000 K)

250 mm
(10in)

Frame weights, W, = W,

W, = 22.3 MN (5000 kips) W, = 22.3 MN (5000 kips)

K4= 357 kN/mm (2040 kips/in) K= 160 MN (914 kips/in)

STEP 1. CALCULATE ALLOWABLE EXPANSION JOINT DISPLACEMENT
D, =53 + 25 =78 mm (3.1 in)
Das = 250 — 25 — 100 = 125 mm (4.9 in)

2/3D4 > D, OK
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STEP 2. COMPUTE UNRESTRAINED EXPANSION JOINT DISPLACEMENT
The effective stiffness of each frame modeled as a substitute structure is:

Kesr, = Ky/u =357/4 = 89.3 kN/mm (510 kips/in)
Kegr, =Ko /1L = 160/4 = 40.0 KN/mm (228 kips/in)

Therefore, the effective natural period of each frame is given by:

Te =21 Wy =2% /w =1.0 sec
! 9K, 9800-89.3

T =21 |2 zzn\/w —1.5 sec
: = Ko, 9800-40.0

The effective damping and design spectrum correction factor is:

0.95
1_T_o.05ﬁ 1_$_0_05-2
~0.05+ =0.05+ =019
- - 3142
Cq = 1+5+0.5 =0.67
40§eff +1

Therefore, the frame deflections are calculated as follows:

2
D, =| Tt 9¢4S, (Ter,.0.05) = _10 2-9800-067~07=116 mm (4.6 in)
" 2n d7al efh ™ 2.3.142 B '

2
D, =| o | g5 (Tor,.0.05) = 15 2-9800-067-047:176 mm (6.9 in)
27| p | 9CaSallem T 2.3.142 R '

The relative displacement of the two frames can now be calculated using the CQC combination of the two
frame displacements as given by equation 8-3. In this case the frequency ratio, (3, is 1.5.

o, = 82(1+B)B2  8.(0.19).(1+15).1.52 Coas
U (o) cagp(1ep) (1-1.52) +4.(0.19)° 1.5-(1+1.5)

Deq, = \/D12—2p12D1D2+D22:\/1162—2~0.45-116~176+1762 = 161mm (6.4in)

>2/3D,s = 83 mm. Therefore, restrainers are needed. Because Tg1/Tes is greater than 0.6 and because
D//Deqo is between 0.2 and 0.5, the non-iterative method is applicable.
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STEP 3. CALCULATE RESTRAINER STIFFNESS

KetKer,  89.3-40.0

Keyp = = = 27.6 kN/mm (158 kips/in)
" Ko +Kory  89.3+40.0

n= D _78 _ 0.484
D,, 161

€qp

Kr = Keffmod

2
0.50 — _
0.50 +A] =276 [0.50 +%} = 28.9 kN/mm (165 kips/in)
n i

STEP 4. CALCULATE NUMBER OF RESTRAINERS

_ KD,  289.0078 _
""FA,  1214-0.000143

13.0 Use 14 — 19 mm restrainer cables
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8.4.2.2(e). Design Forces

Transverse bearing restrainers are usually designed to resist load elastically. Studies have shown
that when columns yield, additional forces will be transferred to elements that are not designed to
yield. In addition, transverse restrainers will be installed with slightly different construction
tolerances that will cause them to engage and resist load unevenly. To account for possible
increased load due to these effects, the elastic forces derived from an analysis should be
increased by 25 percent for design.

Although a dynamic analysis is not necessary for any single span bridge or a bridge in Seismic
Retrofit Category B, transverse restrainers in these bridges are required to resist a minimum
horizontal load as described in Methods A1l and A2 (section 5.2).

8.4.2.3. Vertical Motion Restrainers

Vertical hold-down devices may be used at bearings to prevent uplift that, if free to occur, could
result in damage or loss of stability. Although uplift by itself is unlikely to result in the collapse
of a span, vertical hold-down devices should be considered whenever the vertical seismic forces
exceed the dead load reaction. Vertical motion restrainers are usually not economically justified
unless some additional bearing retrofit is being performed and the bridge is in Seismic Retrofit
Category D. An example of a possible hold-down detail is shown in figure 8-48.

Vertical accelerations are often not included in a dynamic response analysis, but if uplift is an
issue, an analysis which includes the vertical component of the ground motion should be used.

Figure 8-48. Vertical hold down retrofit.
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8.4.3. ENERGY DISSIPATION DEVICES

Conventional expansion bearings, such as elastomeric bearing pads or sliding bearings, are
natural isolators. However, these bearings do not generally dissipate much energy, and
differential displacements at bearing locations may therefore be unacceptably large. In these
cases, the retrofit designer can obtain functional performance similar to that provided by seismic
isolation bearings by adding separate energy dissipating devices alongside conventional
bearings. Energy dissipation devices may also be used at other structural locations where
relative movement of the structural components is expected during an earthquake. Over the
years there have been many proposals for energy dissipating devices including steel cantilever or
beam elements that can deform plastically, lead extrusion devices, viscous dampers, and friction
dampers. Each of these devices relies on dissipation of energy during movement to keep
movements to acceptable levels.

Rigidity under service loads is provided by the initial stiffness of these devices. Some of the
mechanisms used by these devices, such as lead extrusion, and viscous or friction damping, are
able to accommodate service load movements if properly designed. However, devices that rely
on the plastic deformation of steel are likely to experience fatigue failure over time if they are
allowed to yield under service loads. Many of these devices will also have difficulty
accommodating orthogonal movements. These issues should be given careful consideration
during design.

Energy dissipation devices have been developed and implemented for seismic applications for a
number of years. Figure 8-49 shows a number of energy dissipation devices that were originally
developed in Japan and New Zealand. Most of these rely on the plastic deformation of steel
elements, but one device uses lead extrusion to dissipate energy. Figure 8-50 shows two friction
dampers.

A number of energy dissipators have also been developed and tested in the U.S., specifically for
bridge applications’. Several of these devices were evaluated in the HITEC program on behalf
of Caltrans and FHWA (HITEC, 1999a). These included large piston and cylinder type shock
absorbers that are capable of resisting the types of loadings experienced in bridges. Summaries
of test results for three damper technologies are available through HITEC (HITEC, 1999b,c,d).

8.4.4. SHOCK TRANSMISSION UNITS

Shock transmission units (STUs) are specially fabricated devices that allow very slow movement
to occur, such as that caused by temperature change, but become rigid under rapid motion, such
as would occur during an earthquake. This characteristic allows these devices to be placed at the
expansion joints between superstructure segments, or between the superstructure and
substructure at expansion bearings. A typical application would be a continuous bridge where
only one line of bearings is designed to take longitudinal loads at a fixed bearing, and the
remaining supports are expansion bearings. By placing STUs at the expansion bearings,
longitudinal load is shared by all supports, thus reducing the load at the fixed bearing.

? Whittaker et al., 1989; Richter et al., 1990; Constantinou et al., 1992; Aiken et al., 1993; Bergman and Hanson,
1993; Tsai et al., 1993; Grigorian et al., 1993
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STUs which are typically composed of a piston and cylinder filled with a viscous fluid, are
usually custom manufactured for each application. The designer should specify the required
maximum load capacity of the device, maximum range of movement, and maximum rate of
movement or acceptable drag forces that can result from this movement. It is difficult for most
manufacturers to achieve a drag force of less then two percent of the rated capacity of the unit.
The rated capacity may therefore be limited by the fatigue strength of the structural elements of
the bridge. When unknown, the rate of movement of an STU can be assumed to be 0.0001 L per
hour, which corresponds to a temperature change of 25 degrees Celsius in one hour. The
distance, L, is the effective bridge length subject to thermal movement and is limited to 150 m
(500 ft) for the above rule of thumb to apply. The designer should also specify the temperature
range in which the STU will operate, since their performance may be temperature dependent.

STUs are unidirectional devices that must be mounted in such a way as to accommodate out-of-
plane movement. One method of doing this is to use ball joints at either end of the unit where it
is mounted to the structure. Generally, the designer will also specify or design the mounting
hardware. The structure and brackets must be able to resist drag forces without fatigue. During
an earthquake, STUs may be assumed to be rigid even though they may experience a small
movement prior to ‘locking up.” This small movement can create impact forces, so it is
recommended that the STU, brackets, and non-ductile structural elements be designed for 125
percent of the calculated required forces.

Because these are custom-manufactured devices, it is strongly recommended that they be
prequalified for use in a retrofit project. This includes satisfying the requirements of a series of
performance tests such as:

e Seal wear test.

e Cyclic load test.

e Crag force test.

e Overload test at 150 percent of the rated capacity.

e Fatigue load test.

Units should also be proof-tested using the overload test.

Because of the small number of moving parts, these devices should require relatively low levels
of maintenance. Nevertheless, it is recommended that they receive periodic inspection. Of
particular concern are the seals, which could potentially leak. It is recommended that STU
installations be designed in such a way that they can be easily inspected and replaced if they

become worn during the life of the bridge. These devices should be protected from a corrosive
environment by painting or galvanizing exposed components.
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CHAPTER 9: RETROFIT MEASURES FOR SUBSTRUCTURE
COMPONENTS

9.1. GENERAL

Although retrofit measures for improving the seismic resistance of existing bridge substructures
(columns, cap beams, and foundations) were proposed in early bridge retrofitting manuals
(FHWA, 1983), very little actual work of this type was done until the 1990°s. Some bridges that
had been retrofitted with hinge restrainers alone failed in both the 1987 Whittier Narrows
earthquake and the 1989 Loma Prieta earthquake, demonstrating the need to also retrofit the
substructures of many bridges (Housner, 1990).

A significant portion of the initial column research provided insight into the effectiveness of
different retrofit measures to improve both flexural and shear strength, and flexural ductility of
reinforced concrete bridge columns (Chai et al., 1992). As a result, standards were developed for
evaluating bridge columns and standard techniques were adopted for improving their ductility
and shear resistance (Caltrans, 1996). This was accomplished by encasing reinforced concrete
columns in circular or elliptical steel shells or by wrapping them with fiber composite materials.
These methods were shown in the laboratory to improve flexural ductility and shear strength and
to prevent the failure of starter bar splices located within potential plastic hinge zones. These
methods, which have now been implemented on a large number of California bridges, proved to
be effective in practice by preventing several bridge failures during the 1994 Northridge
earthquake (Buckle, 1994).

The marketplace also responded to the need for column retrofitting, through the development of
other retrofitting systems aimed at improving column ductility. Some of these have been
successfully tested in the laboratory and have been used in retrofitting demonstration projects’.

Caltrans’ research has added to the body of knowledge about substructure retrofitting. In
addition to addressing other topics related to the retrofit of reinforced concrete columns, this
research has investigated the retrofitting of wall piers?, bent caps’, and column footings”.
Significant research has also been conducted by other State Departments of Transportation, and
the Federal Highway Administration.

Concurrent with the relatively large amount of research relating to the seismic retrofitting of
bridges, there has been a major acceleration of seismic retrofitting programs throughout the
country. In California alone, this has involved the seismic evaluation and retrofitting of
approximately 2,200 bridges (Roberts, 1998). Many economical and effective retrofit measures

! Fyfe, 1994; Seible et al., 1995; Xiao et al., 1995

2 Haroun et al., 1994

3 Ingham et al., 1993; Lowes and Mocehle, 1994; Thewalt and Stojadinovic, 1995; Zayati et al., 1993
4 Xjao et al., 1994
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have been developed and implemented in the course of this work, and retrofitting techniques and
procedures have been refined.

This chapter summarizes the current state of practice related to the seismic retrofitting of bridge
substructures. It contains sections on bridge columns, pier caps, and column-to-cap beam joints.
These components have been found to be particularly vulnerable during recent damaging
earthquakes.

The use of an earthquake protective system, such as seismic isolation, might be an acceptable
alternative, or supplement, to many of the approaches described in this chapter (see the overview
of different retrofitting approaches in section 1.13). Note that the optimal retrofit approach for a
given bridge may well be a combination of more than one measure. For example, if isolation
cannot reduce the seismic demand to a level below the existing column capacity, then column
retrofitting may appear to be the only option. However, the required amount of conventional
retrofitting (e.g., column wrapping) may be significantly less if isolation is used, and the optimal
strategy may be a combination of both measures.

9.2. RETROFIT MEASURES FOR PIERS

Reinforced concrete columns constructed before 1971 are commonly deficient in flexural
ductility and shear strength. Reduced column ductility, which results in a rapid loss of flexural
strength, is likely to occur when lap splices exist within potential plastic hinge zones at the base
of columns. Even when starter bars are not used, inadequately confined plastic hinge zones will
lose flexural strength due to the crushing of concrete and the buckling of longitudinal
reinforcement. The shear strength of an inadequately reinforced plastic hinge will also degrade,
leading to the potential for shear failure. If the existing reinforcement within the zone of a
potential plastic hinge is adequate, or the ductility of that zone is enhanced through retrofitting,
plastic hinging may still occur, but outside the intended plastic hinge zone. This may be due to
premature termination of longitudinal bars, the presence of architectural flares, or the unintended
stiffening effect of median barriers, sidewalks, or pavement. Designers should be aware of this
possibility.

In most cases, it will not be necessary (or even desirable) to increase the flexural strength of
columns, provided the ductility of the column can be assured or improved. Even though smaller
seismic design loads were used in the past, adequate flexural strength often exists because of the
conservatism inherent in working stress design widely used in the past. In fact, excess existing
flexural strength is often undesirable because it leads to higher plastic shear forces within the
column and larger foundation forces. When it is necessary to increase column flexural strength
as part of a retrofit, corresponding increases in shear strength and the strength of foundations are
usually required.

Wall piers usually perform better than multi-column or single-column piers during an
earthquake. In most cases, sufficient horizontal and vertical reinforcement is present to
withstand earthquake loading along the strong axis of the pier, although excessive forces in
foundation piles may result if the wall does not yield in its strong direction. In the weak
direction however, walls behave much like columns, except that these walls possess significant
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ductility even when the amount of transverse reinforcement is less than that specified for a new
bridge. This is particularly the case when there are no starter bar splices in the main vertical
reinforcement’. Therefore, retrofitting of wall piers is less common than it is for conventional
reinforced concrete columns.

Methods of retrofitting reinforced concrete columns include:

e Complete or partial replacement.

e Addition of supplemental columns.

e Shear or flexural strengthening.

e Improvement of column ductility.

The most popular of these methods is ductility improvement, which is possible using one or
more of the following techniques:

e Steel jacketing.

e Active confinement by prestressing wire.

e Active or passive confinement by a composite fiber/epoxy jacket.
e Reinforced concrete jacketing.

Of these techniques, the steel jacket and composite fiber/epoxy jacket are the most widely used.
The following sections describe these methods in greater detail.

9.2.1. REINFORCED CONCRETE COLUMNS
9.2.1.1. Column Replacement

Total or partial column replacement will require placement of temporary shoring to carry the
weight of the bridge while the column is being removed and replaced. This shoring must
generally be capable of resisting the horizontal loads produced by small earthquakes and, in
some cases, must support live loads in addition to the weight of the bridge. In general, shoring
must be capable of carrying at least 50 percent of the shear capacity of the column being
removed, but not less than the shear given by 50 percent of the spectral value for the lower level
event for the site (section 1.4.2 and figure 1-8).

5 Haroun et al., 1994; Abo-Shadi et al., 2000
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9.2.1.1(a). Total Replacement

Total column replacement will sometimes be the most appropriate method for retrofitting the
bridge substructure. It will usually be necessary to modify or replace both the footing supporting
the column and the pier cap to which the column is connected. In fact, it is often the need to
replace the foundation, or strengthen the pier cap, that mandates column replacement in the first
place. Replacement should also be considered when the column is damaged or deteriorated,
column flexural capacity is grossly inadequate, or where space limitations or architectural
considerations preclude other retrofitting alternatives.

Column replacement was used extensively in San Francisco following the 1989 Loma Prieta
earthquake (figure 9-1). Some of these columns were damaged during the earthquake, but most
were replaced as part of a seismic upgrading program for these structures. Because of a lack of
alternative routes and the fact that many of these structures were two-level viaducts, carefully
designed shoring systems were required to avoid interference with traffic.

A key issue in column replacement is the connection of the column to the existing structural
members. An example of a column replacement illustrating this point is shown in figure 9-2.
Note that the existing column steel was left in place and allowed to extend into the new column,
thus forming a moment-resistant connection with sufficient ductility to withstand large
earthquake loads. Anchoring column reinforcement by drilling and grouting is not desirable
unless a considerable embedment length is provided. This method should be used with caution
when the reinforcement will be subjected to several cycles of loading beyond the yield strain of
the steel. It may be possible to add new ‘headed’ reinforcement in the column by drilling
through connecting members such as pier caps. In this case, the headed steel is anchored on the
opposite side of the column, as shown in figure 9-3. In all cases, the structural adequacy of the
pier cap-to-column joint must be considered.

When a concrete column is replaced below an existing bridge, it will usually be necessary to
create a seal between the top of the column form and the soffit of the pier cap so that concrete
can be placed under pressure, thus assuring full contact between existing and new concrete. It
may sometimes be necessary to provide cored vent holes in the overlaying member to prevent
the formation of air pockets. Roughening of the concrete contact surface is also recommended.

9.2.1.1(b). Partial Column Replacement

Partial column replacement involves the removal of surface concrete in the region of the
potential plastic hinge zone. The main vertical column reinforcement is cut and replaced by
machined ‘fuse bars’ that are, in turn, connected to the existing main steel outside of the plastic
hinge zone (see figure 9-4). The connection is made by welded splice plates to which threaded
couplers are welded so that the fuse bars can be replaced in the future. This requires knowledge
of the weldability of the existing reinforcement so that the correct welding procedures can be
developed. The connections are designed to assure that yielding occurs in the fuse bars. The
new hinge is then wrapped with high strength cable to provide the necessary confinement. High
performance concrete is then used to cover the fuse bars and cable. The procedure is described
in greater detail in example 9-1.
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EXAMPLE 9.1: REPLACEABLE HINGE

A column plastic hinge zone with lap splices is to be retrofitted with a replaceable hinge constructed with
high strength fuse bars that can be removed and replaced after an earthquake.

Connector plates are welded to the existing longitudinal rebar such that each connector plate engages
two existing rebar. This is done on the starter bars in the footing and on the column bars. Threaded
studs are welded to the plates, to which threaded couplers are attached. Machined fuse bars are
connected between the threaded studs by means of the couplers.

The existing column is 1.22 m (4 ft) in diameter with 50 mm cover and contains 20 #35 (metric) (#11, cus)
reinforcing bars. The concrete strength is 35 MPa (5000 psi) and the yield stress of the reinforcing steel
is 276 MPa (40 ksi). Fuse bars are made of steel that has a yield stress of 855 MPa (124 ksi) and an
ultimate strength of 990 MPa (144 ksi). The structure has a longitudinal period = 0.7 seconds.

Calculate the fuse bar area and length, size of connector plate, and transverse reinforcement details.

STEP 1. DETERMINE FUSE BAR AREA

To assure that the fuse bars yield before the existing main reinforcing bars:

2f
d; <dy,|-L =0.035m /M =0.035(0.747)=0.026 m (1.0in)
f,, 990

Therefore, the fuse bars will be machined to a diameter of 26 mm (1 in).

STEP 2. DETERMINE FUSE BAR LENGTH

The length of the fuse, L;, is determined so that steel strains remain below levels that will result in low
cycle fatigue during the design earthquake (Dutta and Mander, 1998). Therefore:

6, 0.5

where
8, = plastic hinge rotation determined from an analysis; in this case assume 6, = 0.03
D' = distance between extreme tension and compression bars = (Diameter — cover — spiral ties — 72 dp)

=1.22m-2(0.05+0.019 + 0.018 m) = 1.046 m

N; = effective number of cycles imposed by the seismic event = % where in this case T =0.7 sec.

Therefore:
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_ 0.03rad

L, = 05
0.16

1.046 m (2(8])

=0.785m (31in)= 0.8 m(31.5 in)

STEP 3. DETERMINE SIZE OF CONNECTOR PLATE AND WELD

For E70XX electrodes and a 4.8 mm (0.19 in) weld size:

2 2
f _ :
| =056 fu _g5g2026°990 _qp (13 in)
w s,y 217 0.0048 217

Based on AISC LRFD, the minimum plate thickness is:

toiate = Size of weld + 1.6 mm =4.8 mm + 1.6 mm =6.4 mm (0.25in)

STEP 4. DETERMINE TRANSVERSE REINFORCEMENT
For concrete confinement:

ps = effective volumetric ratio

! f A 2 2
Ps = O.OOSL(’IZ).P—eert—Y[ 2 } —1 where pt = As _ 20% =0.0164
Usf fCAg fc Acc Ag 1.17m
Ps = o.oos3—5(12)i+o.oo4558ﬁ(o.735)2 =0.0011
110" 7/ 35(1.17) 35

For antibuckling:

-0.00455[85—5j =0.0031
1489

[ 1.22m j 1.22

0 =00252351 0025
s 0.026mm/ 0.026

d f

For shear resistance:

0. =0.75A P fs Ag |, O.65—Pe/¢chg'
0 fin Ace| | 0.65+1.2p,f,/f,

=0.75(1 .O)M& -0.735-0.351=0.0007

0.85 1489

Antibuckling therefore controls, and p, =0.0031. This requires 13 mm (0.5 in) strand @ 100 mm (4 in)
spacing.
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Figure 9-1. Column replacement on San Francisco viaducts.
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Figure 9-3. Column anchorage using headed reinforcement.

This retrofit method is intended to provide ductile response during an earthquake while
effectively protecting other structural components. Capacity design principles (see Chapter 5)
are employed to assure yielding in the fuse bars before damage occurs elsewhere in the column.
The method has the advantage that the fuse bars are replaceable following an earthquake. An
alternative design approach, in which these replaceable hinges are constructed as part of new
precast columns, has also been proposed.

9.2.1.1(c). Supplemental Columns

New supplemental outrigger columns to provide ductile resistance to horizontal loads have also
been used when space is available, or when column replacement, with its required shoring, is an
undesirable solution. These columns are usually tied into existing or new pier caps. This is
accomplished by welding or mechanically splicing to existing pier cap reinforcement, or by
prestressing through concrete overlays tied to the sides of existing pier caps. Because of the
potential for introducing high torsion forces into these pier caps, supplemental outrigger columns
are often ‘pinned’ at the top to minimize moment transfer.

Another design issue is displacement compatibility between the existing columns, which must
continue to support the weight of the bridge, and the new, more ductile, supplemental columns.
This often requires that existing columns be retrofitted to preserve a column’s vertical capacity,
as described in section 9.2.1.5. An example of a retrofit using supplemental columns is shown in
figure 9-5.
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Figure 9-4. Replaceable plastic hinge with fuse bars.
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Figure 9-5. Supplemental column retrofit.
9.2.1.2. Column Flexural Strengthening

In general, it is not necessary or even desirable to increase the flexural strength of a reinforced
concrete bridge column. Increased column strength results in increased shear capacity, which in
turn attracts increased forces to foundations and pier caps. However, it will occasionally be
necessary to increase the flexural strength of a column. For example, increasing column strength
at a lap splice in the reinforcement will force the plastic hinge to form in a region of the column
away from the splices.

Three methods for increasing column strength are discussed below.
9.2.1.2(a). Concrete Overlays

Applying full or partial height concrete overlays to the face of an existing column can increase a
column’s flexural strength. A sufficient number of dowels must be provided for shear transfer
between the overlay and the existing column and a roughened contact surface can also help in
this regard.

The extra concrete itself will add some flexural strength because of the increased moment arm
between the vertical column reinforcement and the compression block in the new concrete. To
provide additional flexural strength, it will be necessary to add vertical reinforcement in the
overlays. The additional reinforcing steel must be anchored into existing structural members,
which presents some of the same problems encountered with column replacement. It may be
possible to anchor this reinforcing into newly constructed portions of the pier cap or footing, or
use the headed reinforcement approach discussed earlier and shown in figure 9-3.

The flexural ductility of concrete overlays is also an issue. This is most easily and effectively
done when the existing column is circular or nearly circular in cross-section. Providing
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continuous transverse hoops that are connected with mechanical couplers will generally provide
sufficient confinement for ductility. When the column cross-section is rectangular, closed ties
will effectively support only the corner bars and it will be necessary to provide lateral support for
other bars by drilling and grouting adequate transverse reinforcement through the existing
column. In designing this transverse reinforcement, due consideration should be given to its
anchorage and its effectiveness in providing confinement. An example of column flexural
strengthening by concrete overlays is shown in figure 9-6. This retrofit method is discussed
further in section 10.3.2

9.2.1.2(b). Added Reinforcement in Conjunction with Steel Shell

The strength of an existing column can also be increased by adding extra longitudinal
reinforcement in the grout space between a steel shell and the column. This will require
adequate shear transfer between the grout and the existing column, which can generally be
assured by roughening the existing concrete surface or providing drilled and grouted dowels on
the surface of the existing column. A detail of an application of this retrofit method is shown in
figure 9-7. In this case, a pinned column base was made fixed through this technique. Most of
the additional column steel was anchored into a newly cast concrete footing, but some was
anchored by drilling and grouting into the existing footing concrete. If the new steel is anchored
into existing concrete, it is necessary to provide sufficient embedment length to assure that the
reinforcement can achieve high levels of plastic strain.

9.2.1.2(c). Composite Steel Shell

A steel shell can also contribute to flexural strength if sufficient shear transfer is provided
between the shell and the grout. This is done by coating the inside of the steel shell with an
epoxy adhesive impregnated with grit. Steel shear rings, on the inside of the shell, consisting of
welded reinforcing bar hoops, steel bars, or weld beads can also be used for this purpose. High
strength adhesives can be used to bond steel plates to the surface of the existing column.
Because it is difficult to develop full flexural capacity at the ends of these shells or overlays, this
retrofit method is best used to force yielding of the rebar to occur away from a vulnerable
column region, such as at a splice location or where reinforcing steel has been prematurely
terminated.

Some development of strength at the ends of steel shells is also possible. Anchor bolts may be
used to connect the steel shell at the base of a column to the footing. Tests have demonstrated the
effectiveness of this retrofitting technique for increasing both flexural strength and ductility, and
have shown that flexural yielding of the anchor plate was an efficient means of dissipating
energy, provided that the anchor bolts themselves could be capacity-protected. A detail of this
retrofit method is shown in figure 9-8.
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Figure 9-6. Column strengthening by concrete overlay.
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9.2.1.3. Column Ductility Improvement and Shear Strengthening

One of the principal reasons for the low ductility of existing reinforced concrete columns was the
practice of using starter bars at the base of columns where plastic hinges are likely to form.
Failure in the splice between the starter bars and the longitudinal reinforcement generally occurs
when the concrete surrounding the reinforcing bars splits due to radial stresses that are produced
as the deformed bar tries to pull out of the concrete socket into which it is cast. Once split, the
concrete socket dilates and allows the bar to pull free. Tests have indicated that the critical radial
dilation strain, €4, is on the order of 0.001 for splice lengths of 20 d;, and reinforcement yield
strengths of 276 MPa (40 ksi). If the column has enough confinement at a radial strain of 0.001,
then splice failures can be prevented. Because existing columns usually have either insufficient
or poorly detailed transverse reinforcement that cannot reliably provide this level of
confinement, it is necessary that a retrofit method be employed to do so. The required level of
confinement stress, f, is given by Priestley and Seible, 1991, as:

A f
f 2t (9-1)
—+2(dy, +c) |4

where dy, is the diameter of spliced longitudinal bar, Ay, is the area of spliced longitudinal bar,
fy is the yield stress of splice longitudinal bar, D' is the diameter of the pitch circle of the main
column reinforcement, N is the number of main column reinforcing bars, ¢ is the cover over
these bars, and {; is the splice length.

Equation 9-1 assumes that no slippage of the splice will occur when the stress in the main
reinforcing steel is less than 1.4 fj, which is typically the ultimate stress for this steel. The splice
length must be at least long enough to prevent the shearing of concrete between bar
deformations, which can also cause a splice bar to pull out. Extra confinement cannot prevent
this type of failure. The minimum splice length required is:

0.25d, £, _ 0.021dpf, |
s 2——(MPa units) = —————(psi units) (9-2)
fC fC

Flexural retrofit measures should extend from the critical section to the location where the
moment has decreased to 75 percent of the maximum moment, but not less than a distance equal
to the column diameter. The higher level of confinement required for lap splices needs to be
provided only over the length of the lap splice.

A relaxation of the requirements of equation 9-1 is allowed if slip is permitted at moderate
displacement ductilities. In this case, the maximum tensile stress in the reinforcement could be
assumed to be 1.0 fy, which assumes no strain hardening of the longitudinal reinforcement. Bond
slip will occur at moderate ductilities (typically in the range of three to five), but the constant
confining stress will provide a rather ductile response with only gradual degradation of
performance as a result of dependable friction across the displacing surfaces of the fracture
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plane. The required confining stress would then be 28.5 percent less than that given by equation
9-1, where the value 0.285 is calculated from (1.4 — 1.0)/1.4.

The ductility of existing columns is less than that of new columns even if there are no starter bar
splices near the footing. Excessive flexural deformations in a plastic hinge will subject concrete
and steel to excessive levels of strain. When concrete strains reach a level of about 0.005, cover
concrete begins to spall. When this occurs, inadequate or poorly detailed transverse column
reinforcement will be subjected to increased stresses, which may cause ties, hoops, and
discontinuous spirals to stretch, slip, or pull free from the column, thus becoming ineffective in
providing passive confinement of the column core. This in turn will cause the column core
concrete to crush and vertical reinforcing steel to buckle. Eventually, the core concrete will
fracture badly and lose its capacity to resist axial, flexural, and shear forces. When this occurs,
the column will disintegrate and collapse of the bridge may occur.

Retrofitting will probably affect a column’s elastic (cracked-section) stiffness, and this should be
taken into consideration when analyzing the bridge for design forces. For a steel jacket retrofit,
average increases in stiffness between 10 and 15 percent for a partial height retrofit and 30
percent for a full height retrofit may be expected (Priestley and Seible, 1991). External
prestressed confinement steel and fiber composite jacket retrofits have a negligible influence on
the column stiffness (Wipf et al., 1997).

9.2.1.3(a). Steel Jacketing

This technique was originally developed for circular columns, as shown in figure 9-9 and is
currently the preferred method used by Caltrans for the seismic retrofits of bridge columns
(Caltrans, 1996). Two steel plate half-shells, which have been rolled to a radius equal to the
column radius plus 13 to 25 mm (0.5 to 1 in) for clearance, are positioned over the portion of the
column to be retrofitted, and the vertical seams are then welded. The gap between the jacket and
the column is grouted with a pure cement grout, after flushing with water. A vertical space of
about 50 mm (2 in) is typically provided between the end of the jacket and any supporting
member (i.e., the footing or cap beam) to avoid the possibility of the jacket acting as
compression reinforcement by bearing against the supporting member at large drift angles.
Significant increases in flexural strength are possible from this source, which may then result in
undesirable overload of the adjacent members.

The construction and fabrication procedures typically used for steel jackets place constraints on
their design. Limitations on handling stresses require that the shells have a minimum thickness
of 10 mm (0.375 in), and restrictions on bending thick plates require a maximum thickness of 25
mm (1 in) (Caltrans, 1996).

A steel jacket is effective as passive confinement, but confinement is not provided until the radial
expansion of the concrete column induces circumferential stresses in the steel shell. This radial
expansion occurs as a result of bulging caused by high axial compression strains in the concrete
and dilation around longitudinal reinforcement caused by vertical cracking near the bar splices.
Similar radial dilation occurs with the development of diagonal shear cracks in the concrete of
the column.
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Figure 9-9. Typical steel shell retrofit of round column.

For rectangular columns, the recommended procedure is to use an oval jacket, which provides
continuous confining action similar to that for a circular column. Because of increased space
between the shell and the existing column, small sized aggregate is added to the grout that is
placed in the gap between the column and the shell, as shown in figure 9-10. Rectangular
columns retrofitted in this manner perform very well in flexure and shear. Attempts to retrofit
rectangular columns with rectangular jackets have been less successful, even when the jackets
have been extensively stiffened. This is because the confining action of the rectangular jackets
can only be developed as a consequence of lateral bending of the jacket sides, which is a very
flexible action, compared to the membrane action developed in an oval or circular jacket.
However, if the radius of a portion of the oval is very large, it may be necessary to stiffen it with
braces or to support it at interim locations with bolts drilled through the column, which will help
achieve the required confinement.

Rectangular steel jackets are effective in enhancing the performance of ‘shear critical’ columns.
These jackets can improve column ductility by eliminating the brittle shear mode of failure, but
the failure mode may then shift to a flexural one for which the rectangular jacket can provide
only limited assistance, for the reasons described above.
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Figure 9-10. Typical steel shell retrofit of rectangular column.

The designer should also consider the potential distortion of a steel shell due to the hydrostatic
pressures created as concrete is poured into the space between the shell and the column. This is
particularly important for large oval-shaped shells placed around rectangular columns. Because
the clearances between the shell and existing concrete at the corners of the column are small and
may prevent the flow of the concrete, it may be necessary to provide grouting ports at all four
lobes of the ellipse and to require that the concrete be placed in nearly equal lifts.

Performance of Lap Splices — For a circular column, the required confinement stress, f;, can be
related to the characteristics of this retrofit concept by reference to figure 9-11, which shows a
free body diagram of a half-column section. Equilibrium requires that:

2tf,=f; D (9-3)

where t is the steel jacket thickness, f; is the stress induced in the jacket, and D is the diameter of
the column.

For a steel modulus of elasticity Es, equal to 200 GPa (29,000 ksi), fs will be 200 MPa (29 ksi) at
a strain of 0.001. Substituting this result into eq. 9-3 and rearranging terms gives the following:
2f, 400

S

(mm>=f§—];(in) (9-4)

where the confinement stress, fi, is expressed in MPa or ksi, as appropriate.
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Figure 9-11. Free body diagram of column retrofitting with a steel shell.

Equation 9-4 may be simplified by assuming that f; is approximately 2.07 MPa (300 psi), which
is the value used in the development of this method (Chai et al., 1991). This assumption will
provide satisfactory performance where volumetric ratios of longitudinal reinforcement are less
than 2.5 percent and axial loads, P, are less than 0.15f"cA,.

Columns satisfying the above requirements will sustain drift angles of four percent with an
adequate reserve of displacement capacity. Such retrofitting generally provides sufficient
ductility to allow the retrofitted column to be designed using a response modification (R-factor)
method. In this case, R-factors of four for single column piers, and six for multi-column piers,
may be used. Higher R-factors can be justified in some cases (Caltrans, 1996).

Flexural Confinement — Increasing flexural confinement by retrofitting is often done by
simplified means that yield conservative results. For example, only 83.3 percent of the steel
shell thickness given by equation 9-4 is needed when lap splices are not present. This
corresponds to a passive confinement of 1.72 MPa (250 psi) at radial strains of 0.001. The
R-factor approach described above is then used for columns retrofitted in this manner.

A more rigorous and less conservative design approach relies on determining material strains
that will occur under seismic loading, and then designing the steel shell to provide the
confinement necessary to achieve these strain levels. By equating the strain energy in confined
concrete to the strain energy in the confining steel, it is possible to determine ultimate strains in
the concrete based on the ultimate achievable strains in the confining steel (Mander et al., 1988).
Applying this principle to a circular steel shell of constant thickness, t, leads to the following
equation for ultimate concrete strain capacity:

5.6tf &
€ey = 0.004 + — L (9-5)
D

cC

356



where f is the yield stress in the shell steel, &, is the ultimate strain in the shell steel (a value of
0.10 is recommended for A36 steel), D is the diameter of the steel shell, and ' is the ultimate
confined concrete stress capacity.

The value of ' can be related to the lateral confinement stress, which equation 9-3 shows is
related to the shell thickness, t.

Al 1 1 . f 4 f
Therefore: fo. =1, | —1.254+2.254 |1+ > 88,t s A > (9-6)
Df.  Df,

By reorganizing equation 9-5 and solving for the shell thickness, t:

5 (€c —-004)Df
5.6f.&,

(9-7)

Equation 9-7 is solved for t for known values of ¢, and f;c . An initial, but conservative, value
for t may be obtained by assuming concrete strain demands of 0.02 and confined concrete stress
demands of 1.7 f;.

Once an initial value for t is determined, a more accurate value of g, for a given earthquake
response can be determined using a computer program to perform moment-curvature analysis of
the retrofitted section. This analysis relates concrete and reinforcing steel strains to various
degrees of plastic curvature of the column. Several computer programs are commercially
available for this purpose. This analysis also allows the development of a simplified inelastic
moment-curvature relationship for use in an inelastic static analysis. In this analysis, the frame
containing the subject column(s) is incrementally deformed (or ‘pushed over’) to a target
displacement equal to a multiple of the displacement obtained from an elastic analysis (a factor
of 1.5 is suggested to provide an adequate factor of safety). At each increment of deformation,
the plastic hinges, which are assumed to have a length {,, are allowed to deform according to the
assumed moment-curvature relationship, which will vary with the column’s axial load. At the
target displacement, it will be possible to identify the plastic hinges and determine the
corresponding plastic rotation at each location. The plastic curvature at a section is determined
by dividing the plastic rotation by the effective plastic hinge length, €,. The revised target
concrete strain, &, is then determined from the moment-curvature analysis. If necessary, the
shell thickness can be adjusted and the procedure repeated until the solution converges to an
acceptable value for shell thickness. An example of a steel shell design using both the simplified
procedure and this iterative procedure is given in example 9-2.

The plastic hinge length will be shortened due to the clamping action of the retrofit measure,
particularly if the plastic hinge contains lap-spliced longitudinal reinforcement. For example, the

hinge length for a column with a steel shell retrofit is given by
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where s, is the gap between the retrofit measure and critical section (typically about 50 mm
(2 in)), dy 1s the diameter of longitudinal reinforcement, and  equals 6 for grade 40 reinforcing
bars (i.e., f; = 275 MPa (40 ksi)) or 9 for grade 60 reinforcing bars (i.e., f; = 414 MPa (60 ksi)).

Equation 9-8 has been developed for steel-jacketed columns, both with and without lap splices. It
is expected to give conservative estimates of hinge length for columns that have externally
prestressed confinement systems or fiber composite jacket retrofits where there are no lap-
spliced reinforcing bars in the plastic hinge region.

Shear Strength Enhancement — The shear resistance of a passive circular steel jacket may be
found by analogy to hoop or spiral reinforcement. The jacket is considered to act like a spiral
bar of area A, at spacing s, equal to A,/t. The additional nominal shear capacity V;, provided by
the jacket, is given by:

T
V= EtfysD cot® (9-9)

where fy, is the jacket yield stress, and 0 is the shear crack angle measured from the vertical, and
is given by the equations 9-10 or 9-11 below, provided that the longitudinal reinforcement is not
terminated in the length of column encompassed by the failure plane defined by the angle.

p.n+1.262 |

0=tan"' Prl| sq for fixed-pinned columns (9-10)
I+pn
.
p.n+0.46Px
0=tan"' Pl s o for fixed-fixed columns (9-11)
I+pn
where:
py = 2th,
pt = Ay/A, (longitudinal reinforcement ratio),
n = EJE,,
o = DL (geometric aspect ratio of the column),
D' = distance between the outermost reinforcing bars in the direction of shear, and
L = twice the distance from the point of fixity to the point of zero moment within the
column.

Retrofit Design Criteria for Rectangular Columns — The principles developed above can be

extended to rectangular columns. At this time, only the elliptical-steel jacket method of retrofit,
as shown in figure 9-10, has been demonstrated in the laboratory to have adequate confinement
due to hoop action in the shell (Sun et al., 1993). Stiffened flat steel plates have also been used
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in the field and tested in the laboratory (Priestley et al., 1992) but their performance under cyclic
loads is inferior to the elliptical jacket. In some cases, flat plates may be desirable on wide (or
architecturally flared) columns for aesthetic reasons. In these cases, the required confining
pressure will need to be provided by plate bending. A thicker or a stiffened plate, in conjunction
with bolts placed in holes drilled through the column, may be required to accomplish this.

Rectangular columns that are not square generally have greater stiffness, and thus greater
ductility demand, in the direction of the longer side (usually the transverse direction). Square
columns or those that are almost square, can be retrofitted with a circular shell, but those that
have significant plan aspect ratios should be fitted with elliptical jackets. As a consequence, the
curvature of the shell surface for a rectangular column varies continuously.

The equation of an ellipse may be expressed as:

S A (9-12)

where By and By are defined in figure 9-12. The extreme radii of an elliptical jacket in the two
principal directions are:

2 2
y

B B,
L :B— and 1, = B (9-13)

X y

The jacket radius at the corner of the column section, r,, may be taken as the average of r; and r3.
In practice, it simplifies shell fabrication if two constant radius segments are joined to
approximate an ellipse. Standard shapes have been developed for various cross-section
dimensions (Caltrans, 1996).

The design equations for flexural integrity and ductility capacity may be adapted from design
equations for circular columns using an average radius of the ellipse over the extent of the
compression zone. A reasonable approximation to this could be obtained by taking the average
of the jacket radius at the column section corner, r,, and at the principal axis under consideration.
With reference to figure 9-12 for a rectangular column with cross-sectional dimensions of 2a in
the x-direction, and 2b in the y-direction, the average radius for the shell in the x direction is:

rx=(r+1)/2 (9-14)
and in the y-direction is:
ry=(r3+1)/2 (9-15)

The appropriate confinement equations can now be used to determine the required shell
thickness by substituting D = 2r, or D = 2r.
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Agr = LS = Aspect Ratio
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By= B, *xAg LS = Long Side

SS = Short Side

Geometry of Ellipse

Casing

Existing Column

Fabrication of Shell Using Two
Curves to Simulate Ellipse

Figure 9-12. Geometry of an elliptically shaped jacket.
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EXAMPLE 9.2: STEEL SHELL RETROFIT

Given: a 9.15 m (30 ft) high single column pier that is 1.22 m (4.0 ft) in diameter. Itis assumed to be
rigidly connected to a footing and unrestrained at the top. The dead load of the superstructure is 4.45 MN
(1000 kips). The structure is located at a site where F,S; = 0.6.

The main reinforcement in the column is 20 #35 (metric) (#11 cus) grade 40 reinforcing bars that are not
lap-spliced and are confined by #13 (#4 cus) hoops at 305 mm (12 in) spacing. There is 50 mm (2 in)
cover over the #13 (#4 cus) hoops. The concrete strength is assumed to be approximately 35 MPa (5000
psi) and the effective moment of inertia of the section is 0.0544 m* (6.3 ft4).

Moment capacity M, = 4.5 MNm (3317 k/ft)
Shear capacity  V, =0.492 MN (110.6k)

The column details are non-ductile and it is proposed to use a circular steel shell to increase the ductile
capacity of the column. Calculate the thickness of the shell required for flexural confinement and check
shear strength requirements.

STEP 1. SIMPLIFIED DYNAMIC ANALYSIS

Stiffness for single curvature.

3El, 3 (27800MPa)(0.0544m* )

Stiffness k. = =5.93 MN/m (406 k/ft
N 9.15°m? ( )
Mass m = w = LMNZ =0.454 MNsec?/m (31.0 k- sec?/ ft)
g 9.8m/sec

2
Period T = 21 | = o5 [2:494 MNsec™ _ 2/ cec
Kk, 5.93 MN/m
20 -#35 (#11) % % l % —l_
9.15m

(30 ft)
Steel Shell A+ *A

Retrofit \ |

Radius =
0.610 m (2.0 ft)

#13 @ 305 mm Hoops
(#4 @ 127)

Single Column Pier
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g _RSi__ 06

a =—=0.345
T 1.74sec

Viq = SM, = 0.345 (0.454x9.8) = 1.54 MN (346 k)
Meq = ViegL =1.54 MN (9.15m) = 14.05 MN/m (10,360 k/ft)

Vg 1.54MN

A - -0.26m (0.85 ft
BQ T K T 5.93MN/m ( )

c

STEP 2. SIMPLIFIED SHELL DESIGN

fD
Plate thickness: t, > 4%0 _207 ijél)zzo)mm -6.3mm (0.25 in) = say6mm (0.25 in)(Eq 9-4)

Fs was taken as 100 MPa.

Ductility factor:

_Mgg  14.05 MNm

= =3.12<4 = OK (for M, derived from section analysis)
M 4.50 MNm

R-factor: R4

n
Using t = 10 mm (0.4 in) as the minimum thickness required for field handling:
Length of plastic hinge zone:

1,=025L=0.25(9.15m)=2.29m (7.5ft) = use25m (8.2f)

STEP 3. RIGOROUS DESIGN CHECK

The first step in a rigorous design check is to perform a computer based moment-curvature analysis that
considers the concrete stress and strain enhancement resulting from shell confinement and the strain
hardening of the steel. Such programs may model the column section as a series of concrete and steel
elements with these enhanced stress-strain properties. The shell is only considered effective as confining
reinforcement. Plane sections are assumed to remain plane as the section is rotated incrementally while
maintaining force equilibrium. The results can be presented as force-displacement curves at the top of
the column. The following plot, obtained from a Caltrans in-house program, reflects the force-
displacement curve for this column retrofitted with a 10 mm (0.4 in) thick steel shell.
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Horizontal Force vs. Displacement
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Displacement - m
The following values were obtained from the moment-curvature analysis:

6, = 0.0591radians (plastic rotation capacity)
gq, = 0.03211
Ay =0.10m (4in) (idealized yield displacement — see plot)

The next step is to perform a pushover analysis of the bent to the following target displacement, and to
calculate the plastic rotation demand at the critical section of the column. In this case, the pushover
analysis can be calculated by hand, but in a more complicated structure, a nonlinear computer program
must be used.

At =1.5A;q =1.5(0.26)m=0.39 m (1.3 ft) (target displacement derived from elastic analysis)
Ap =A;-Ay =0.39m-0.10m=0.29 m (0.95 ft)

Op = A _ 0.29 m =0.0317 radians (plastic rotation demand from “pushover”)

L 915m

0p <0.0591 radians = OK

Notice that, based on rigorous analysis, the retrofitted column can accommodate nearly twice the plastic
rotation demand that would be imposed on it during the design earthquake. There would be a case for
reducing the shell thickness if constructability were not an issue. Out of curiosity, the above process was
repeated until the shell thickness converged on a value that was just sufficient to resist the plastic

rotational demands. The value obtained was approximately 4 mm (0.16 in), even less than obtained by
the simplified approach.

STEP 4. SHEAR DESIGN CHECK

Vp =1.5Vy = 1.5 (0.492) MN = 0.74 MN (166 k)
V, = 00.8A,(0.083) 2,1,

=0.85(0.8) 1.17m? (0.083) 2+/35MPa =0.78 MN (175.3k) >0.74 MN (166k) = OK

Shear does not control outside the plastic hinge region.

363



The effective confinement will thus be less in the direction of the shorter side (usually the
longitudinal direction), which will therefore be the weak direction of the column and may govern
design. In piers with large plan aspect ratios, it may be impossible to obtain adequate
confinement in the direction of the shorter side. In these cases, it will be necessary to add
stiffeners or tie rods to assist the shell in providing the required confinement. However, it will
frequently be found that a realistic assessment of displacement capacity in the weak
(longitudinal) direction of the bridge will indicate that no retrofit is necessary, and the design of
the jacket will be governed by the requirements in the strong (transverse) direction.

9.2.1.3(b). Fiber Composite Jacketing

There are a number of proprietary techniques for jacketing or wrapping deficient concrete
columns that use advanced fiber composites to increase the flexural ductility and shear strength,
and to correct lap splice length deficiencies at ends of columns. These composites are usually
high strength glass (E-glass), carbon, or aramid fibers oriented primarily in the circumferential
direction of the column, and bound in a polyester, vinyl ester, or epoxy resin matrix. The
resulting material has anisotropic properties, which allows the flexural ductility, splice strength
and shear strength of a column to be improved without significantly affecting flexural strength
and stiffness. Since the properties of a cured composite laminate depend on the particular fiber
and resin combination, it is advisable to use only components that have been developed for use
as part of a system and thoroughly tested. Detailed guidance on the use of composites for
column wraps is available in ACI’s Design and Construction of Externally Bonded FRP Systems
for Strengthening Concrete Structures (ACI, 2002).

Current design philosophy is to install column confinement as a passive system that is engaged
only when the concrete column is loaded and dilates. In the past, there has been some
experimentation with active systems where the fibers are loaded or prestressed during
installation. However, extreme caution must be taken with an active system because of the
natural tendency of composite materials to creep under sustained loading, which can lead to
rupture of the wrap. This can occur even at relatively low stresses and is exacerbated by the
difficulty in obtaining uniform stresses in the wrap. Exterior steel prestressed cables, used in a
similar fashion to steel hoops, have been used successfully by Illinois DOT to retrofit inadequate
length lap splices.

One of the first fiber composite wrapping systems to be developed consisted of glass and aramid
fibers in an epoxy matrix (Fyfe, 1994). The fibers were woven into a fabric, which was saturated
in an epoxy resin in the field and then hand wrapped around an existing column. Additional
confinement may be provided in critical regions, such as the bottom of columns. This approach
has been successful in enhancing the flexural ductility and shear strength of circular columns in
the laboratory (Priestley et al., 1994).

In the past, another form of passive confinement involved the use of a special wrapping machine
that placed epoxy impregnated carbon fiber ‘tows’ (a tow is a series of straight-laid fibers)
directly onto the column (Seible et al., 1995). The tows were wound up the column at 6 rpm and
heat cured for at least two hours at temperatures up to 121 degrees centigrade. After curing, the
jacket was protected with an acrylic emulsion spray coating. This proprietary system is no
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longer in use. However, carbon systems can be effective when applied in the same manner as
E-glass systems.

Rectangular columns have also been tested with fiber composite shell retrofits (Seible and
Priestley, 1993; Seible et al., 1995). One approach, which utilizes an elliptical jacket placed over
a section of the column that has been built up into an elliptical shape, has been shown to increase
both the ductility and shear strength of the column. Another approach allows jacketing to be
placed directly on the surface of a rectangular column. This method will increase the shear
resistance of the column and force a flexural failure with increased, but limited, ductility
provided that the cross-sectional dimensions of the column are not too large.

At least two systems now available use prefabricated fiber composite shells (Xiao et al., 1995;
Steckel et al., 1998). One of these systems uses a series of shells comprised of high strength
fibers in a polymer matrix similar to field-installed systems, except that they are manufactured
under factory controlled conditions. Field installation of this passive confinement system
involves bonding an initial prefabricated shell to the existing column. Subsequent shells are
placed over the first shell, with the shell seams rotated around the column so that they are
overlapped, until the desired jacket thickness is achieved. These shells are clamped to the
existing column using straps, until the bond has fully cured. This system can be quickly installed
without the need for heavy equipment or skilled labor.

Fiber composite column jacketing systems have been developed and tested (Matsuda et al., 1990;
Ogata et al., 1993). In addition to using fiber composites to increase flexural ductility and shear
strength, some of the fibers may be placed along the axis of the column to increase flexural
strength.

Designers should be aware of potential freeze-thaw problems when considering column
jacketing in cold regions. A potential problem exists when retrofitting using continuous fiber
composite jackets. Moisture can collect between the jacket and the concrete column and freeze,
resulting in expansive pressures that can cause a rapid deterioration of the concrete or damage to
the wrap. The potential for this deterioration can be reduced by applying the jacket in relatively
narrow bands (e.g., 150 mm (6 in)) with an epoxy-free gap between bands equal to or greater
than the width of the bands, but not greater than six times the main reinforcing bar diameter plus
the clear cover over the bar (Aquino et al., 2004). Tests (Jin et al., 1994) have also shown that
discrete fiber composite straps placed around an existing column could increase its flexural
ductility and shear strength. If a continuous wrap is used, precaution should be taken to prevent
water ingress from the top. Repair of leaking joints at piers and/or waterproofing at of the top of
the column is very important.

Another drawback of fiber composite systems is their susceptibility to absorbed moisture
(Steckel et al., 1998). Glass fibers can lose significant strength due to moisture absorption,
which can be accelerated by temperature variation. The polyester epoxy matrix used in glass
fiber composites can provide a measure of protection against this type of damage, but is very
sensitive to the type of material used and the manner in which the composite is fabricated and
installed.

365



Carbon fibers themselves are not affected by moisture, but the quality of the polyester epoxy
matrix is critical to the performance of the composite. Carbon fiber systems have shown loss of
tensile strength at high temperatures due to moisture absorption. This may require redesign of
the epoxy matrix component in order to satisfy design and performance requirements.
Collaboration between the designer and composite material supplier is encouraged.

These types of problems can be addressed by careful testing of prospective systems under
extreme or accelerated service conditions, good quality control during construction and
application in the field, and design with sufficient safety factors to account for prospective
strength loss. It is important to note that although the strength of fiber composite systems is
susceptible to environmental factors, the stiffness of these systems remains constant. This is
encouraging since their effectiveness is stiffness sensitive.

Table 9-1 shows mechanical properties for a number of different fiber types. This is provided
for reference only and it should be noted that the properties of the cured laminate may differ

from the fiber properties.

Table 9-1. Mechanical properties of fibers used in modern fiber-reinforced plastic composites.

TypoofFiber | Strength, | Ulimate | Modulus of Easticiy
MPa (ksi)
E-Glass 2410 (350) 0.020 41 (6,000)
S-Glass 3450 (500) 0.030 41 (6,000)
CF-Pan 4140 (600) 0.020 228 — 345 (33,000 — 50,000)

C-Pitch-GP 1380 (200) 0.003 41 (6,000)

Pitch UHM 2760 (400) 0.005 483 — 827 (70,000 — 120,000)
Aramid 3450 (500) 0.020 69 — 138 (10,000 — 20,000)
Ceramic 690 (100) 0.020 69 — 276 (10,000 — 40,000)

Nylon 345 (50) 0.050 - 0.500 3.5 (500)

A procedure for the design of fiber-composite column jackets is described below.

Performance of Lap Splices — In the active/passive confinement system of figure 9-13, an active
wrap is stressed to produce a reliable, after-creep, active confining stress in the column, and an
additional passive wrap is also provided. Both layers develop (additional) hoop stress as the
jacket expands to a strain of 0.001. Wrap thicknesses can be found from equilibrium as follows:

2 (taEa + tpEp) (0.001) =D (fy - f,) (9-16)
where t, is the thickness of active wrap, E, is the modulus of elasticity of active wrap, f, is the

active confining stress in the column, t;, is the thickness of passive wrap, and E, is the modulus of
elasticity of passive wrap.
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Rearranging equation 9-16 gives:
taEa + t,E; > 500 D (f; - 1,) (9-17)
In a passive system, the active layer is eliminated and equation 9-17 becomes:
t,Ep > 500 D f; (9-18)

As with steel jackets, the required confinement stress, f;, can be determined from equation 9-1,
or a simplified approach can be used in which f; is set equal to 2.07 MPa (300 psi) for a typical
column with Grade 40 starter bars and splice lengths of 20 dy.

It is likely that columns with bars that have inadequate lengths of lap-splices can be safely
retrofitted with thinner jackets than those determined by the above design procedure, since there
is good experimental evidence that columns can tolerate jacket dilation strains up to 0.003
without a loss in strength (Hawkins, 2000). The Illinois DOT uses this higher value for column
composite jackets, but requires that any circumferential crack in the lap-splice zone be limited to
0.8 mm (0.03 in) in width. This width may be exceeded if the shear capacities along the crack
are calculated and found to be otherwise acceptable. The advantage of a thinner jacket is that it
will allow the development of a greater plastic hinge length, and thus there will be less chance of
bar fracture than with a thicker jacket subject to the same plastic rotation.

tp
ta
fy
L+++f+++¢¢+++f++|
* D J
LT, LT

after Priestley et al., 1992

Figure 9-13. Free body diagram of column retrofitting with a composite shell.

Flexural Confinement — The jacket thickness requirements for fiber composites can be
determined using moment-curvature analysis of the retrofitted column in conjunction with a
nonlinear static (‘pushover’) analysis. This approach, which is described in section 9.2.1.3(a) for
steel jacketing, is also applicable for fiber composites. Because the stress-strain curves for high
strength fiber composites used for column retrofitting are essentially linear up to failure, the
ultimate strain in concrete (€,) confined by these jackets is given in equation 9-19:

2-Spsfduedu

£, =0.004+ (9-19)

cC
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where fy, is the ultimate design strength of the jacket material taking into account long-term
environmental degradation, g4, i1s the ultimate design strain of the jacket material taking into
account long-term environmental degradation, and ps is the effective volumetric ratio.

B 4(ta +tp)
Ps=——p (9-20)

Equations 9-19 and 9-20 may be used to solve for the required combined thickness of both active
(ta ) and passive (t,) layers of the composite jacket, as shown in equation 9-21:

Df,,

du€du

t, +t, =0.1(gg, —0.004))

a p

(9-21)

If the properties of active and passive wraps are very different, a weighted average for fy, and g4,
should be used.

A simplified design approach may be used in which a confinement stress of 1.72 MPa (250 psi)
is provided at a dilation strain of 0.004. This results in the following jacket thickness
requirement to assure adequate displacement ductility to allow the retrofit to be designed using
an R-factor of four in most typical columns:

ty+t, 2 215D (mm) (9-22a)
E;
31D .
ta + tp > E_ (1n) (9-22b)

J

where E; is the weighted average of the elastic moduli for the active and passive wraps (MPa or
ksi units).

Shear Strength Enhancement — Following an approach similar to that used for steel jackets, the
enhancement in column shear strength for fiber composite jackets is:

T

Vg =3 ((t.Ea +t,E, )&, +T, ) Doot 6 (9-23)

§]

where T, is the active tensile force per unit height of the jacket due to active pressure, T, = f,
D/2, and 0 is the shear crack angle given by substituting E; for E in equations 9-10 and 9-11.

Tests have shown that column retrofits designed assuming a maximum allowable passive strain

due to shear (g,) = 0.006 and 6 = 30 degrees, have ductile flexural response. A design example
for a composite shell retrofit is given in example 9.3.
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EXAMPLE 9.3: FIBER COMPOSITE SHELL RETROFIT

Given: a 6.1 m (20 ft) high single column pier that is 1.68 m (5.5 ft) in diameter. Itis assumed to be rigidly
connected to the footing. The dead load from the superstructure is 9.9 MN (2250 kips). The structure is
located in a site where F,S; = 0.5.

The main reinforcement in the column is 28 #42 (metric) (#14 cus) grade 40 reinforcing bars that are not
lap spliced and are confined by #13 (#4 cus) hoops at 305 mm (12 in) spacing. Concrete cover is 50 mm
(2 in) over the #13 (#4 cus) hoops. The concrete strength is assumed to be approximately 35 MPa (5000
psi) and the effective moment of inertia of the section is 0.194 m* (22.5 ft*). Moment capacity,

M, = 13.57 MNm.

The column details are non-ductile and it is proposed to use a passive composite shell to retrofit the
column. Calculate the thickness of the shell required for flexural confinement and check shear strength
requirements. Assume E; = 42000 MPa.

STEP 1. SIMPLIFIED DYNAMIC ANALYSIS

. 4
Stiffness k, = Cett _ 3(27800MPa)-0.194m™ _ 4 5 vy (4040 it

L3 6.10°m?

Mass m=L = _99OMN__ 4 o1 MNsec?/m (69.2 - k-sec?/ft)

g 9.8m/sec?

_ 2
Period T = 2 /kﬂ - 275\/1 010MN-sec™/m _ 748 sec
C

71.3MN/m

28 -#42 (#14)

Radius =
0.840 m (2.75 ft)

#13 @ 305 mm Hoops 6.10m
” 20 ft
(#4 @ 12) s YA ( i )
Single Column Pier
S, = RS _ 05 0.668 g
T .748

Veg = S,W =0.668-(9.90MN) = 6.61 MN (1486 k)

Meq = Vegl =6.61MN (6.10 m) = 40.34 MNm (29,745 k/ft)
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n _Vea __6.61MN
B Kk T 71.3MN/m

c

=0.093m (0.3 ft)

STEP 2. SIMPLIFIED PROCEDURE FOR FLEXURAL CONFINEMENT

215D _ 215(1.68 m)

P~ E; 42000 MPa

t

M
NTQ —ﬁ=2.97<4 = OK

~ 13.57

Retr =

n

where M, is derived from section analysis.

STEP 3. SHEAR STRENGTH ENHANCEMENT

_1.4M _1.4(13.57 MN—m)
L 6.10m

\Y

=3.11MN (699 k)

V, = ¢O.8Ag(0.083)-2\/a =0.85(0.8)-2.21m?(0.083)-2,/35 MPa =1.48 MN (333 k); i.e., concrete
confined within the shell is 100 percent effective in resisting shear.

_Ve-V, _3.11MN-1.48 MN
s 0 0.85

=1.922 MN (432K)

Solving for t, from formula 9-23:

Ca g 2(1.36 MN)
@~ rEg,Dcotd  3.142(42000 MPa)(0.006)-1.68 m(1.0)

=0.003m (0.08in) < 0.0086m (0.34 in) = OK

No additional shell thickness is required for shear strength enhancement, but the shell should be full
height. The portion of shell above the plastic hinge zone may be reduced in thickness to reflect only
shear requirements.

=0.0086m (0.34in) = minimum shell thickness (Eqg. 9-22a)
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9.2.1.3(c). External Prestressing Steel

An improved form of confinement may be achieved by wrapping prestressing wire under tension
around a column. Active pressure, rather than passive pressure, provides the lateral confining
stresses needed to increase flexural ductility, although passive pressure will also add to the
confinement. This procedure has successfully increased the flexural ductility of circular columns
with lap splices at the critical section, but its effect on shear strength has not yet been quantified.
It is, however, expected to be beneficial. An advantage of this technique is that it has little effect
on the flexural strength and stiffness of the column. Reliable anchorage of the wire ends is
essential for an effective field application.

Initial attempts to design a machine to wrap prestressing wire around a column proved not to be
economical due to the size of the machine required to produce the desired tension in the strand.
Another method of stressing uses standard 15 mm (0.6 inch) diameter prestressing strand that is
anchored in special anchorages originally designed for prestressed water tanks. This method
uses existing materials and equipment, and has been successfully tested in the laboratory (Lin et
al., 1994). These anchors are shown in figure 9-14. Subsequent tests (Hawkins et al., 1999)
showed that columns retrofitted with prestressing strand lose strength at dilation strains beyond
0.001 as a result of high prestress losses that occur due to stressing the strands around a typical
column, and the penetration of the strand into the concrete during cyclic loading. This
observation is used to set the strain limit in the design procedures that follow.

1/4” Concrete Screw
2-3/4” t0 3-1/2” Long

(69.9 mm to 88,9 mm Long)
Q Required
2-1/2” =) _ — 1t4"
63.5 mm - - — 1

Y7 1

N
%

Figure 9-14. Anchorages for prestress strand retrofit.

Another method of stressing that has been developed and successfully tested involves placing
unstressed strand around the column (Swanson, 1999). A hand-held machine is used to stress the
strand by pulling a portion of the strand radially away from the column and inserting a steel
wedge between the strand and the column, as shown in figure 9-15. This procedure is repeated
around the circumference of the column until the strand is adequately stressed and provides a
somewhat uniform confining stress. This stressing technique has the added advantage of
minimizing prestress losses due to friction.
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Threaded semicircular steel bars may be used instead of prestressing wire to achieve a similar
effect. Originally designed to prevent the splitting of a concrete column under service conditions,
these bars are placed around a column and tightened to produce a prestressing force to prevent
nonductile column failure under cyclic loading (Lin et al., 1994). Similar improvements may be
obtained from a system using semicircular threaded reinforcing bars tightened by threaded swage
couplers, as shown in figure 9-16 (Coffman et al., 1991).

Figure 9-15. Prestressing retrofit by wedging between column and strand.

Steel on the outside of a column must be protected from corrosion. This can be done by en-
casing the wire with a concrete jacket of nominal thickness that stops short of adjacent members
(footings or cap beams) to avoid increasing the flexural strength or stiffness of the column.

Since no data is available on the performance of rectangular or square columns using this
technique, applications should be limited to circular columns at this time.

Performance of Lap Splices — The confinement stress required to prevent splice failure, f;, was
discussed in section 9.2.1.3(a). The free body diagram of half of a circular column retrofitted by
a wire wrap method is shown in figure 9-17. Equilibrium requires that

2T=fD (9-24)

and if E; =200 GPa (29,000 ksi):

2A
—2L(f;+200)=f,D (MPa units) (9-25a)
S
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2A
—L(£f;+29)=f,D (ksi units) (9-25b)
S

where A, is the cross-sectional area of wire equal to 0.785 d,’, d, is the diameter of wire, s is the
spacing of wire, and f; is the tensile stress in wire after losses (MPa, ksi).

Shotcrete Cover Existing Concrete

Column

Reinforcing Hoops
Tensioned with
Special Turnbuckle

Chip Concrete
for Turnbuckle

Cross Section

Special
Turnbuckle — | = ¢~ Shotcrete

Elevation

T[T

(LI
=
=
[ — )
1
=
T
HIN
[ 1], ]

Threaded
Reinforcing
Bar
Turnbuckle Detail

Figure 9-16. Semi-circular reinforcing bars with couplers.
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D ———

— dp at spacing s

after Priestley et al., 1992

Figure 9-17. Free body diagram of column retrofitting with external prestressing.

Solving equation 9-25 for the required spacing gives:

2A, (f; +200) . 2A,(f; +29) o
<———  (MPa units) = ———— (ksi units) (9-26)
f,D f,D
The required level of confinement, f;, can be determined from equation 9-1. Alternatively, the
confinement stress can be taken as 2.07 MPa (300 psi), which will be adequate to prevent splice
failure in most columns (Chai et al., 1991), and equation 9-26 then becomes:

A, (£;+200)

] 6.7Ap (fi + 29)
s< T MPa units =

(ksi units) (9-27)

Strand spacing, s, should not exceed six times the diameter of the main reinforcing bar (Hawkins
et al., 1999).

Flexural Confinement — Taking account of differences in the shape of the stress-strain curves for
prestressing wire and mild structural steel, and the configuration of wire and strand versus that of
a shell, equation 9-5 can be rewritten as:

4A f €
€y = 0.004+$ (9-28)
S

cC

where f,, and &, are the ultimate design stress and strain, respectively, for prestressing wire, and
f'. 1s as follows:
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C 15.88A f,, 4Af
f,. =f,| —1.254+2.254 [1+ pRE PR (9-29)
sDf, sDf,

Rewriting equation 9-28 leads to the following requirement for prestressed wire wraps:

A, _ Df,
—LP>_—cc (g —0.004) (9-30)
S 4fpu£Su

Once the value of g, at the target displacement has been determined from a moment-curvature
curve and an inelastic static analysis, using the methods described above for steel shells, it will
be possible to solve for Ay/s using an iterative approach. Assuming &, = 0.002, and f'cc = 1.7 f',
will give a conservative initial value for Ay/s.

In the case of prestressing strand, the above design approach can be simplified by assuming a
confinement stress, f;, equal to 1.72 MPa (250 psi) and a passive steel strain of 0.004. This
should be sufficient to keep the strand on the linear portion of the stress strain curve

(1.e., f;= 0.8 f,,) provided moderate levels of active stress are used. This results in the following
simplified design equations:

ﬁ > D
s 0.92f,

(MPa units) = s D (ksi units) (9-31)

pu

This simplified requirement for prestressed wire wraps will be adequate for most columns,
although it may be overly conservative in some cases.

Shear Strength Enhancement — The shear strength provided by external prestressing wire may be
determined in the same manner as conventional circular hoops or spirals. Therefore, the shear
capacity contribution of this steel is given by equation 9-32:

| Au(08£,)D
LAY S ¢

oto (9-32)

A design example of a column wrap using external prestressing wire is given in example 9-4.
9.2.1.3(d). Concrete Jacketing

The addition of a jacket of reinforced concrete around an existing circular or rectangular column
was discussed earlier in section 9.2.1.2(a). The application is straightforward, following the
rules for reinforced concrete design. However, adding a concrete jacket requires holes to be
drilled through the existing column and placement of supplemental ties through these holes.
These ties must be adequately anchored on both sides of the existing column.
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EXAMPLE 9.4: EXTERNAL PRESTRESS

Given: the single column pier in example 9-3. The column is 6.1 m (20 ft) high, and has a diameter of
1.68 m (5.5 ft). Itis assumed to be rigidly connected to the footing. The dead load of the superstructure
is 9.9 MN (2250 k). The structure is located in a site where F,S4 = 0.5.

The main reinforcement in the column is 28 #42 (metric) (#14 cus) grade 40 reinforcing bars that are not
lap spliced and are confined by #13 hoops at 305 mm (12 in) spacing. The concrete cover over the #13
hoops is 50 mm (2 in). The concrete strength is assumed to be approximately 35 MPa (5000 psi) and the
effective moment of inertia of the section is 0.194 m* (22.5 ft*).

The column details are not ductile, and it is proposed to use a steel wire wrap to retrofit the column.
Calculate the diameter and spacing of the wire using the simplified procedure for flexural confinement,
and check shear strength requirements.

Mn =13.75 MNm

Prestress strand f,, = 1862 MPa (270 ksi)

STEP 1. SIMPLIFIED DYNAMIC ANALYSIS

4
_ SElyy _3(27800MPa)-0.194m® _ o\ 4ta0 it

k
L3 6.10°m?

c

Mass: m=- - _990MN __ 110 MNsec?/m (69.2 k sec? /ft)

g 9.8m/sec?

2
Period: T =2r |-% = 2n\/1'010MN SeC/M _ 0 748 sec
k. 71.3MN/m

a RS _ 05 =0.668 g
T 748

(%2
Il
Il

Veq =S,W =0.668-9.90 MN = 6.61 MN (1486 k)
Meq = Vegl = 6.61MN (6.10 m) = 40.34 MNm (29,745 kft)

Vg _ 6.61MN

A - -0.093 m (0.3t
B K T 71.3MN/m ( )

C

STEP 2. SIMPLIFIED PROCEDURE FOR FLEXURAL CONFINEMENT

A D 1.68 2 2

P
- - -0.00098 M>/  (0.04 i’ Eq. 9.31
s 092, 0.92(1862) i i) (Eq. 9-31)
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i.e., minimum wire wrap area per unit length is required, which is approximately a 12.7 mm strand at 75
pitch (0.5 in strand at 3” pitch).

Meq  40.34 MNm

= =297<4 = OK
M 13.57 MNm

Rer =

n

where M, is derived from section analysis.

STEP 3. SHEAR STRENGTH ENHANCEMENT

_ 1AM, 141357 MNm) _ o 1 00 i

V,
P L 6.10 m

)

V, = 00.8A,0.083-2,f, =0.85(0.8)-2.21m (0.083)-2,/35 MN/m? or MPa =1.48 MN (333 k),

i.e., the concrete confined within the wire wrap is 100 percent effective in resisting shear.

CVe-V, 311-148

V, = =1.92 MN (432 k)
j o 0.85

. Aps .
Solving for — from equation 9-32:
s

Aps 2V 2 (1.92 MN)

> = =0.000489 <0.00098 = OK
s (0.8, )Dcoto 3.142(0.8)(1862 MPa)(1.68 m)(1.0)

No additional wire is required for shear strength enhancement, but wire wrap should be full height.
Spacing of the wire wrap above the plastic hinge zone may be increased to reflect only the shear
requirements.
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Concrete jackets are usually constructed as overlays and may be of two types.

e Shotcrete overlays and mild steel reinforcement (Rodriguez and Park, 1992; Amari et al.,
1994; Pardoen et al., 1998), and

e Fiber reinforced concrete overlays, comprised of a steel fiber mat wound around a column
and infiltrated with slurry (Hawkins et al., 1999).

Concrete jackets have been used to force yielding away from the location of starter bar splices,
and in such cases, the need to improve the performance of the lap-splice has been avoided.

Nevertheless, it is recommended that sufficient transverse reinforcement be provided in the
concrete jacket to develop sufficient passive confinement to produce the pressures given by
equation 9-1. Alternatively, a design pressure of 2.06 MPa (300 psi) can be used for typical
columns. Flexural confinement and shear strength may be determined by methods similar to
those used for design of new reinforced concrete members.

A concrete jacket will increase the flexural strength and stiffness of a column more than a steel
jacket, composite or wire wrap, with potentially undesirable effects on bridge performance.
These increases in strength and stiffness need to be included in the analytical model that is used
to determine the effectiveness of any retrofit scheme using these jackets.

9.2.1.4. Supplemental Column Shear Walls

Infill shear walls are walls cast-in-place between the columns of a multi-column pier. They have
been used successfully to increase transverse shear capacity, as shown in figure 9-18. These
walls prevent the formation of plastic hinges in the columns during transverse loading, and will
help overcome deficiencies in the flexural or shear strength of the pier cap. For single column
piers, a buttress wall can be used on one side of the column. Strengthening in the longitudinal
direction by this means is usually difficult, due to geometric constraints, but the need can often
be avoided in relatively short bridges by relying on the abutments to carry the longitudinal
earthquake forces.

To be effective, infill shear walls should be designed to act compositely with the existing
members. This is usually done by providing a sufficient number of drilled and bonded dowels in
the columns and bottom of the pier cap, so that shear is transferred at the interfaces through a
shear friction mechanism. This may require the existing concrete surfaces to be roughened to
minimize the number of dowels required. It may also be necessary to use a forming system that
can be sealed so that concrete can be placed under pressure, in order to achieve a satisfactory
joint along the underside of the cap beam. Small vent holes, on the order of 100 mm (4 in),
through the existing cap may also be useful in this regard.

A footing, tied into the existing column footings, should be provided under the infill wall. The

design should provide sufficient reinforcement to transfer all seismic forces, and should also
consider the potential for differential settlement between the existing and new footings.
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with Drilled and Grouted Dowels

Figure 9-18. Infill shear wall in multi-column bents.

An infill wall constructed in this manner will also provide a small contribution to the
longitudinal strength of the pier, which could be beneficial.

9.2.1.5. Preservation of the Vertical Load Capacity of Columns

Not all vertical load-carrying members in a bridge require strengthening or ductility
improvement for lateral load, since these loads can be carried by adjacent members. However, it
is necessary to ensure that the vertical load capacity of all members is preserved, at the
displacements to which they will be subjected during an earthquake. Although a full retrofit of
all columns would accomplish this result, it may also require that connecting elements, such as
footings and pier caps, be strengthened as well.

To keep retrofitting costs to a minimum, some columns can be allowed to fail at splices or other
weak points, provided their vertical load capacity is maintained. One retrofitting technique that
achieves this purpose (called a ‘Type P’ retrofit), places a relatively thin layer of expansion joint
material around the existing column before grout is placed between the column and a steel jacket
(figure 9-19). The expansion joint material is flexible and will prevent flexural strengthening of
the member through either composite action with the shell or enhanced performance of the
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Figure 9-19. Steel shell retrofit for vertical capacity preservation.

confined concrete. As the column concrete fails, the resulting rubble will be retained within the
steel shell and thus continue to support vertical load. The cost of this approach is typically only
a fraction of the cost of a full column retrofit, particularly if the strengthening of footings and cap
beams can be avoided.

9.2.1.6. Limitation of Column Forces

Instead of retrofitting columns to increase their capacity, an alternative approach is to reduce the
forces to be resisted. This is a particularly useful approach when column strengthening or
ductility improvement is impractical. Two methods for doing this are discussed below. Any
method that uses a weakened section or ‘fuse’ to protect the substructure falls into this category.

9.2.1.6(a). Isolation Bearings

Isolation bearings can be used as a mechanism to limit inertial forces transmitted to the
substructure. The bearings will change the dynamic properties of the bridge and add damping
(section 8.3.2.2). The Sierra Point Overhead on US 101 near San Francisco was the first bridge
in the U.S. to be retrofitted using this approach (figure 9-20). In this skewed, multi-span, steel
beam bridge, the columns and footings were particularly weak and non-ductile. Isolation
bearings were placed at the top of each column and at the abutment seats, to modify the response
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and limit the forces that can be transferred to the columns. The result was a retrofit approach in
which the columns did not require strengthening.

It is not always necessary to use custom-designed isolation bearings to limit the forces being
transmitted to the substructure, nor is global response modification always required. Use of a
standard sliding bearing at a vulnerable location, such as on top of a particularly stiff or brittle
pier, could protect the pier from damage if the superstructure is continuous and can redistribute
lateral loads to adjacent ductile supports.

Figure 9-20. Sierra Point overhead, US 101, near San Francisco, California.

9.2.1.6(b). Flexural Strength Reduction

In certain cases, the flexural strength of a column can be reduced, in conjunction with ductility
improvement, and thereby limit the shear forces transmitted to columns. This is because the
ultimate shear demand on a column is directly proportional to the plastic moment that can be
developed. Columns retrofitted according to section 9.2.1.3 may have sufficient capacity (as a
result of a retrofit for flexure) to satisfy this shear demand. In some cases, it may not be practical
or desirable to use column jacketing over the full height of the column — for example, when a
large architectural column flare exists. Such flares are difficult to confine with a jacket, and it
may be preferable to leave them in place for their architectural effect. If inadequate capacity
exists to resist the shear demand, it may be possible to reduce the plastic moment by cutting
longitudinal reinforcement near the base of the column; this will reduce the plastic shear
demand. Because the ductility demand at the weakened section is likely to increase, it will also
usually be necessary to provide some form of ductility improvement over the affected portion of
the column. This part of the column is usually prismatic below the architectural flare and may
even be below or near ground level.

A retrofit in which the primary column reinforcement is cut, allowing the column to act as a pin

by rocking on steel bearing plates that are attached to a concrete retaining collar, is illustrated in
figure 9-21.
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Figure 9-21. Column retrofit by flexural strength reduction.
9.2.2. STEEL COLUMNS, FRAMES AND COMPRESSION MEMBERS

Although steel is a ductile material, steel substructures and steel compression members are often
vulnerable to damage during an earthquake due to inelastic buckling. Once local buckling
occurs, steel can fracture due to low cycle fatigue. This type of behavior can cause a rapid loss

in strength that will effectively limit the ductility of a steel member. Therefore, the retrofitting of
steel compression members usually focuses on preventing or delaying inelastic buckling. The
following sections describe retrofitting techniques that have been used or proposed for steel
compression members.

9.2.2.1. Braced Frames

Although more common in building design, steel braced frames have been used as piers in many
bridges. These frames rely on diagonal members subjected to both tension and compression to
carry lateral load, and vertical members to carry gravity load. Seismic retrofitting may include
strengthening of the steel members, or increasing the ductility of the frame.

The diagonal members in existing braced frames are usually not strong enough to resist
earthquake loads elastically. When these members are subjected to compression loading, they
will usually experience global or local inelastic buckling, which will reduce the overall ductility
of the frame.
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In the case of concentrically braced frames, the diagonals are usually not relied upon for
compression. Therefore, only one set of diagonals, acting in tension, is considered effective in
resisting lateral loads. Yielding of these members should be limited to prevent excessive
permanent displacements of the frame, and to prevent tension diagonals from experiencing
excessive buckling during the reverse cycle of loading. This may be done by strengthening the
diagonal bracing, through either member replacement or adding supplemental diagonal members.
An example of diagonal strengthening on a light steel structure is illustrated in figure 9-22. In
designing such a retrofit, capacity design principles should be used to assure all other members
and their connections behave elastically. The diagonal members may be designed in tension
using a force-based approach. It is suggested that an R-factor of two be used, and that ultimate
capacities be determined using the provisions of the AASHTO LRFD Specifications (AASHTO,
1998). Alternatively, a displacement-based approach using pushover analysis may be used if
member elongation is limited to a reasonable level (e.g., on the order of one percent).

In the case of chevron bracing (K-bracing), diagonal members are designed to participate in both
compression and tension. Earthquake loading will cause global or local inelastic buckling of the
compression members if they are not designed to carry the loads elastically. Because member
capacities that are sufficient to assure elastic behavior cannot generally be economically
achieved, retrofits of these types of frames often seek to limit the force levels in the diagonal
members by other means.

One example is the retrofit of the Richmond-San Rafael Bridge, a major structure spanning San
Francisco Bay. Existing chevron braces in the bridge were replaced with eccentric braces that
included a shear link (Itani, 1996). Vertical steel members were also strengthened. This retrofit
was designed to increase the ductility of the pier, while forcing all yield to occur in the specially
designed shear link. The existing pier and the proposed retrofit are shown in figure 9-23.

9.2.2.2. Built-up Compression Members

Steel bridge columns occasionally consist of members that are built-up from standard rolled
shapes and plates. These members usually do not meet the criteria for compact sections and are
prone to local inelastic buckling when plastic hinges form. Such buckling can lead to fracture of
the steel due to low cycle fatigue and a corresponding decrease in the ductility capacity of the
bent.

Steel columns of this type that can be retrofitted by the addition of steel plates are shown in the
cross-section of figure 9-24 (Holombo et al., 1994). In addition to strengthening the column,
these plates are intended to reduce local inelastic buckling of the section. Another method for
retrofitting this column is to use an elliptical grouted steel shell, similar to that used for concrete
columns, to prevent local inelastic buckling, as shown in figure 9-25.

Because many existing steel substructure members do not meet current design standards, it is
often difficult to predict how they will behave under seismic loading conditions. When this is
the case, laboratory testing involving cyclic loading should be considered to determine the
behavior of as-built columns and to validate proposed retrofit concepts.
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Figure 9-22. Retrofit of X-braced steel bent.

384




Strengthening

Double-Deck of Selected
Trusses Truss Members

Dual EBF Frames
(with Shear Links) Strengthened
Steel Tower Tower Legs

Precast Concrete

Concrete Pier Jacket
Sea Level
Sea Level Tremie-FiI!ed

Precast Pile

Cap and Added

Shear Piles Mud Line

Mud Line
rrrine Steel Casing
Existing Intermediate Towers of RSRB Proposed EBF for Intermediate Towers

Figure 9-23. Richmond-San Rafael bridge bent retrofit.
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Figure 9-24. Built-up steel columns stiffened by plates.

386




12 mm Steel Shell

Fill with j \ Existing Built-up

Concrete Steel Section

(See Fig. 9-24)

Figure 9-25. Built-up steel column retrofitted with steel shell.

In the case of single-column piers, the moment connection between the column and the footing
may also require retrofitting, particularly if the column has been strengthened. This connection
should be designed to behave elastically, based on capacity-design principles.

9.2.3. CONCRETE WALL PIERS

Concrete wall piers are very stiff and very strong in the transverse direction. In general, they
will not require retrofitting in this direction, but the designer should make sure that the
foundations are adequate for the lateral loads transmitted from the piers. These foundations
should not experience displacements that could jeopardize the stability of the structure.

In the weak (longitudinal) direction, pier walls are typically treated like conventional reinforced
concrete columns. However, even without retrofitting, walls often exhibit high ductility capacity
in this direction because the axial concrete stresses are distributed over a larger area due to the
large transverse width and low longitudinal reinforcement ratios. As a result, a force-based
design is appropriate using R-factors of four or greater, even for walls with nominal levels of
transverse reinforcement (Haroun et al., 1994; Abo-Shadi et al., 2000). Therefore, retrofitting of
pier walls is frequently unnecessary unless inadequate starter bar splices are present within the
potential plastic hinge zone. When they are present, the wall may be retrofitted by the placement
of a steel plate over the height of the plastic hinge region of the pier (Haroun et al., 1994). Bolts,
anchored by nuts and heavy steel and plate washers, are drilled through the pier at relatively
close spacing to brace the steel plate. The bolts are placed so as not to interfere with the existing
vertical reinforcing steel, as shown in figure 9-26.
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Figure 9-26. Retrofit for wall pier with starter bars.

9.3. RETROFIT MEASURES FOR CAP BEAMS AND COLUMN-TO-CAP BEAM
JOINTS

The preferred location for plastic hinging is at the ends of columns. In the past, cap beams were
designed without consideration for earthquake effects, and little if any positive moment
reinforcement was provided in the cap beam adjacent to an exterior column. Negative moment
reinforcement at this location may also be inadequate. This will lead to plastic hinging in the pier
cap, which most probably will have only limited capacity for ductility and retrofitting the beam
may be necessary. Cap beam retrofitting may also be necessary for unusual pier configurations,
such as outrigger frames, ‘C’ frames, and double-deck bridges.

Retrofitting methods used for concrete cap beams must consider both the longitudinal and
transverse response of the bridge, which is dependent on the configuration of the pier. Several
typical configurations for multi-column piers are shown in figure 9-27.

Because cap beams are usually cast integrally with reinforced concrete columns, transverse
loading will subject the cap beams to flexural and shear stresses. Column-to-cap beam joints
will also be subjected to large stresses and are vulnerable to damage during an earthquake
transverse to the bridge. Because existing cap beams and joints were not usually designed to
behave in a ductile manner, the retrofit design must ensure that these elements are either capable
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of accommodating the ductility demands placed on them, or are capable of elastically resisting
the forces that will result from plastic hinging in the columns.

The longitudinal response of a pier with bearings, as shown in figure 9-27(a), does not usually
result in significant cap beam stresses, although some torsion and weak axis bending will occur.
This is because longitudinal moments at the tops of the columns are small. A similar situation
exists in a cap beam that is integral with the superstructure when the columns are pinned at the
top, as indicated in figure 9-27(d). Therefore, retrofit designs for these cap beams will generally
be expected to resist stresses and strains resulting from transverse response only. An exception
is for the cap beam of an outrigger pier, for which the longitudinal response of the bridge can
cause significant weak-axis bending and shear in the beam.

Longitudinal response is most significant when the superstructure is integral with the pier cap
and the columns are fixed at the top, as shown in figures 9-27(b) and (c). When the columns are
located within the width of the superstructure, as in figure 9-27(b), the superstructure itself helps
to resist the moments and shears generated at the tops of the columns (Priestley, 1993).

I OO
K KN R KN
L | L 1 | |
(a) Drop (Separate) Cap (b) Integral Cap
o o
KN K KS K
L] I | I | L ]
(c) Outrigger Cap (d) Outrigger Cap
with Integral Columns with "Pinned" Columns

Figure 9-27. Typical cap beam configurations for boxgirder bridges.
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Although research has shown that the pier cap can become overstressed and heavily cracked due
to longitudinal response, a collapse mechanism is seldom formed in the cap and retrofitting will
usually not be required unless a higher level of seismic performance is desired. However, when
the pier cap is of an outrigger type, as shown in figure 9-27(c), the torsional and weak axis
bending stresses in the cap and column-to-cap joint resulting from longitudinal response will be
large. In this case, it is often necessary to strengthen the cap beam to resist these forces, as well
as those resulting from transverse loading.

When cap beams can fail, the bridge is in danger of collapse and retrofitting the cap beams is
essential. The following sections describe several methods for retrofitting concrete cap beams
and column-to-cap beam joints.

9.3.1. PIER CAP REPLACEMENT

Total or partial pier cap replacement should be considered whenever column replacement is
being contemplated.

9.3.1.1. Partial Replacement at a Joint

Because of the large amount of retrofitting required to make an outrigger cap-to-column joint
seismically resistant, it is sometimes more practical to simply replace the joint. Design criteria
are the same as for joints in new bridges. This method was widely used on knee joints in various
San Francisco viaducts after the 1989 Loma Prieta earthquake. Many of these retrofits involved
the replacement of existing columns or the construction of supergirders (see section 9.3.4) that
made joint replacement necessary. These new joints must tie into existing or strengthened pier
caps, which will require splicing into existing cap beam reinforcement. The remainder of the cap
may also require strengthening by the methods discussed in section 9.3.2 and illustrated in figure
9-28.

9.3.1.2. Total Replacement

Total cap beam replacement is rare, but was used in San Francisco after the Loma Prieta
earthquake where the decision to replace, rather than strengthen, was based on savings in time
and cost. Significant shoring will be necessary if a cap beam is replaced and the bridge kept open
to traffic.

9.3.2.  PIER CAP STRENGTHENING

The flexural strength of a cap beam is usually less than that of the columns framing into it. This
is frequently the case for positive moment in the cap beam (i.e., tension on the lower face) as a
result of a small amount of bottom reinforcement anchored in the joint region. Negative moment
capacity may also be insufficient to force plastic hinging into the columns, particularly when the
top reinforcement is prematurely terminated. Both cases are a consequence of the design
specifications used for older bridges, which were designed for full dead load but a reduced, or
no, seismic load.
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Figure 9-28. Pier cap strengthening.

There are at least two approaches to correcting these problems. One is to allow yielding to occur
in the pier cap, but to make sure that the beam is capable of meeting the ductility demands placed
upon it. This is often difficult to achieve, and will result in considerable damage to the cap beam
that may be difficult to repair. It is generally preferable to adopt a second approach, in which the
cap beam is strengthened in flexure to force plastic hinging into the columns. If necessary, the
columns can then be retrofitted using one of the methods discussed earlier in this chapter.
Capacity design principles are used to design the beam retrofit in the second approach.

In the case of a pier which uses bearings to support the superstructure (figure 9-27(a)),
retrofitting can be done by adding reinforced or prestressed concrete bolsters to the sides of the
cap beam, after roughening the interface, as shown in figure 9-29. Bolsters must act compositely
with the existing bent cap to provide sufficient flexural and shear strength to prevent yielding of
the cap. Because the column moment is transmitted into the existing cap, a sufficient number of
dowels must be provided to transfer the moment capacity of the bolster into the existing cap at
the face of the column. The number of required dowels is determined by calculating the force
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Figure 9-29. Flexural and shear retrofit of free standing multi-column bents.

required to transfer the capacity of the bolster reinforcement across the vertical face of the
existing cap by shear friction. For the bottom reinforcement, the vertical surface available for
shear transfer may be taken as the lower half of the cap beam, taken between the centerline of the
column and the midpoint between columns. Similarly, the capacity of top reinforcement in the
bolster must be transferred across the corresponding upper half of the cap beam.

Prestressing the bolsters, either alone or in conjunction with additional reinforcing, will increase
the flexural strength of a pier cap, as shown in figure 9-29. External prestressing may also be
used, provided it is protected from corrosion. In both cases, the prestressing steel should be
anchored at the end of the cap beam. It will not be necessary to transfer the capacity of the
prestressing steel across the vertical interface of the existing cap beam.

Adding conventional stirrups within the bolsters, as shown in figure 9-29, may also increase the
shear strength of the cap beam. Prestressing will also increase the shear capacity of the bolsters
themselves. Shear design of a retrofitted bent cap should follow design procedures required for
new bridges.

Prestressed bolsters were tested in the laboratory on part of a 30-year-old reinforced concrete
frame, which had been salvaged from a bridge being demolished in upstate New York (figure
9-30 and Mander et al., 1996a). This retrofit also included an enlarged column-to-cap beam joint
to improve the anchorage of existing reinforcing steel. The technique was effective in forcing
plastic hinging to occur in the columns, which provided limited ductility for the frame as a
whole. In lower seismic zones, this may be the only retrofitting that is required. Retrofitting
columns, as discussed earlier in this chapter, could further enhance frame ductility for higher
seismic zones.

The use of fiber composite materials has also been considered as a means of increasing the
flexural and shear strength of a bent cap (Priestley et al., 1996). This method is more effective if
the material can be wrapped completely around the cap (Pulido et al., 2002). Refer to ACI
440.2R-02 for guidance.
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Figure 9-30. Pier cap retrofit tested at University at Buffalo.

Enhancing the flexural capacity of cap beams that are integral with the longitudinal girders is
more difficult because of the geometric constraints presented by the existing girder stems on the
sides of the cap. Reinforced bolsters may be added to the lower face of the cap beam to increase
positive moment capacity, but it is more difficult to rectify inadequate negative moment
capacity. Removing concrete from the top of the beam and adding additional reinforcement can
increase this capacity, but this will require closure to traffic and most probably shoring of the cap
beam to prevent failure under gravity loads. External prestressing placed in grouted galvanized
ducts or conventional prestressing within bolsters placed between beam stems will generally be
the most economical means for increasing both positive and negative moment capacity, provided
elastic behavior in the cap can be assured through capacity design principles. This retrofit is
shown in figure 9-31.
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Figure 9-31. Flexural and shear retrofit of integral cap beams.
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9.3.3.  REDUCTION OF PIER CAP FORCES

It may be possible to reduce bent cap forces by using isolation bearings as force limiting devices,
in a manner similar to that described earlier for columns. However, if the force reduction is not
sufficient to prevent column yielding, it will not limit forces in the cap beam. An alternative
method to alleviate cap beam problems is to construct a ‘link beam’ below the existing pier cap,
as shown in figure 9-32.

The link beam is cast around the existing column and creates a new critical section in the column
just below the link beam. This limits shear forces in the column to the plastic shear achieved in
the portion of the column below the link beam. If the vertical distance between the link beam
and existing cap beam is sufficiently small, then the moments in the section of the column
between these two beams will also be small since they are a function of the plastic shear and the
distance between the beams. Moment equilibrium at the column-to-cap beam joints then dictates
that cap beam forces due to seismic actions are limited to relatively small values, and no further
retrofit is needed. The link beam must be designed according to capacity design principles to
ensure that plastic hinges form in the column, and not in the link beam.

Link beams can be very effective in retrofitting tall piers. Judicious choice of the position of the
link beam will result in protection for the existing cap beams, coupled with a substantial increase
in lateral strength and stiffness of the bent. The technique can also be used to advantage at
ground level, by linking columns transversely or longitudinally to alleviate footing problems.
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Figure 9-32. Horizontal link beams for pier cap force reduction.
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The resulting location for column hinge formation must be checked for adequate ductility
capacity. Shear forces in the columns will also increase due to the shorter column length below
the link beam. Column retrofit measures, as described previously in this chapter, will need to be
considered when the requirements for column ductility or the shear force demands become
excessive as a result of adding the link beams.

9.3.4.  STRENGTHENING OF COLUMN AND BEAM JOINTS

Inadequate shear strength is a common problem in column-to-cap beam joints in many older
bridges. The anchorage of reinforcement within these joints and stresses resulting from torsion
are also of concern. Techniques developed for the retrofit of several San Francisco double-deck
viaducts following the 1989 Loma Prieta earthquake may also be applied to bridge piers of the
types shown in figures 9-27(a) and 9-27(d). Generally, both vertical and horizontal shear
reinforcement is needed in the joint. The most satisfactory solution will be the complete
replacement of the joint, as described in section 9.3.1. This also enables d